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PREFACE

Ground improvement is popular in many countries to solve
difficult geotechnical problems, especially when construc-
tion necessarily occurs in problematic soils and under
difficult geotechnical conditions. Many recent developments
in equipment, materials, and design methods have made
ground improvement technologies more effective, efficient,
and economic. However, the state of practice for most ground
improvement technologies is that the practice is ahead of
theory. Some contractors have developed their proprietary
technologies, design methods, and construction techniques
for their competitive advantages. Most of the existing books
on ground improvement are focused on the concept, applica-
tion, and case study. However, few books have been devoted
to the principles and designmethods of ground improvement.
This book covers both theoretical and practical aspects in the
design and construction of a variety of ground improvement
technologies commonly used in practice. This book includes
detailed design procedures for most of the ground improve-
ment methods, which enable their easy implementation in
practice. The design examples and homework assignments
in this book will help readers better understand the principles
of each ground improvement technology and how to apply
the principles to solve real problems. This book can be
used as a textbook for upper-level undergraduate students
and graduate students and a reference book for researchers
and practicing engineers. It can also be used a guide for
contractors and installers to implement ground improvement
technologies in field.
Writing this book was part of my big dream when I left

China in 1993 to pursue my Ph.D. degree at the Geor-
gia Institute of Technology. At that time, I set three goals:
(1) to obtain a Ph.D. degree in the United States, (2) to
publish technical papers on internationally well-recognized
journals, and (3) to write a book on ground improvement in
English. The first two goals were fulfilled in the late 1990s.
The last goal has taken much longer than I expected.

I started to become interested in ground improvement in
1985 when I took the class of ground improvement at Tongji
University in China, taught by Prof. Shulin Ye, as part of
my bachelor’s degree. I became a master’s student in 1986,
studying under Prof. Ye on stone columns. After I received
my master’s degree in 1989, I became a faculty member
at Tongji University, continuing my research in ground
improvement, including stone columns, deep mixed
columns, grouting, dynamic compaction, and micropiles. I
was fortunate to get involved in writing the first Shanghai
ground improvement design code. I also coauthored a
textbook on ground improvement in Chinese with Prof.
Shulin Ye and Prof. Guanbao Ye right before I left China.
The selection of the Georgia Institute of Technology for my
Ph.D. study was also related to ground improvement because
I had read the research report Design and Construction of
Stone Columns, written by then Prof. Richard D. Barksdale
for the U.S. Federal Highway Administration. I arrived at
Georgia Tech at a great time. I was exposed to many new
and innovative subjects and ideas and learned a great deal
about the scientific aspects of geotechnical engineering. My
Ph.D. research on fiber-reinforced polymeric piles, under
the supervision of Prof. J. David Frost, provided me the
great opportunity of learning composite mechanics and
geosynthetics. This led me to my first job in the United
States at one of the leading geosynthetics manufacturers,
the Tensar Corporation. I started with a design engineer and
was promoted to a senior engineer and then manager of
technology development. I was exposed to many practical
problems related to geosynthetic-reinforced earth structures.
After several attempts at obtaining faculty positions, I joined
Widener University in 2001 and taught the first ground
improvement class there. Since transfering to the University
of Kansas, I have worked closely with my colleague,
Prof. Robert L. Parsons, and been involved in many research
projects, which were sponsored by the federal agencies,

xiii
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Kansas Department of Transportation, and the geosynthetics
and ground improvement industries.
Many people have made positive impacts on my career

in geotechnical engineering, especially in ground improve-
ment. In addition to my master’s advisor, Prof. Ye, and my
Ph.D. advisor, Prof. Frost, I have been fortunate to have op-
portunities to work with internationally recognized scholars
Dr. J.P. Giroud, Prof. Dov Leshchinsky, Dr. James Collin,
Prof. Mo Gabr, Prof. Hoe Ling and others. As part of the
major U.S. Strategic Highway Research Program (SHRP)
II R02 project team led by Prof. Vernon R. Schaefer and
Mr. Ryan Berg, I had the opportunity to work with the top
researchers and experts in ground improvement, including
Prof. James Mitchell. I have also been fortunate enough to
work with many talent and hard-working students and visit-
ing scholars through the years.
I appreciate the review comments and suggestions from

the experts in this field, including Dr. Dimiter Alexiew, Prof.

Jinchun Chai, Dr. Xin Chen, Prof. Jian Chu, Prof. Masaki
Kitazume, Prof. Dov Leshchinsky, Prof. Paul Mayne, Prof.
Shuilong Shen, Prof. Burak Tanyu, Dr. Mark Wayne, Prof.
Ming Xiao, and Mr. Kenny Yee. During the preparation of
this book, I received great help from my current and former
students, especially Yan Jiang, Shaymaa Kadhim, Deep Kha-
tri, Xiaohui Sun, FeiWang, and Zhen Zhang. I am also thank-
ful for Mr. Serge Varaksin to provide the beautiful photo
for the book cover. Many organizations and individuals have
granted me permissions to republish their figures and tables
in this book and their generous support is greatly appreciated.
Finally, I would like to acknowledge the editors at John

Wiley & Sons, Inc. for their patience and great support. My
heartfelt thanks go to my dear wife, Jing Ye, and two sons,
Terry and Shawn, for their understanding and support for me
to complete this book.
Please go to www.wiley.com/go/GroundImprovement for

instructor materials.

http://www.wiley.com/go/GroundImprovement


CHAPTER 1

Introduction

1.1 INTRODUCTION

With civilization and urbanization, there have been increased
demands for the use of land for better living and transporta-
tion. More and more houses, commercial buildings, high-rise
office buildings, highways, railways, tunnels, levees, and
earth dams have been constructed and will be continuously
built in the future. As suitable constrsuction sites with fa-
vorable geotechnical conditions become less available, the
need to utilize unsuitable or less suitable sites for construc-
tion increases. Engineers have faced increased geotechni-
cal problems and challenges, such as bearing failure, large
total and differential settlements, instability, liquefaction,
erosion, and water seepage. The options to deal with prob-
lematic geomaterials and geotechnical conditions include:
(1) avoiding the site, (2) designing superstructures accord-
ingly, (3) removing and replacing problematic geomaterials
with better and non-problematic geomaterials and (4) im-
proving geomaterial properties and geotechnical conditions
(Hausmann, 1990). It becomes increasingly necessary to im-
prove geomaterials and geotechnical conditions for many
projects.

Ground improvement has become an important part of
geotechnical practice. Different terminologies have been
used in the literature for ground improvement, such as
soil improvement, soil stabilization, ground treatment, and
ground modification. The term “ground improvement” has
been most commonly used in the literature and practice and
therefore adopted for this book.

1.2 PROBLEMATIC GEOMATERIALS
AND CONDITIONS

1.2.1 Problematic Geomaterials

Geomaterials include all the materials used for geotechnical
applications, which consist of natural geomaterials, processed

or manufactured geomaterials, and improved geomaterials.
Natural geomaterials are mainly soil and rock. O’Neill and
Reese (1999) proposed a terminology of intermediate geo-
material, which has properties and behavior between soil and
rock. Cohesive intermediate geomaterial has an unconfined
compressive strength from 0.5 to 5.0 MPa, while a cohesion-
less intermediate geomaterial has the number of blow counts
of a standard penetration test (SPT) between 50 and 100.
Most rocks and intermediate geomaterials are strong and stiff
and therefore suitable for geotechnical applications. How-
ever, natural soils, especially soft clay and silt, loose sand,
expansive soil, collapsible soil, and frozen soil can be prob-
lematic to geotechnical applications.

Processed or manufactured geomaterials are produced
from other materials. For example, crushed stone aggregates
are produced from rock. Recycled asphalt pavement (RAP)
aggregates are produced from aged asphalt pavements.
Lightweight aggregates are produced by heating raw shale,
clay or slate in a rotary kiln at high temperatures, causing the
material to expand, and then cooling, crushing, and screen-
ing it for different applications. Processed or manufactured
geomaterials are mainly used for fill materials, which have
a wide variety, ranging from granular fill, lightweight fill,
uncontrolled fill, recycled material, fly ash, solid waste,
and bio-based byproducts to dredged material. Due to the
large variations of fill materials, some of them can be used
to improve soil properties (e.g., granular fill and fly ash),
but others can be problematic to geotechnical applications
(e.g., uncontrolled fill and sludge). Uncontrolled fill or
uncompacted fill is mostly loose and underconsolidated;
therefore, it settles under its own weight.

Improved geomaterials are the geomaterials treated hy-
draulically, mechanically, chemically, and biologically. For
example, fibers can be mechanically mixed with sand or clay
to form fiber-reinforced soil. Lime or cement can be added
into soil to form lime or cement-stabilized soil. Denitrifying
bacteria can be introduced into soil to generate tiny, inert ni-
trogen gas bubbles to reduce the degree of saturation of sand
(He et al., 2013). As a result, the liquefaction potential of
the sand is minimized. Improved geomaterials are often the
end products of ground improvement; therefore, they are not
problematic to geotechnical applications.

Table 1.1 lists problematic geomaterials and their potential
problems. Some natural geomaterials and fill are the targets
of ground improvement. When natural geomaterials are dis-
cussed in this book, soil and rock are often referred because
these terms are commonly used in practice.

1.2.2 Problematic Conditions

In addition to problematic geomaterials, geotechnical prob-
lems may occur due to problematic conditions induced nat-
urally and/or by human activities. Natural conditions in-
clude geologic, hydraulic, and climatic conditions, such

1



2 1 INTRODUCTION

Table 1.1 Problematic Geomaterials and Potential Problems

Type of Geomaterial Name Potential Problems

Natural Soft clay Low strength, high compressibility, large creep deformation, low permeability
Silt Low strength, high compressibility, high liquefaction potential, low

permeability, high erodibility
Organic soil High compressibility, large creep deformation
Loose sand Low strength, high compressibility, high liquefaction potential, high

permeability, high erodibility
Expansive soil Large volume change
Loess Large volume change, high collapsible potential

Fill Uncontrolled fill Low strength, high compressibility, nonuniformity, high collapsible potential
Dredged material High water content, low strength, high compressibility
Reclaimed fill High water content, low strength, high compressibility
Recycled material Nonuniformity, high variability of properties
Solid waste Low strength, high compressibility, nonuniformity, and high degradation

potential
Bio-based by-product Low strength, high compressibility, and high degradation potential

as earthquakes, cavities and sinkholes, floods, wind, and
freeze−thaw cycles. Geotechnical conditions are part of ge-
ologic conditions, which exist close to the ground surface
and are more related to construction and human activities.
Examples of problematic geotechnical conditions are exis-
tence of problematic geomaterials, a high groundwater table,
inclined bedrock, and steep natural slopes. Human activities,
mainly the construction of superstructures, substructures, and
earth structures, can change geotechnical conditions, which
may cause problems for projects, for example, excavation,
tunneling, pile driving, rapid drawdown of surface water,
elevation of surface water by levees and dams, and ground-
water withdrawal. Human activities can also change other
conditions, such as the application of static, dynamic, and
impact loads.

1.3 GEOTECHNICAL PROBLEMS AND FAILURES

Common geotechnical problems include bearing failure,
large total and differential settlements, hydrocompression,
ground heave, instability, liquefaction, erosion, and water
seepage. The theoretical bases and reasons for these
geotechnical problems are provided in Table 1.2.

Failures can happen if geotechnical problems are not prop-
erly addressed and become excessive, which typically results
in significant financial loss, sometimes even cause loss of life.

1.4 GROUND IMPROVEMENT METHODS
AND CLASSIFICATION

1.4.1 Historical Developments

Ground improvement methods have been used since ancient
times. For example, about 6000 years ago (in the Neolithic

Age), the Banpo people in China used rammed columns to
support wooden posts in the ground (Chen et al., 1995).
Soil compaction methods using rammers have also been em-
ployed since the Neolithic Age. Different types of rammers
were used, from stone rammers (in the Neolithic Age) to iron
rammers (about 1000 years ago). One type of rammer was
operated by 8−12 people, each pulling a rope connected to
the rammer to raise it and then letting it fall freely to pound
the ground (Chen et al., 1995). About 3500 years ago, reeds
in the form of bound cables (approximately 100 mm in di-
ameter) were used in Iraq as horizontal drains for dissipation
of pore water pressure in soil mass in high earth structures
(Mittal, 2012). About 2000 years ago, The Romans used lime
for roadway construction. More than 1000 years ago in the
Han dynasty, Chinese people built earth retaining walls us-
ing local sand and weeds for border security and paths to the
Western world. About 500 years ago (in the Ming dynasty of
China), lime was mixed with clayey soil in proportion (typ-
ically 3:7 or 4:6 in volume) to form compacted lime−soil
foundations for load support (Chen et al., 1995).

Modern ground improvement methods were developed
since the 1920s. For example, the use of vertical sand drains
to accelerate consolidation of soft soil was first proposed in
1925 and then patented in 1926 by Daniel D. Moran in the
United States. Cotton fabric was used as reinforcement by
South Carolina Highway Department in the United States for
roadway construction in 1926. The vibro-flotation method
was developed in Germany to densify loose cohesionless soil
in 1937. The first type of prefabricated vertical drains was
developed by Walter Kjellman in Sweden in 1947. Fernando
Lizzi developed and patented the root pile method to under-
pin existing foundations in Italy in 1952. In the 1960s, there
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Table 1.2 Geotechnical Problems and Possible Causes

Problem Theoretical Basis Possible Causes

Bearing failure Applied pressure is higher than ultimate
bearing capacity of soil

High applied pressure
Inclined load
Small loading area
Low-strength soil

Large total and differential
settlements

Hooke’s law and particle re-arrangement High applied pressure
Large loading area
Highly compressible soil
Nonuniform soil
Large creep deformation

Hydrocompression High applied pressure is higher than
threshold collapse stress

High applied pressure
Collapsible soil
Water

Ground heave Swelling pressure is higher than applied
pressure

Water
Expansive soil
Frozen soil
Low temperature

Instability (sliding,
overturning, and slope
failure)

Shear stress is higher than shear strength;
driving force is higher than resisting
force; driving moment is higher than
resisting moment

High earth structure
Steep slope
High water pressure
Soft foundation soil
High surcharge
High loading rate

Liquefaction Effective stress becomes zero due to
increase of excess pore water pressure

Earthquake
Loose silt and sand
High groundwater table

Erosion Shear stress induced by water is higher
than maximum allowable shear
strength of soil

Running water
High speed of water flow
Highly erodible soil (silt and sand)

Seepage Dacy’s law High water head
Permeable soil

were several developments of ground improvement methods,
including the steel reinforcement for retaining walls by Henri
Vidal in France, dynamic compaction by Louis Menard in
France, deep mixing in Japan and Sweden, and jet grouting
in Japan. In 1986, J. P. Giroud acclaimed the development
from geotextiles to geosynthetics is a revolution in geotech-
nical engineering (Giroud, 1986).

1.4.2 Classification

Many ground improvement methods have been used in
practice. The research team for the U.S. Strategic Highway
Research Program (SHRP) II R02 project Geotechnical
Solutions for Soil Improvement, Rapid Embankment
Construction, and Stabilization of the Pavement Working
Platform identified 46 ground improvement methods, as
provided in Table 1.3 (Schaefer and Berg, 2012).

Different authors or organizations have classified ground
improvement methods (Table 1.4) based on different criteria,

including Mitchell (1981) in his state-of-the-art report for
soil improvement, Hausmann (1990), Ye et al. (1994), the
International Society of Soil Mechanics and Geotechnical
Engineering (ISSMGE) TC17 committee (Chu et al., 2009),
and the SHRP II R02 team led by Schaefer and Berg (2012).
Clearly, each method of classification has its reasoning and
advantages but also has its limitations. This situation re-
sults from the fact that several ground improvement meth-
ods can fit in one or more categories. For example, stone
columns can serve the functions of densification, replace-
ment, drainage, and reinforcement; however, the key func-
tion of stone columns for most applications is replacement.
In this book, the method of classification proposed by Ye
et al. (1994) is adopted with some minor modifications. In
addition, the ground improvement methods can be grouped
in terms of shallow and deep improvement in some categories
or cut-and-fill improvement in other categories. In this book,
shallow improvement is considered as having an improve-
ment depth equal or less than 3 m, while deep improvement
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Table 1.3 Ground Improvement Methods for Transportation Infrastructure

Aggregate columns Fiber reinforcement in pavement systems Micropiles
Beneficial reuse of waste materials Geocell confinement in pavement systems Onsite use of recycled

pavement materials
Bio-treatment for subgrade Geosynthetic reinforced construction

platforms
Partial encapsulation

Blasting densification Geosynthetic reinforced embankments Prefabricated vertical drains
(PVDs) and fill preloading

Bulk-infill grouting Geosynthetic reinforcement in pavement
systems

Rapid impact compaction

Chemical grouting/injection
systems

Geosynthetic separation in pavement
systems

Reinforced soil slopes

Chemical stabilization of subgrades
and bases

Geosynthetics in pavement drainage Sand compaction piles

Column-supported embankments Geotextile encased columns Screw-in soil nailing
Combined soil stabilization with

vertical columns
High-energy impact rollers Shoot-in soil nailing

Compaction grouting Hydraulic fill + vacuum consolidation +
geocomposite drains

Shored mechanically
stabilized earth wall system

Continuous flight auger piles Injected lightweight foam fill Traditional compaction
Deep dynamic compaction Intelligent compaction/roller integrated

compaction monitoring
Vacuum preloading with and

without PVDs
Deep mixing methods Jet grouting Vibro-compaction
Drilled/grouted and hollow bar

soil nailing
Lightweight fill, expanded polystyrene

(EPS) geofoam, low-density cementitious
fill

Vibro-concrete columns

Electro-osmosis Mechanical stabilization of subgrades and
bases

Excavation and replacement Mechanically stabilized earth wall systems

Source: Schaefer and Berg (2012).

Table 1.4 Classification of Ground Improvement Methods

Reference Criterion Categories

Mitchell (1981) Construction/function 1. In situ deep compaction of cohesionless soils
2. Precompression
3. Injection and grouting
4. Admixtures
5. Thermal
6. Reinforcement

Hausmann (1990) Process 1. Mechanical modification
2. Hydraulic modification
3. Physical and chemical modification
4. Modification by inclusions and confinement

(continued)
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Table 1.4 (Continued)

Reference Criterion Categories

Ye et al. (1994) Function 1. Replacement
2. Deep densification
3. Drainage and consolidation
4. Reinforcement
5. Thermal treatment
6. Chemical stabilization

ISSMGE TC17
(Chu et al., 2009)

Soil type and inclusion 1. Ground improvement without admixtures in noncohesive
soils or fill materials

2. Ground improvement without admixtures in cohesive soils
3. Ground improvement with admixtures or inclusions
4. Ground improvement with grouting type admixtures
5. Earth reinforcement

Schaefer and Berg (2012) Application 1. Earthwork construction
2. Densification of cohesionless soils
3. Embankments over soft soils
4. Cutoff walls
5. Increased pavement performance
6. Sustainability
7. Soft ground drainage and consolidation
8. Construction of vertical support elements
9. Lateral earth support

10. Liquefaction mitigation
11. Void filling

This book Function 1. Densification
2. Replacement
3. Drainage and consolidation
4. Chemical stabilization
5. Reinforcement
6. Thermal and biological treatment

has an improvement depth greater than 3 m. The fill rein-
forcement includes the methods using metallic or geosyn-
thetic reinforcement for fill construction, while the in situ
ground reinforcement includes the methods using ground an-
chors or soil nails for cut construction.

1.4.3 General Description, Function, and Application

Table 1.5 provides the general descriptions, benefits, and
applications of most ground improvement methods to be
discussed in this book.

1.5 SELECTION OF GROUND
IMPROVEMENT METHOD

1.5.1 Necessity of Ground Improvement

When superstructures are to be built on ground, there are
five foundation options (Figure 1.1): (a) bearing on natural

ground, (b) bearing on replaced ground, (c) bearing on com-
pacted/consolidated ground, and (d) bearing on composite
ground, and (e) bearing on piles to deeper stratum. Options
(b), (c), and (d) involve ground improvement methods. The
final selection often depends on geotechnical condition,
loading condition, performance requirement, and cost.
Option (a) is preferred and also more economic when the
load on the foundation is low and competent geomaterial
exists near the ground surface. Option (e) is more suitable
for high foundation loads on problematic geomaterials
with high-performance requirements, which is often most
expensive. Options (b), (c), and (d) are more suitable for
intermediate conditions and requirements between option
(a) and option (e).

There are also four options for earth retaining struc-
tures as shown in Figure 1.2: (a) unreinforced cut-and-fill
slopes, (b) unreinforced cut-and-fill earth walls, (c) rein-
forced cut-and-fill slopes, and (d) reinforced cut-and-fill
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Table 1.5 General Descriptions, Functions, and Applications of Ground Improvement Methods
C

at
eg

or
y

Su
bc

at
eg

or
y

Method and Level of General
Establishmenta Description Benefit Application

Traditional
compaction

Level = 5

Apply static or vibratory load on
ground surface in a certain
number of passes to densify
problematic geomaterial

Increase density, strength, and
stiffness; reduce deformation,
permeability, collapsible
potential, and ground heave

Suitable for a wide range of fills
to a lift thickness of 0.3 m;
used to compact fill

D
en

si
fic

at
io

n

Sh
al

lo
w

co
m

pa
ct

io
n

High-energy impact
roller
compaction

Level = 2

Apply a lifting and falling
motion by a roller with
high-energy impact on ground
surface to densify or crush
problematic geomaterial

Increase density, strength, and
stiffness; reduce deformation,
permeability, collapsible
potential, and ground heave;
crush rock and concrete into
rubble

Suitable for a wide range of
geomaterials to a depth of 2 m;
used to improve subgrade and
foundation soil and
compact fill

Rapid impact
compaction

Level = 2

Use an excavator to drop a
weight repeatedly on ground
surface to densify problematic
geomaterial

Increase density, strength, and
stiffness; reduce deformation,
permeability, collapsible
potential, and ground heave

Suitable for granular
geomaterials up to 6 m deep;
used to improve subgrade and
foundation soil and
compact fill

Intelligent
compaction

Level = 2

Apply and adjust compaction
energy based on on-board
display from measurements in
real time to densify
problematic geomaterial

Increase density, strength and
stiffness; reduce deformation,
permeability, collapsible
potential, and ground heave,
identify areas of poor
compaction, and maximize
productivity

Suitable for granular
geomaterials; used to improve
subgrade and foundation soil
and compact fill

D
ee

p
co

m
pa

ct
io

n

Dynamic
compaction

Level = 5

Drop a heavy weight from a high
distance to apply high energy
on ground surface, causing
liquefaction of saturated
problematic geomaterial and
densification of unsaturated
problematic geomaterial

Increase density, strength and
stiffness; reduce deformation,
liquefaction, collapsible
potential to a greater depth

Suitable for granular
geomaterials, collapsible soil,
and waste material with less
than 15% fines to a depth of
10 m; used to improve
foundations

Vibro compaction
Level = 5

Apply a vibratory force and/or
water by a probe on
surrounding problematic
geomaterial, causing
liquefaction and densification

Increase density, strength, and
stiffness; reduce deformation,
liquefaction, and collapsible
potential to a greater depth

Suitable for clean sands with less
than 15% silt or less than 2%
clay to a typical depth of
5−15 m; used to improve
foundations

R
ep

la
ce

m
en

t

Sh
al

lo
w

re
pl

ac
em

en
t Overexcavation and

replacement
Level = 5

Remove problematic geomaterial
and replace with good-quality
geomaterial

Increase strength and stiffness;
reduce deformation,
liquefaction, collapsible, and
ground heave potential

Suitable and economic for a
wide range of geomaterials
with limited area and limited
depth (typically to 3 m deep
and above groundwater table)

(continued)



SELECTION OF GROUND IMPROVEMENT METHOD 7

Table 1.5 (Continued)

C
at
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y
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Method and Level of General
Establishmenta Description Benefit Application

R
ep
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t

D
ee

p
re
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ac

em
en

t

Sand compaction
columns

Level = 5*

Displace problematic
geomaterial by driving a
casing into the ground and
backfill the hole with sand
(densified by vibration during
casing withdrawal)

Increase bearing capacity and
stability; reduce settlement
and liquefaction potential;
accelerate consolidation

Suitable for a wide range of
geomaterials to a typical depth
of 5−15 m; used to improve
foundations

Stone columns
Level = 5*

Jet water or air to remove or
displace problematic
geomaterial by a probe and
backfill the hole with stone to
form a densified column by
vibration

Increase bearing capacity and
stability; reduce settlement
and liquefaction potential;
accelerate consolidation

Suitable for a wide range of
geomaterials (undrained shear
strength >15 kPa) to a typical
depth of 5−10 m (up to 30 m);
used to improve foundations

Rammed aggregate
columns

Level = 4

Predrill a backfilled with
aggregate, densified by
ramming

Increase bearing capacity and
stability; reduce settlement
and liquefaction potential;
accelerate consolidation

Suitable for a wide range of
geomaterials to a typical depth
of 5−10 m with a deep
groundwater level; used to
improve foundations

Vibro-concrete
columns

Level = 3

Drive a vibrating probe to the
ground to displace
problematic geomaterial,
replaced with concrete

Increase bearing capacity and
stability; reduce settlement

Suitable and economic for very
soft soil to a typical depth of
5−10 m; used to improve
foundations

Geosynthetic-
encased columns

Level = 2*

Drive a steel casing to the ground
to displace problematic
geomaterial, replaced with a
geosynthetic casing and fill

Increase bearing capacity and
stability; reduce settlement;
accelerate consolidation

Suitable and economic for very
soft soil (undrained shear
strength <15 kPa) to a typical
depth of 5−10 m; used to
improve foundations

D
ra

in
ag

e,
de

w
at

er
in

g,
an

d
co

ns
ol

id
at

io
n

D
ra

in
ag

e

Fill drains
Level = 5*

Place a layer of permeable fill
inside a roadway or earth
structure

Reduce water pressure and
collapsible and ground heave
potential; accelerate
consolidation; increase
strength, stiffness, stability

Suitable for low permeability
geomaterial; used for roads,
retaining walls, slopes, and
landfills

Drainage
geosynthetics

Level = 4

Place a layer of nonwoven
geotextile or geocomposite in
ground or inside a roadway or
earth structure

Reduce water pressure and
collapsible and ground heave
potential; accelerate
consolidation; increase
strength, stiffness, stability

Suitable for low permeability
geomaterial; used for roads,
retaining walls, slopes, and
landfills

Open pumping
Level = 5

Use sumps, trenches, and pumps
to remove a small amount of
water inflow in open
excavation

Remove water to ease
construction

Suitable for a small area,
relatively impermeable soil,
and lowering of the
groundwater table by a limited
depth in open excavation

(continued)
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Table 1.5 (Continued)
C

at
eg

or
y

Su
bc

at
eg

or
y

Method and Level of General
Establishmenta Description Benefit Application

D
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in
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e,
de

w
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g,
an

d
co
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id
at

io
n

D
ew

at
er

in
g

Well system
Level = 4

Use well points and/or deep
wells to remove a large
amount of water inflow in
open excavation

Remove water to ease
construction and increase
stability of excavation

Suitable for a large area,
relatively permeable soil, and
lowering of the groundwater
table by a large depth for
excavation

Electro osmosis
method

Level = 2

Create electric gradients in soil
by installing anode and
cathode to induce water flow
and collect and discharge the
water by a cathode well point

Remove water to ease
construction

Suitable for relatively
impermeable silt or
clayey soil

C
on

so
lid

at
io

n

Fill preloading
Level = 5

Apply temporary surcharge on
ground surface for a duration
and then remove the surcharge
for construction

Increase soil strength; reduce
settlement

Suitable for saturated inorganic
clay and silt; used to reduce
settlement for foundation soil

Vacuum
preloading

Level = 3

Apply vacuum pressure on
ground surface and/or through
drains into the ground for a
desired duration and then
remove the pressure for
construction

Increase soil strength; reduce
settlement

Suitable for saturated inorganic
clay and silt; used to reduce
settlement for foundation soil

C
he

m
ic

al
st

ab
ili

za
ti

on Sh
al

lo
w

st
ab

ili
za

ti
on Chemical

stabilization of
subgrade
and base

Level = 5

Mix lime, cement, and/or fly ash
with subgrade and base course
in field and then compact the
mixture; have chemical
reaction with soil particles to
form a cementitious matrix

Increase strength and stiffness;
reduce ground heave potential

Suitable for unsaturated clay and
silt; mainly used for roadway
construction with a typical lift
thickness of 0.3 m or less

D
ee

p
st

ab
ili

za
ti

on

Grouting
Level = 3

Inject grout into ground to fill
voids, densify soil, and have
chemical reaction with soil
particles to form a hardened
mass

Increase strength and stiffness;
reduce permeability,
liquefaction, and ground
heave potential

Different grout suitable for
different geomaterial; mainly
used for remedying measures
or protective projects

Jet grouting
Level = 4

Inject high-pressure
cement-based fluid into
ground to cut and then mix
with geomaterial to form a
hardened column by chemical
reaction with soil particles

Increase strength, stiffness, and
stability; reduce permeability,
liquefaction, and ground
heave potential

Suitable for a wide range of
geomaterials; mainly used for
remedying measures and
protective projects to a typical
depth of 30 m or less

Deep mixing
Level = 4*

Mix cement or lime from surface
to depth with geomaterial by
mechanical blade to have
chemical reaction with soil
particles after mixed to form a
cementitious matrix

Increase strength, stiffness, and
stability; reduce permeability,
liquefaction, and ground
heave potential

Suitable for a wide range of
geomaterials; mainly used for
foundation support, earth
retaining during excavation,
containment, and liquefaction
mitigation

(continued)
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Table 1.5 (Continued)

C
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y
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Method and Level of General
Establishmenta Description Benefit Application

R
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t

F
ill

re
in

fo
rc

em
en

t

Geosynthetic-
reinforced slopes

Level = 5

Place geosynthetics in slope at
different elevations during fill
placement to provide tensile
resistance

Increase stability Suitable for low plasticity fill;
mainly used for slope stability

Geosynthetic-
reinforced
embankments

Level = 5

Place high-strength geosynthetic
at base of embankment to
provide tensile resistance

Increase bearing capacity and
stability

Suitable for embankments over
soft foundation; mainly used
for enhancing embankment
stability

Geosynthetic-
reinforced
column-
supported
embankments

Level = 3

Place geosynthetic reinforcement
over columns at base of
embankment to support
embankment load between
columns

Reduce total and differential
settlements; accelerate
construction; increase stability

Suitable for embankments over
soft foundation with strict
settlement requirement and
time constraint

Mechanically
stabilized earth
walls

Level = 5

Place geosynthetic or metallic
reinforcements in wall at
different elevations during fill
placement to provide tensile
resistance

Increase stability Suitable for low plasticity
free-draining fill

Geosynthetic-
reinforced
foundations

Level = 3*

Place geosynthetic
reinforcements within fill
under a footing to provide load
support

Increase bearing capacity and
reduce settlement

Suitable and economic for
granular fill over soft soil with
limited area and depth

Geosynthetic-
reinforced roads

Level = 4

Place geosynthetic reinforcement
on top of subgrade or within
base course to provide lateral
constraint

Increase bearing capacity and
roadway life; reduce
deformation and base
thickness requirement

Suitable for granular bases over
soft subgrade

In
-s

it
u

gr
ou

nd
re

in
fo

rc
em

en
t

Ground anchors
Level = 4*

Insert steel tendons with grout at
end in existing ground to
provide tensile resistance and
prevent ground movement

Increase stability and resistance
to uplift force

Suitable for granular soil or rock;
used for temporary and
permanent slopes and walls
during excavation and
substructures subjected to
uplift force

Soil nails
Level = 4

Insert a steel bar with grout
throughout the whole nail in
existing ground to provide
tensile resistance and prevent
ground movement

Increase stability Suitable for low plasticity stiff to
hard clay, dense granular soil,
and rock; used for temporary
and permanent slopes and
walls during excavation

Micropiles
Level = 4

Insert a steel reinforcing bar in a
bored hole, grout in place to
form a small diameter pile
(<0.3 m) and provide vertical
and lateral load capacities

Increase stability; protect
existing, structures during
ground movement

Suitable for a variety of
geomaterials; used for slopes,
walls, and unpinning of
existing foundations

(continued)
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Table 1.5 (Continued)
C
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y
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Method and Level of General
Establishmenta Description Benefit Application

T
he
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d
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ol

og
ic

al
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ea
tm

en
t

Ground freezing
Level = 2

Remove heat from ground to
reduce soil temperature below
freezing point and turn
geomaterial into solid

Increase strength; reduce water
flow and ground movement

Suitable for saturated clay and
sand; used for temporary
protection during excavation

Biological treating
Level = 1

Utilize vegetation and roots to
increase shear strength of soil
or change soil properties by
biomediated geochemical
process, including mineral
precipitation, gas generation,
biofilm formation, and
biopolymer generation

Increase strength and stiffness;
reduce erodibility and
liquefaction potential

Suitable for cohensive and
cohesionless geomaterials;
requires more research and
field trial before it is adopted
in practice

aLevel of technology establishment: rating scale 1 = not established, 3 = averagely established, and 5 = well established (most of the
ratings are based on the recommendations by the SHRP II R02 team; however, some ratings with an asterisk * are adjusted or added from
the international perspective and the author’s judgment).

earth walls. Among these options, cut and fill are two
different situations. Option (a) is often adopted when
there is open land. It is also least expensive and easy for
vegetation. Options (b) and (d) are often adopted when
there is limited space. Option (b) using slurry walls, gravity
walls, or cantilever walls is often most expensive among
all the options but gains large useful land. Reinforced
earth walls are typically less expensive than slurry walls,
gravity walls, and cantilever walls. Option (c) is between
option (a) and options (b) and (d) in terms of land re-
quirement/utilization and cost. Option (c) has flexibility of
different slope angles and may still establish vegetation.
Ground improvement methods can be used for options (b),
(c), and (d).

For roadway construction, options for subgrade and base
course (or ballast) can be: (1) natural subgrade and granular
base, (2) lime/cement-stabilized subgrade and base, and
(3) geosynthetic-reinforced subgrade and base.

For all applications, unimproved conditions should be
evaluated against performance criteria first. If unimproved
conditions satisfy the performance criteria, no ground
improvement is needed; otherwise, ground improvement is
required.

1.5.2 Factors for Selecting Ground
Improvement Method

Selection of ground improvement method should consider
the following conditions: (1) structural conditions,

Figure 1.1 Options for foundations (modified from Mitchell and Jardine, 2002).
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Figure 1.2 Options for earth retaining structures.

(2) geotechnical conditions, (3) environmental constraints,
(4) construction conditions, and (5) reliability and durability.

Structural Conditions The structural conditions may in-
clude type, shape, and dimension of structure and footing,
flexibility and ductility of structural and footing elements,
type, magnitude, and distribution of loads, and performance
requirements (e.g., total and differential settlements, lateral
movement, and minimum factor of safety).

Geotechnical Conditions The geotechnical conditions
may include geographic landscape, geologic formations,
type, location, and thickness of problematic geomaterial,

possible end-bearing stratum, age, composition, distribu-
tion of fill, and groundwater table. Soil type and particle
size distribution are essential for preliminary selection
of ground improvement methods as shown in Figure 1.3.
This guideline is suitable for ground improvement methods
for foundation support. The thickness and location of
problematic geomaterial are also important for the selection
of ground improvement methods. For example, when a thin
problematic geomaterial layer exists at a shallow depth, the
over excavation and replacement method is one of the most
suitable and economic method. When a relatively thick loose
cohesionless geomaterial layer exists near ground surface,
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Figure 1.3 Available ground improvement methods for different soil types (modified from
Schaefer et al., 2012).
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dynamic compaction and vibro-compaction methods are
suitable ground improvement methods. When a relatively
thick soft cohesive geomaterial layer exists near ground
surface, preloading and deep mixing methods may be used.
When a site needs to be excavated, tieback anchors, soil nails,
deep mixed columns, and jet-grouted columns may be used.
When a site needs to be elevated, geosynthetic-reinforced
slopes and walls can be good choices. The level of groundwa-
ter table often affects the selection of ground improvement
methods. For example, when deep excavation happens in
ground with a high groundwater table, deep mixed column
walls may be better than soil nailed walls because they not
only can retain the geomaterial but also can cut off water flow.

Environmental Constraints The environmental constraints
may include limited vibration, noise, traffic, water pollution,
deformation to existing structures, spoil, and headspace. For
example, dynamic compaction induces vibration and noise,
which may not be suitable in a residential area. The wet
method to construct stone columns by water jetting produces
spoil on site, which may be troublesome for a site with limited
space. Under such a condition, the dry method may be used
instead. Preloading induces settlements at nearby areas,
which may be detrimental to existing structures.

Construction Conditions The selection of a ground im-
provement method should consider the following construc-
tion conditions: (1) site condition, (2) allowed construction
time, (3) availability of construction material, (4) availability
of construction equipment and qualified contractor, and (5)
construction cost.

The selection of a ground improvement method must con-
sider whether the site is accessible to its associated construc-
tion equipment, such as access road and headspace.

Construction time is one of the most important factors for
the selection of a ground improvement method. For example,
preloading is a cost-effective ground improvement method to
improve soft soil; however, it takes time for the soil to consol-
idate. The use of prefabricated vertical drains can accelerate
the rate of consolidation, but sometimes it still may not meet
time requirement. As a result, other accelerated ground im-
provement methods may be used, such as deep mixing and
vibro-concrete column methods.

Most ground improvement methods use specific materi-
als during construction. For example, stone columns and
rammed aggregate columns use aggregate. Cement is used
for deep mixing and grouting. When natural material is used,
such as aggregate or sand, the cost of the material depends
on the source of the material and its associated transporta-
tion distance. For example, in a mountain area, aggregate is
often less expensive; therefore, stone columns or aggregate
columns are often a cost-effective solution. In general, the

use of locally available material results in more cost-effective
ground improvement.

To select a ground improvement method, engineers should
gather information about possible qualified contractors and
their available construction equipment. It is preferable to use
a locally available qualified contractor because this will re-
duce the mobilization cost and the contractor is more familiar
with local conditions.

Construction cost is always one of the key factors that dom-
inate the selection of a ground improvement method. The
construction cost should include mobilization, installation,
material, and possible disposal costs.

Reliability and Durability Reliability of a ground im-
provement method depends on several factors, such as
the level of establishment, variability of geotechnical and
structural conditions, variability of construction material,
quality of the contractor, quality of installation, and quality
control and assurance. Several researchers have reported that
samples from deep mixed columns have a high variability in
terms of their unconfined compressive strengths. Automatic
or computer-controlled installation processes can reduce
the variability of improved geomaterials. The number of
well-documented successful or failure case histories is
also the evidence of the reliability of a specific ground
improvement method.

Ground improvement methods are used for temporary and
permanent structures. For permanent structures, the durabil-
ity of the construction material should be evaluated or con-
sidered in the design. For example, geosynthetics have creep
behavior. The corrosion of steel reinforcement with time re-
duces its thickness. The strength of cement-stabilized soil in
seawater degrades with time (Ikegami et al., 2002).

1.5.3 Selection Procedure

Figure 1.4 presents the flowchart for the selection of a ground
improvement method. For a large and important project, use
of a new technology, and/or improvement of a complicated
geotechnical site, it is recommended to have a field trial on a
representative area on the site so that the design parameters
can be verified or adjusted to achieve better performance.

The online interactive technology selection system devel-
oped by the SHRP II R02 team at http://www.geotechtools
.org/ can be used to assist the selection of ground improve-
ment methods.

1.6 DESIGN CONSIDERATIONS

A design for a ground improvement method typically
requires the inputs on geometry of structures, geotechnical
conditions, loading conditions, material characteristics,
and performance criteria. Typical design parameters and

http://www.geotechtools.org
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Figure 1.4 Flowchart for selection of ground improvement
method.

maximum limits should be considered during design, such
as diameter, spacing, and depth of columns, drop energy and
improvement depth of compaction, and geosynthetic spac-
ing. Trial-and-error methods may be used for some design
procedures. The final design should meet the performance
criteria. The outputs of a design typically include the size of

improvement zone, plan layout, cross section, amount and
properties of materials, and sometimes construction rate and
sequence.

In this book, allowable strength design (ASD) is adopted
instead of reliability-based design, considering the fact that
design methods for most ground improvement methods have
not been calibrated using the reliability-based approach due
to limited test data. In other words, factors of safety instead
of load and resistance factors or partial factors are used in
this book.

1.7 CONSTRUCTION

Construction is one of the most important components of
ground improvement. No matter how correct the concept is
and how good the design is, the design of a ground improve-
ment method must be implemented correctly in the field to
reach its maximum performance extents. Chu et al. (2009)
provide an overview of construction processes used in
geotechnical engineering, including ground improvement
methods. Construction should be delivered based on plans
and specifications.

There are five types of specifications for transportation
construction suggested by the American Association of State
Highway and Transportation Officials (AASHTO) Highway
Subcommittee on Construction Quality Construction Task
Force in 2003 and are listed in Table 1.6. The method speci-
fications have been mostly adopted for ground improvement
methods. However, the method specifications with perfor-
mance criteria have been increasingly used.

Table 1.6 Types of Construction Specifications

Type Description

Method specifications Specifications that require the contractor to produce and place a product using
specified materials in definite proportions and specific types of equipment and
methods under the direction of the agency.

End-result specifications Specifications that require the contractor to take the entire responsibility for
producing and placing a product. The agency’s responsibility is to either accept
or reject the final product or to apply a price adjustment commensurate with the
degree of compliance with the specifications.

Quality assurance specifications Specifications that require contractor quality control and agency acceptance
activities throughout production and placement of a product. Final acceptance of
the product is usually based on a statistical sampling of the measured quality
level for key quality characteristics.

Performance-related specifications Specifications that use quantified quality characteristics and life cycle cost (LCC)
relationships that are correlated to product performance.

Performance-based specifications Specifications that describe the desired levels of fundamental engineering properties
that are predictors of performance and appear in primary prediction relationships.

Source: AASHTO (2003).
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1.8 QUALITY CONTROL AND ASSURANCE

Both quality control and quality assurance ensure the quality
of construction; however, they are done at different stages
and by different entities. The SHRP II R02 project states:
“Quality Control refers to procedures, measurements, and
observations used by the contractor to monitor and control
the construction quality such that all applicable requirements
are satisfied. Quality Assurance refers to measurements and
observations by the owner or the owner’s engineer to pro-
vide assurance to the owner that the facility has been con-
structed in accordance with the plans and specifications”
(Han et al., 2012). Quality control is done during construc-
tion while quality assurance is done during construction as
well as at the end or after completion of construction. Auto-
matic or computer-controlled installation processes and data
collection systems can reduce the variability of improved ge-
omaterials and avoid human errors so that the construction
can be better controlled. Quality assurance often involves in
situ testing and field monitoring.

1.9 RECENT ADVANCES AND TRENDS
FOR FUTURE DEVELOPMENTS

1.9.1 Recent Advances

There have been many recent advances in ground improve-
ment methods. Chu et al. (2009) pointed out that manufac-
turers have made significant contributions to these recent
advances due to their constant innovations and improvements
in the equipment. At the same time, researchers have helped
improve design methods. Below are a few highlights of the
recent advances:

• Different types of column technologies, such as
geosynthetic-encased stone columns (Alexiew et al.,
2003), controlled modulus (stiffness) columns, hol-
low concrete columns (Liu et al., 2003), multiple
stepped columns (Borel, 2007; Liu, 2007a), X-shape
(Liu, 2007b) or Y-shape (Chen et al., 2010) concrete
columns, grouted stone columns (Liu, 2007a), T-shaped
DM columns (Liu et al., 2012); and composite columns
(Jamsawang et al., 2008; Zheng et al., 2009)

• Column-supported embankments (Han and Gabr, 2002;
Filz et al., 2012)

• Online interactive technology selection system devel-
oped by the SHRP II R02 team (Schaefer and Berg,
2012)

• Cutter soil mixing method to construct trench walls
(Mathieu et al., 2006)

• Horizontal twin-jet grouting method (Shen et al., 2013)
• Intelligent compaction on unbound geomaterial (White

et al., 2007)

• Use of recycled materials in ground improvement (Han
et al., 2011)

• Use of combined technology of two or more ground
improvement methods: combination of deep mixed
columns with prefabricated vertical drains (Liu et al.,
2008); combination of short and long columns (Huang
and Li, 2009); and combination of geosynthetic
reinforcement and columns (Han and Gabr, 2002;
Madhyannapu and Puppala, 2014)

• Sensor-enabled geosynthetics (Hatami et al., 2009)
• Computer monitoring in ground improvement construc-

tion (Bruce, 2012)
• Biological treatment (He et al., 2013)

1.9.2 Trends for Future Developments

There are a few general trends for future development
in ground improvement methods, which are summarized
below:

• Use of combined technologies to create more techni-
cally and cost-effective solutions

• Use of intelligent construction technologies with sen-
sors and computer monitoring to improve efficiency and
quality of ground improvement

• Use of recycled materials and other alternative materials
to make ground improvement methods more sustainable

• Use of end-result or performance-based specifications
• Application of biological treatment in field

1.10 ORGANIZATION OF BOOK

This book has 10 chapters. This chapter is an introduction,
which provides an overview of ground improvement methods.
Chapter 2 reviews geotechnical materials, testing, and de-
sign, which are the bases for the following chapters. Chapters
3−10 are presented based on the classification of ground im-
provement methods in terms of their functions. Chapter 3
discusses shallow and deep compaction. Chapters 4 and 5
discuss overexcavation and replacement (i.e., shallow re-
placement) and deep replacement. Chapters 6 and 7 discuss
drainage and dewatering and preloading and consolidation.
Chapter 8 discusses deep chemical stabilization by grouting
and deep mixing. Chapters 9 and 10 discuss in situ ground
reinforcement (for cut situations) and fill reinforcement (for
fill situations).

PROBLEMS

1.1. Give examples of three geotechnical problems that can
be caused by problematic geomaterials.

1.2. List five possible geotechnical problems caused by hu-
man activities.
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1.3. How can ground improvement methods be classified in
terms of their functions?

1.4. What is the basic principle for soil liquefaction? List
five possible ground improvement methods that can be
used to mitigate soil liquefaction and explain why.

1.5. List five possible methods for shallow ground
improvement.

1.6. List five possible methods for deep ground improve-
ment.

1.7. A project site has a 5-m-thick loose gravel layer near
ground surface that needs to be improved for founda-
tion support. Which methods may be used for ground
improvement? Why?

1.8. Explain why different ground improvement methods
are needed for cut-and-fill walls.

1.9. What are the types of construction specifications pos-
sibly used in practice?

1.10. Explain why quality control and assurance are so im-
portant for ground improvement methods.

1.11. What are the future trends of ground improvement?
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CHAPTER 2

Geotechnical Materials, Testing,
and Design

2.1 INTRODUCTION

In geotechnical engineering, there are three types of geoma-
terials: (1) natural geomaterial, (2) processed or manufac-
tured geomaterial, and (3) improved geomaterial. In addition
to geomaterials, other materials are used for geotechnical ap-
plications, such as geosynthetics, cement, lime, and concrete.
Geosynthetics are placed within or at boundaries of geomate-
rials to improve their hydraulic and/or mechanical properties
and performance. Geosynthetcis have become an important
geotechnical material for ground improvement. Cement and
lime can be mixed with soil to form a stabilized soil. Concrete
has been used to construct foundations, retaining walls, soil
nails, piles, and other elements in geotechnical engineering.
Cement and lime will be discussed in Chapter 8 and concrete
is commonly discussed in civil engineering textbooks; there-
fore, they will not be discussed in this chapter. The material
properties most relevant to geotechnical applications include
physical, mechanical, and hydraulic properties. These prop-
erties are often determined by laboratory tests and/or in situ
tests. This chapter will briefly discuss geomaterials, geosyn-
thetics, and laboratory and in situ tests.

In addition to geotechnical materials and tests, ground
improvement involves geotechnical design, such as shallow
foundations, slope stability, earth-retaining structures, and
liquefaction. This chapter will briefly review these subjects.

2.2 GEOMATERIALS AND PROPERTIES

2.2.1 Classifications

Natural geomaterial, processed geomaterial, and improved
geomaterial have similarities but also differences. There is
no unique classification system available for all these ge-
omaterials. When natural geomaterials are discussed, soil

and rock are often referred to. Fill is the most commonly
used processed geomaterial. To be consistent with the current
practice in geotechnical engineering, the terms, soil, rock,
and fill, are mostly used in this book. The term, geomaterial,
is used when other geomaterial is included.

In geotechnical engineering, the Unified Soil Classifica-
tion System (USCS) and the AASHTO soil classification
system are commonly used to classify natural soils. Based on
the USCS, a natural soil is often classified as coarse-grained
soil or fine-grained soil. The coarse-grained soil, which has
50% or more particles retained on the U.S. No. 200 (i.e.,
opening size of 0.075 mm) sieve, includes gravel and sand.
The fine-grained soil, which has more than 50% particles
passing the U.S. No. 200 sieve, includes silt and clay. The
particles retained on the US No. 4 sieve are called gravel
while the particles passing the US No. 4 sieve but retained
on the US No. 200 sieve are called sand. The particles
passing the U.S. No. 200 sieve are called fines (silt or clay).
Grain size distribution is used to describe the uniformity
of coarse-grained soils, while the Atterberg limits are used
to describe the consistency of fine-grained soils. A soil
with a wide range of particle sizes is called well-graded,
while a soil with a narrow range of particle sizes is called
poorly-graded. When coarse-grained soils have less than
5% fines, they are often referred to as clean gravel or clean
sand. When fine-grained soils have liquid limits greater than
50, they are classified as high plasticity soils. Common soil
types involved in ground improvement include low-plasticity
clay (symbol: CL), high-plasticity clay (CH), silty sand
(SM), poorly-graded sand (SP), well-graded sand (SW),
poorly-graded gravel (GP), and well-graded gravel (GW).
AASHTO classifies soils into granular materials (35% or
less passing the 0.075 mm sieve) with soil groups of A-1
(stone fragments, gravel, and sand), A-2 (silty or clayey
gravel and sand), and A-3 (fine sand) and silt-clay materials
(>35% passing the 0.075 mm sieve) with soil groups of
A-4 and A-5 (silty soils), and A-6 and A-7 (clayey soils).
Detailed soil classifications can be found in soil mechanics
textbooks, ASTM, and AASHTO standards. However, these
two soil classification systems are not necessarily suitable
for other geomaterials. For example, recycled asphalt
pavement (RAP) aggregates contain coarse aggregate, fine
aggregate, maybe fines, but also asphalt. The inclusion of
asphalt makes these two soil classification systems invalid.
Solid waste material is another example, which makes the
soil classification systems invalid, because it may consist of
soil, glass, metal, paper, and biodegradable food waste.

For all geomaterials, they can be classified as cohesionless
geomaterials or cohesive geomaterials based on their shear
strengths. Cohesionless geomaterials have zero or nearly
zero cohesion when they are dry or fully saturated, while
cohesive geomaterials have cohesion at all states (dry,

17
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saturated, and unsaturated) according to the total stress
concept. Based on permeability, they may be classified
as pervious geomaterials, semipervious geomaterials, and
impervious geomaterials, according to Lukas (1995). The
pervious geomaterials have high permeability, while the
impervious geomaterials have low permeability. Semiper-
vious geomaterials have permeability between pervious and
impervious geomaterials.

2.2.2 Physical Properties

Physical properties include particle size, specific gravity,
void ratio, relative density, unit weight, moisture content, de-
gree of saturation, and Atterberg limits. Figure 2.1 shows a
few useful particle sizes from a grain size distribution curve.
UsingD60 as an example, it corresponds to the sieve size 60%
particles pass. D50 is often called the mean particle size. D10
is referred to as the effective particle size because it affects
the permeability of a soil. D10, D30, and D60 are used for
defining the gradation of a soil. D15 and D85 are used for
filter design.

Geomaterial is often represented by a phase diagram, as
shown in Figure 2.2, which consists of solid, liquid (or
water), and air. Air has volume, Va, but does not have weight.

Specific gravity of a geomaterial, Gs, is defined as

Gs =
𝛾s

𝛾w
(2.1)

where 𝛾s is the unit weight of solid (i.e., Ws∕Vs) and 𝛾w is
the unit weight of water (Ww∕Vw). Ws and Ww are weights
of solid and water respectively while Vs and Vw are vol-
umes of solid and water respectively. For soil and rock,
the specific gravity mostly ranges from 2.60 to 2.75. How-
ever, for processed geomaterials, the specific gravity can
vary widely. For example, alumina red mud sand has a spe-
cific gravity from 3.16 to 3.27 (Oweis and Khera, 1998).
Lightweight aggregates have specific gravities from 1.25

Figure 2.1 Useful particle sizes.

Figure 2.2 Phase diagram.

to 1.40 (Holm and Valsangkar, 1993). Specific gravity is an
important parameter to determine the void ratio of a geoma-
terial and the zero air void line for the compaction curve to
be discussed later.

To evaluate the density of a geomaterial, void ratio, defined
as the ratio of volume of void to volume of solid (i.e., Vv∕Vs),
is commonly used. The American Society for Testing and
Materials (ASTM) ASTM D4253 and ASTM D4254 can be
used to determine the maximum and minimum void ratios of
a soil with up to 15% (by dry mass) of soil particles passing
the No. 200 sieve size. With the maximum and minimum
void ratios, the relative density of a geomaterial, Dr, can be
calculated as follows:

Dr =
emax − e

emax − emin
(2.2)

where emax = maximum void ratio
emin = minimum void ratio

e = void ratio of soil in place

The qualitative description of degree of density of a
coarse-grained soil is provided in Table 2.1. The soil is
typically considered dense if its relative density, Dr > 70%.

Unit weight, defined as the ratio of weight to volume of a
geomaterial, can be easily measured in laboratory and field;
therefore, it is a good quality assurance parameter for ground
improvement, such as shallow compaction. Unit weight can
be dry, moist, or saturated. The dry unit weight and the
moist unit weight have a relationship with moisture content

Table 2.1 Qualitative Description of Degree of Density

Dr(%) Description

0–25 Very loose
25–50 Loose
50–70 Medium dense
70–85 Dense
85–100 Very dense
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Table 2.2 Degree of Saturation of Geomaterial

Condition Degree of saturation (%)

Oven-dry (unsuitable for
compaction)

0

Air-dry (very difficult for
compaction)

1–30

Slightly moist (difficult for
compaction)

30–60

Moist (easy for compaction) 60–90
Wet (difficult for compaction) 90–99
Saturated (unsuitable for

compaction)
100

(i.e., percentage of mass of water to mass of solid) as follows:

𝛾d =
𝛾

1 + w
(2.3)

where 𝛾d = dry unit weight
𝛾 = moist unit weight
w = moisture content

Degree of saturation is defined as the percentage of wa-
ter volume to total void volume (i.e., Vw∕Vv). This is an
important parameter for compaction. Table 2.2 shows the
condition of a geomaterial based on the degree of saturation.
A high degree of saturation makes compaction of a geoma-
terial difficult because less void can be compressed. A low
degree of saturation also makes compaction of a geomaterial
difficult because high friction exists between particles.

There is a useful relationship among specific gravity, Gs;
moisture content, w; degree of saturation, Sr; and void ratio,
e, of a geomaterial as follows:

Gsw = Sre (2.4)

The Atterberg limits include plastic limit, liquid limit, and
shrinkage limit, which are determined for soil particles pass-
ing the U.S. No. 40 sieve. Plastic limit, PL, is the moisture
content below which the geomaterial cannot be shaped. Liq-
uid limit, LL, is the moisture content above which the ge-
omaterial becomes flowable. The shrinkage limit, SL, is the
moisture content below which no volume change happens.
The plasticity index, PI, is the difference between LL and PL
as follows:

PI = LL − PL (2.5)

LL and PL are used to classify soils using the plasticity
chart based on the USCS as shown in Figure 2.3. The “A” line
separates silts (symbol: M) from clays (symbol: C) while the
“U” line is the upper limit of test data. LL = 50 is the bound-
ary line to separate low (symbol: L) and high (symbol: H)
plasticity soils. The symbol “O” stands for organic soils.

In addition to soil classification, PI is an important prop-
erty that affects geomaterial behavior, such as swelling/
shrinkage potential, permeability, strength, and compactabil-
ity. This parameter is used to select quality backfill materials
for slopes and walls.

Example 2.1

A soil sample has 35% particles retained on the U.S.
No. 200 sieve. The plastic limit and liquid limit of this
soil are 24 and 42, respectively. Classify this soil using
the USCS.

Solution

Since this soil has 35% particles retained on the U.S.
No. 200 sieve, the percent of particles passing the
U.S. No. 200 sieve is 100% − 35% = 65%. It is a
fine-grained soil. Use the Atterberg limits for soil
classification.

Plasticity index PI = 42 − 24 = 18. Based on the
plasticity chart as shown in Figure 2.3, this soil can be
classified as CL (low-plasticity clay).

Example 2.2

A saturated soil sample has moisture content of 37%
and its specific gravity is 2.69. What is the void ratio
of this sample?

Solution

The following relationship can be used for this calcu-
lation:

Gsw = Sre

Since it is a saturated sample, Sr = 1. Therefore,

e = Gsw = 2.69 × 0.37 = 0.995

2.2.3 Mechanical Properties

Mechanical properties of geomaterials can be described in
terms of stress−strain relationships. For practical applica-
tions, modulus (or compression index) and strength are two
important parameters.

When a geomaterial is subjected to a stress, it follows the
effective stress theory, i.e.:

𝜎
′ = 𝜎 − u (2.6)

where 𝜎
′ = effective stress
𝜎 = total stress
u = pore water pressure
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Figure 2.3 Plasticity chart (with permission from ASTM, copyright ASTM Interna-
tional.)

The effective stress is the average interparticle contact
stress. The stress-induced excess pore water pressure dissi-
pates with time. This process is called consolidation. Ground
improvement by preloading utilizes this concept. Consolida-
tion tests as shown in Figure 2.4 are used to determine the
modulus or compression index and consolidation coefficient
of a geomaterial.

Figure 2.5 shows an e − log 𝜎
′ plot, and 𝜎

′
z0 is the over-

burden stress of the geomaterial at a depth, z; pc is the
preconsolidation stress, which is the maximum effective
stress the geomaterial has experienced. The ratio of pc to
𝜎
′
z0 is called overconsolidation ratio, OCR. The state of the

soil with OCR = 1 is called normally consolidated (NC),
that with OCR > 1 is overconsolidated (OC), and that with
OCR < 1 is underconsolidated. Natural geomaterials are
often NC, while processed geomaterials without compaction
are mostly underconsolidated. The first portion with a slope,
Cr, is referred to as the rebound or recompression line, while
the second portion with a slope, Cc, is referred to as the
virgin compression line.

The coefficient of consolidation is one of the important
parameters to estimate the rate of consolidation and defined

Figure 2.4 Consolidation test.

Figure 2.5 e − log𝜎′ plot.

as follows:

cv =
k(1 + e0)
𝛾wav

= k
𝛾wmv

(2.7)

mv =
𝛥e

1 + e0
⋅

1
𝛥𝜎

′
z

(2.8)

where 𝛾w = unit weight of water
av = coefficient of compressibility
e0 = initial void ratio
mv = coefficient of volumetric compressibility
𝛥e = change of void ratio
𝛥𝜎

′
z = change of vertical stress
k = permeability of geomaterial

Figure 2.6 shows that av or mv depends on the vertical
stress; therefore, av is not constant and dependent on the
stress level; cv can be determined by consolidation tests.
The stress level corresponding to a field condition should be
chosen to determine the cv value.
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Figure 2.6 Coefficient of compressibility.

Figure 2.7 Coefficient of consolidation versus liquid limit
(NAVFAC, 1982).

Figure 2.7 may be used for a preliminay design. It is shown
that remolding of soil reduces the cv value. Installation during
ground improvement may cause disturbance or remolding
of soil. As a result, the cv value is reduced. This reduction
should be considered in ground improvement design.

When the pore water pressure is equal to the total stress, the
effective stress becomes zero. The state of a geomaterial with
a zero effective stress is called liquefaction, which can be in-
duced by dynamic or static loading. Ground improvement
methods using vibratory forces in saturated cohesionless ge-
omaterials can induce liquefaction.

Direct shear and triaxial shear tests as shown in Figure 2.8
are two commonly used laboratory tests to evaluate me-
chanical properties of geomaterials. Geomaterials can have
three drainage conditions under loading: (1) undrained,
(2) drained, and (3) partially drained. A partially drained
condition is difficult to simulate and control; therefore, most
tests are done under an undrained or drained condition.
The undrained condition simulates geomaterial behavior
during rapid loading, while the drained condition simulates
long-term behavior of a geomaterial. Since triaxial shear
tests have a better control on stress states and drainage
conditions, they should be used to evaluate geomaterial
behavior. Since direct shear tests can be easily performed,
they are more commonly used in practice.

Figure 2.9 shows the typical stress−strain and volume rela-
tionships of the same geomaterial prepared at different states.
For a dense or OC geomaterial under a drained condition,
there is a peak shear strength and dilation at large displace-
ment or strain. However, for a loose or NC geomaterial under
a drained condition, there is no peak shear strength and com-
pression. Clearly, the dense or OC geomaterial has a higher
peak strength than the loose or NC geomaterial. However,
they have the same steady-state or critical-state shear strength
(also called constant volume strength or residual strength) at
the constant volume if they are sheared at the same normal
or confining stress.

At different confining stresses, the steady state of a ge-
omaterial can be determined. A steady-state line (SSL) as
shown in Figure 2.10 can be drawn. The soil behavior de-
pends not only on the density but also on the stress level
and the drained condition. Figure 2.10(a) shows that when

Figure 2.8 (a) Direct shear and (b) triaxial shear tests.
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Figure 2.9 Stress−strain and volume relationships.

Figure 2.10 Soil behavior: (a) drained and (b) underained.

the same geomaterial sample (i.e., the same void ratio, e) is
tested at two different confining stresses under a drained con-
dition (i.e., 𝜎′3 does not change during the shear test), sample
A at a lower confining stress dilates toward the SSL, while
sample B at the higher confining stress contracts toward the
SSL. This result can be used to explain the phenomenon why
the geomaterial at a shallow depth dilates (or is loosened) but
that at the deep depth contracts (or is compressed) during the
densification by a ground improvement method. Under an
undrained condition (i.e., no volume or void ratio change) as
shown in Figure 2.10(b), however, sample A has a potential
to dilate because the excess pore water pressure is negative,
while sample B has a potential to contract because the excess
pore water pressure is positive.

In addition to the evaluation of soil behavior, direct shear
and triaxial shear tests can determine the shear strength
of a geomaterial. Figure 2.11 shows the total and effec-
tive Mohr–Coulomb failure envelopes, which are tangential
to the failure Mohr circles. The total and effective shear

strengths are expressed as follows:

𝜏f = c + 𝜎n tan𝜙 (2.9)

𝜏f = c′ + 𝜎
′
n tan𝜙′ (2.10)

Figure 2.11 Total and effective Mohr–Coulomb failure envelopes.
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Figure 2.12 Effective peak friction angle of coarse-grained soil
(NAVFAC, 1982).

The difference in the Mohr circles for total and effective
stresses is the pore water pressure, u. For a normally
consolidated geomaterial, the total Mohr–Coulomb failure
envelope may have a cohesion, c, and a friction angle, 𝜙,
while the effective Mohr–Coulomb failure envelope has an
effective cohesion equal to zero and an effective angle, 𝜙′.
It should be pointed out that an overconsolidated or dense
geomaterial under low normal or confining stresses has a
nonlinear initial portion. Direct shear and triaxial shear tests
should be conducted at the stress levels corresponding to
field conditions.

A design chart based on dry unit weight and relative density
as shown in Figure 2.12 can be used to estimate the effective
peak friction angle of coarse-grained soil.

Figure 2.14 Unconfined compression and unconsolidated
undrained tests.

A design chart based on plasticity index as shown in
Figure 2.13 can be used to estimate the effective friction
angle of normally consolidated fine-grained soil at constant
volume.

Under an undrained condition, cohesive geomaterials can
also be evaluated using unconfined compression tests or un-
consolidated undrained (UU) tests. From these tests, undrain
shear strength, cu, and unconfined compressive strength, qu,
can be determined as shown in Figure 2.14. A typical rela-
tionship between cu and qu is as follows:

cu =
qu
2

(2.11)

The undrained shear strength of a saturated cohesive soil
can be estimated by (Ladd, 1991):

cu
𝜎
′
zc
= 𝜒(OCR)Λ (2.12)

where cu = undrained shear strength of saturated
cohesive soil

Figure 2.13 Effective friction angle of normally consolidated soil (Mitchell and Soga,
2005).
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wh 𝜒 = 0.22 ± 0.03 for homogeneous sedimentary
clays (above A line) or 𝜒 = 0.25 ± 0.05
for silts and organic clays (below A line)

OCR = overconsolidation ratio
Λ= 0.88(1 − Cr∕Cc)

Cr = recompression index
Cc = compression index
𝜎
′
zc = effective consolidation stress

Unconfined compression tests are commonly used to
determine unconfined compressive strengths of chemically
stabilized geomaterials.

The undrained elastic modulus of a cohesive soil can be
estimated using the following relationship with Figure 2.15:

Eu = Kccu (2.13)

The undrained Poisson ratio of clay is 0.5.
Typical drained elastic moduli and Poisson ratios of clay

and sand are provided in Table 2.3.

Figure 2.15 Constant Kc for undrained elastic modulus (Joint
Department of the Army and Air Force, USA, 1983).

Table 2.3 Typical Values of Drained Elastic Modulus
and Poisson’s Ratio

Soil Type Description E (MPa) Poisson’s Ratio

Soft 1–15 0.35–0.40
Clay Medium 15–30 0.30–0.35

Stiff 30–100 0.20–0.30
Sand Loose 10–20 0.15–0.25

Medium 20–40 0.25–0.30
Dense 40–80 0.25–0.35

Source: Budhu (2000).

Example 2.3

Two data points on a one-dimensional consolidation
curve for a normally consolidated clay have the fol-
lowing coordinates:

Point 1: e1 = 0.7, p1 = 100 kPa

Point 2: e2 = 0.6, p2 = 300 kPa

If the sample is extracted from a depth of 4.5 m and
the groundwater table is at 1.5 m below the ground
surface, calculate the compression index and the initial
void ratio of this soil (𝛾moist = 18.1 kN∕m3 above the
groundwater table and 𝛾sat = 19.7 kN∕m3 below the
groundwater table).

Solution

The compression index is

Cc =
e1 − e2

log(p2∕p1)
= 0.7 − 0.6

log(300∕100)
= 0.21

The effective overburden stress at the depth of 4.5 m is

𝜎
′
z0 = 1.5 × 18.1 + 3.0 × 19.7 − 3.0 × 9.81 = 56.8 kPa

We know
Cc =

e0 − e2

log(p2∕p0)
The initial void ratio is

e0 = e2 + Cc log

(
p2

p0

)
= e2 + Cc log

(
p2

𝜎
′
z0

)
= 0.6 + 0.21 × log

( 300
56.8

)
= 0.752

Example 2.4

Given the set of data in Example Table 2.1 from four
direct shear tests of a sand: (1) plot the Mohr–Coulomb
failure envelope and (2) obtain the friction angle.

Example Table 2.1

Normal Stress (kPa) Peak Shear Stress (kPa)

17 15
35 32
70 65

140 125
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Solution

Based on the provided normal stresses and peak shear
stresses, the Mohr–Coulomb failure envelope is plotted
in Example Figure 2.1. Since it is a sand, the failure
envelop passes the origin. The peak friction angle of
the sand is

𝜙p = tan−1(0.9005) = 42.0∘

Example Figure 2.1

Example 2.5

A normally consolidated inorganic clay sample ex-
tracted from a depth of 10.0 m in ground has a saturated
unit weight of 17.5 kN∕m3 and a plasticity index of 35.
The groundwater table is at the ground surface. Esti-
mate the undrained shear strength, undrained elastic
modulus, and effective friction angle of this clay.

Solution

The effective overburden stress of this sample in the
ground is

𝜎
′
z0 = 𝛾

′z = (17.5 − 9.81) × 10.0 = 77.0 kPa

Since it is an inorganic clay, 𝜒 = 0.22 ± 0.03. Select
𝜒 = 0.22. Therefore, the undrained shear strength of
the NC sample (i.e., OCR = 1.0) is

cu = 𝜒(OCR)Λ𝜎′z0 = 0.22 × 1 × 77.0 = 16.9 kPa

The constant Kc for undrained elastic modulus at
OCR = 1 and PI = 35 is from 300–600. Select Kc =
500 because PI = 35 is close to the upper bound corre-
sponding to PI = 30.

Eu = 500cu = 500 × 16.9 = 8450 kPa

From Figure 2.13,

sin𝜙′cv = 0.8 − 0.094 ln PI

= 0.8 − 0.094 × ln(35) = 0.466

Therefore, 𝜙′cv = 27.8∘.

2.2.4 Hydraulic Properties

The rate of water flow through a geomaterial depends on
the permeability (also called hydraulic conductivity) of the
material. Darcy’s law is used to estimate average velocity, v,
of flow as follows:

v = ki (2.14)

where k = permeability of geomaterial
i = hydraulic gradient

The quantity of water flow, Qw, can be calculated as
follows:

Qw = kiA (2.15)

where A is the cross-sectional area of water flow.
Permeability is often determined by constant head or

falling head tests in the laboratory or pumping tests in the
field. Typical permeability values for different geomaterials
are provided in Table 2.4.

Louden (1952) verified the Hazen relationship between
permeability andD10 for silty sand to coarse sand as follows:

k = 0.01D2
10 (2.16)

where k = soil permeability (m∕s)
D10 = sieve size of 10% particle passing (mm)

Table 2.4 Typical Values of Permeability of
Geomaterials

Geomaterial Range of Permeability (m/s)

Gravel 10−2 − 10−1

Clean sand 10−5 − 10−4

Clean sand and gravel mixture 10−5 − 10−3

Medium to coarse sand 10−4 − 10−3

Very fine to fine sand 10−6 − 10−5

Silty sand 10−7 − 10−4

Glacial till 10−12 − 10−6

Homogenous clay 10−11 − 10−9

Shale 10−13 − 10−9

Sandstone 10−10 − 10−6

Limestone 10−9 − 10−6

Fractured rock 10−8 − 10−4

Sources: Freeze and Cherry (1979) and Peck et al. (1974).
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Example 2.6

A medium sand with D10 = 0.1mm. Estimate the per-
meability of this sand.

Solution

The Hazen relationship can be used to estimate this
permeability:

k = 0.01D2
10 = 0.01 × 0.12 = 1.0 × 10−4 m∕s.

2.2.5 Compaction of Geomaterial

The phase diagram in Figure 2.2 shows that a geomaterial
consists of solid, liquid (mostly water), and air. Particles are
packed in different patterns, which result in different void ra-
tios and densities. Mitchell and Soga (2005) show five possi-
ble packing patterns of uniform particles in Figure 2.16. The
simple cubic packing pattern results in the largest void ratio
(loosest state), while the pyramidal and tetrahedral packing
patterns result in the smallest void ratio (i.e., densest state).
The void is reduced from the loosest state to the densest state.
When particles are deposited or placed, they are packed in a
certain pattern. The packing pattern can be changed by ap-
plying a force or vibration. The change of the packing pattern

Figure 2.16 Packing pattern of uniform particles and void ratio:
(a) Simple eubic, (b) cubic tetrahedral, (c) tetragonal sphenoidal,
(d) pyramidal, and tetrahedral (modified from Mitchell and Soga,
2005).

Figure 2.17 Clay fabric: (a) dispersion and (b) flocculation.

from a loose state to a dense state results in compression of
voids and densification of the geomaterial. Uniform particles
may approximately represent a poorly graded cohesionless
granular material.

For clays, however, they have two basic clay fabrics as
shown in Figure 2.17 since their particles are flat sheets.
In the dispersed structure, clay particles do not have any
face-to-face association. In the flocculated structure, how-
ever, particles have edge-to-edge or edge-to-face association.
The dispersed structure has a large number of small voids,
while the flocculated structure has certain large voids with
few small voids.

Due to the difference in soil structure, cohesionless and
cohesive geomaterials can be densified by different means.
Cohesionless geomaterials, consisting of large particles, can
be effectively densified by vibration to rearrange particle
packing patterns. The soil fabrics of cohesive geomaterials
can be effectively changed by high pressure. Vibration is not
effective to change soil fabrics of cohesive geomaterials. It
is also true that high pressure within a small area is not ef-
fective to compress cohesionless geomaterials because they
will fail under high pressure due to the low confining stress.
Two different test methods have been developed to evalu-
ate the maximum densities of the cohesionless and cohesive
geomaterials.

For cohesionless geomaterials with 15% or less by dry
mass of particles passing the U.S. No. 200 sieve, the max-
imum index density method (ASTM D4253) should be used
to determine the maximum density. This method densifies the
geomaterial by vibration. The maximum index density test is
performed at either a dry condition or a saturated condition.

For cohesive geomaterials, two compaction tests can be
performed in laboratory: standard Proctor test (ASTM D698)
and modified Proctor test (ASTM D1557). These two meth-
ods use impact loads at different compaction energy levels as
shown in Table 2.5 with a mold diameter of 100 mm. They
are performed at different moisture contents. Figure 2.18
shows a typical compaction curve, which has a maximum dry
unit weight and its corresponding optimum moisture content.
Typically, five compaction tests are needed, of which at least
two data points are on each side of the optimum.
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Table 2.5 Parameters for Laboratory Compaction
Tests

Type of
Test

Mass of
Hammer
(kg)

Drop
Distance
(mm)

Layers Blows
per
Layer

Standard Proctor
test

2.5 305 3 25

Modified Proctor
test

4.5 455 5 25

Figure 2.18 Typical compaction curve.

The shape of the typical compaction curve can be explained
as follows. At low moisture content, water film around soil
particles is thin so that there are large bonding forces between
particles. Capillary force is high at low moisture content. In
addition, friction between particles is high at low moisture
content. All these factors make particle rearrangement dif-
ficult at low moisture content. With an increase of moisture
content, the water film becomes thicker. As a result, the bond-
ing force, the capillary force, and the friction decrease so that
particles can be easily rearranged into a dense state. All these
become the optimum condition for particle rearrangement at
the optimum moisture content. With further increase of the
moisture content, most of the air voids are occupied by wa-
ter. The remaining air voids to be compressed become less. In
addition, the soil becomes too soft to carry the impact force
so that shear failure happens during compaction. All these re-
sult in a loose state. Since the zero air void line is a theoretical
line with 100% saturation, no test data should be above this
line. The dry unit weight can be expressed in terms of degree
of saturation as follows:

𝛾d =
Gs𝛾w

1 + wGs∕Sr
(2.17a)

When the degree of saturation, Sr = 100%, the zero air void
line can be determined using the following equation:

𝛾dzav =
Gs𝛾w

1 + wGs
(2.17b)

where 𝛾dzav is the dry unit weight at the zero air void.
Research reveals that an increase of the moisture content

and/or compaction effort changes the soil fabric from floc-
culation to dispersion as shown in Figure 2.19. This fabric
change will affect the geomaterial behavior. Figure 2.19 also
shows that an increase of the compaction effort increases the
maximum dry unit weight and reduces the optimum moisture
content.

Figure 2.20 shows that the geomaterial compacted at wet of
optimum has a low permeability than that at dry of optimum.
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Figure 2.19 Soil fabrics at different moisture contents and com-
paction efforts (modified from Lambe, 1958).

Figure 2.20 Effect on permeability (after Lambe, 1958).
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Figure 2.21 Effect on compressibility: (a) low pressure and (b) high pressure (modified from
Lambe, 1958).

This result can be explained by the difference in the soil
fabrics at these two sides. Since the flocculated structure at
dry of optimum has certain large voids, it allows water flow
more easily.

Figure 2.21 shows that the dry compacted sample has lower
compressibility than the wet compacted sample at a low
pressure. This is because the flocculated structure is stiffer
than the dispersed structure. However, at a high pressure,
the flocculated structure collapses so that it results in more
compression than the dispersed structure.

Figure 2.22 shows that the compacted soil at dry of op-
timum has a higher strength than that at wet of optimum.
However, after the compacted soil is soaked, the strength at
dry of optimum has a large strength reduction from Point A to
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Figure 2.22 Effect of soaking on strength (modified from Lambe,
1958).

Point A′ while that at wet of optimum has a small reduction
from Point B to Point B′, if the strength curve after soaking is
plotted against the molding moisture content. Their strength
after soaking is similar to that compacted at wet of optimum
with the same dry unit weight. The changes of the strength
and the dry unit weight can be also be expressed by the lines
AA′′ and BB′′, if the actual moisture content after soaking is
used. During soaking, the soil moisture content increases and
the dry unit weight and strength decrease due to swelling.
The sample at dry of optimum has larger reductions in the
unit weight and strength and a larger increase in the moisture
content than that at wet of optimum due to larger swelling at
dry of optimum. The magnitude of the unit weight decrease
also depends on the level of overburden stress.

Figure 2.23 shows that the soil compacted at dry of opti-
mum has higher swell potential but lower shrinkage potential

Figure 2.23 Effect on swell and shrinkage (after Seed and Chan,
1959).
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than that at wet of optimum. These results are understand-
able because the soil at wet of optimum cannot absorb more
water but can lose much water. Figure 2.23 also shows that
the method of compaction affects the shrinkage potential.
The kneading compaction results in the highest shrinkage
potential while the static compaction results in the lowest
shrinkage potential.

Example 2.7

A soil sample is compacted at a moisture content
of 15%. The unit weight of the moist sample is
17.6 kN∕m3. The specific gravity of this soil is 2.69.
Calculate the dry unit weight, the degree of saturation,
and the corresponding zero air dry unit weight of this
sample.

Solution

The dry unit weight of the sample is

𝛾d =
𝛾

1 + w
= 17.6

1 + 0.15
= 15.3kNm3

The degree of saturation of the sample can be solved
from the following equation:

𝛾d =
Gs𝛾w

1 + wGs∕Sr
= 2.69 × 9.81

1 + 0.15 × 2.69∕Sr

= 26.39
1 + 0.40∕Sr

= 15.3

Hence, Sr = 0.55 = 55%.
The zero air dry unit weight is

𝛾dzav =
Gs𝛾w

1 + wGs
= 2.69 × 9.81

1 + 0.15 × 2.69

= 26.39
1 + 0.40

= 18.9 kN∕m3

2.3 GEOSYNTHETICS AND PROPERTIES

2.3.1 Type of Geosynthetic

Geosynthetics are factory-manufactured products (mainly
polymers) used for geotechnical applications. They can
be classified into the following types: geotextile, geogrid,
geonet, geomembrane, geosynthetic clay liner, geocell,
geofoam, and geocomposite. Except geocell manufactured
in a three-dimensional honeycomb shape and geofoam in a
cubic block, all other geosynthetics are two-dimensional or
planar.

Geotextile can be nonwoven, woven, or knitted as shown
in Figure 2.24. Nonwoven geotextile is formed by random
arrangement of fibers that are bonded together by heat
melting, needle punching, or resin. Woven geotextile is

(a) Nonwoven (b) Woven

Figure 2.24 Geotextile products.

manufactured through a weaving process in which fibers
are arranged essentially at right angles to each other in
varying configurations. Knitted geotextile is manufac-
tured by interlooping fibers. Geotextile is mostly made of
polypropylene (PP) polymers. Other polymers are polyester
[e.g., polyethylene terephthalate (PET)], polyethylene (PE),
and polyamide (nylon).

Geogrid can be uniaxial, biaxial, or triaxial and it consists
of openings (or apertures) formed by longitudinal and
transverse ribs or three ribs as shown in Figure 2.25.
Uniaxail geogrid has a high strength in the longitudinal
direction. Biaxial geogrid has strengths in both longitudinal
and transverse directions. Triaxial geogrid has strengths
in multiple directions. Geogrids are mostly manufactured
by a punched-drawn method, a coated woven method, or a
wielded method. High-density polyethylene (HDPE), PET,
and PP are three commonly used polymers for geogrids.

Geonet is a grid like material as shown in Figure 2.26,
which is made of PE polymer. Different from geogrid, geonet
has thickness difference in ribs and is commonly used with
nonwoven geotextile to form a geocomposite.

Geomembrane is an impermeable thermoplastic material
[mostly PE and sometimes PP or polyvinyl chloride (PVC)]
as shown in Figure 2.27, which is manufactured by extrusion.
It can have smooth or rough (textured) surfaces.

Geosynthetic clay liner (GCL) consists of a bentonite clay
with adhesive bonded with two geotextiles by a needle-
punched or stitch-bonded method as shown in
Figure 2.28.

Geocell is an expandable three-dimensional honey
comb-like polymer structure, which is made of HDPE, PET,
or other polymer material as shown in Figure 2.29. It has
different pocket sizes (diameter and height).

Geofoam is a block or planar rigid cellular foam polymeric
material, which is made of lightweight expanded polystyrene
(EPS) or extruded polystyrene (XPS). It has typical density
from 11 to 29kg∕m3.
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(a) Uniaxial (b) Biaxial (c) Triaxial

Figure 2.25 Geogrid products.

Figure 2.26 Geonet product.

Geocomposite is a composite of two or more materials,
which can be a combination of two geosynthetic materials,
for example, geotextile and geonet.

2.3.2 Function

The general functions of geosynthetics include separation,
filtration, drainage, reinforcement, barrier, and erosion
protection. The relationship between geosynthetic type and

function is provided in Table 2.6. Geofoam has a unique
function by serving as a lightweight fill.

When two dissimilar geomaterials are in contact, they may
be intermixed under loading, especially under cyclic loading.
Geosynthetics, such as geotextile or geomembrane, can be
placed between these two dissimilar materials to keep the
integrity and functioning of two dissimilar materials intact
and prevent them from being intermixed. This function is
often referred to as separation.
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(a) Rough (b) Smooth

Figure 2.27 Geomembrane products.

Figure 2.28 Geosynthetic clay liner products.

Similar to natural filter, geotextile can be selected with
proper opening sizes to allow for adequate liquid flow and
limit soil particle loss across the interface plane. This func-
tion is often referred to as filtration.

Since geotextile, geonet, and geocomposite have large
porosity, high permeability, and drainage capacity, they allow
water to quickly flow through and can help drain water out of
geomaterials or pavement structures. To survive in installa-
tion and maintain long-term drainage capacity, geosynthet-
ics used for drainage should have sufficient strengths and

the functions of separation and filtration. Geosynthetics have
been used for drainage inside retaining walls, slopes, road-
ways, and landfills. The design of geosynthetics for drainage
will be discussed in Chapter 6.

Geomaterials are typically strong under compression and
shear but weak under tension. Geosynthetics, such as woven
geotextiles, geogrids, and geocells, can provide tensile
resistance to geomaterials. Geosynthetic reinforcement of
geomaterials can be achieved through the mechanisms of an-
chorage, lateral restraint (interlocking, closed confinement,
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Figure 2.29 Geocell product.

Table 2.6 Functions of Geosynthetics

Type Separation Filtration Drainage Reinforcement Erosion Protection Barrier

Geotextile
√ √ √ √ √ √

Geogrid
√

Geonet
√

Geomembrane
√ √ √

GCL
√ √ √

Geocell
√ √

Geocomposite
√ √ √ √ √ √

and friction), and tensioned membrane. It should be pointed
out that nonwoven geotextile is generally too weak for
reinforcement. Even though all three types of geogrid can be
used for reinforcement, they are often used for different ap-
plications. For example, uniaxial geogrid is commonly used
to reinforce embankments, slopes, and earth-retaining walls
due to their two-dimensional nature. Biaxial and triaxial
geogrids are commonly used to stabilize unpaved and paved
roads and railroad ballast due to three-dimensional traffic
loading. Dong et al. (2011) showed that triaxial geogrid pro-
vides more uniform tensile resistance than biaxial geogrid.
Geocell has been used to stabilize granular bases over weak
subgrade (Han et al., 2011). The design of geosynthetics for
fill reinforcement will be discussed in Chapter 10.

Barriers can be formed by impermeable or low permeable
geomembrane and geosynthetic clay liner, or large-pored
geotextile and geocomposite, which lower or stop capillary

rise. Geomembranes and GCLs have been commonly used as
liners in landfills and river channels and waterproof in dams.
Geotextile and geocomposite have been used as capillary
barriers to replace coarse sand and gravel capillary barriers
to reduce frost heave. The basic idea of the capillary barrier
is to “place a large-pored layer between the water table and
the freezing front to stop the upward flow of water during
freezing” (Henry and Holtz, 2001).

Geosynthetics have been used to protect ground surfaces
(especially slopes) from loss of soil particles by running
water as a function of erosion protection. Geosynthetics can
avoid water drops directly hitting on soil surface and slow
down water flow on soil surface so that less soil particles are
carried away by running water. Geosynthetics have also been
used to protect coastal areas from wave erosion and scour.

Some geosynthetics only have one function but others have
multiple functions. For example, geotextile can serve all the
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functions. Geocell has dual functions (reinforcement and
erosion protection).

2.3.3 Properties and Test Methods

Physical Properties Physical properties are mainly used
for quality control and assurance, which include polymer
type, mass per unit area, thickness (geotextiles and ge-
omembranes), height (geocells), roll length, roll width,
roll weight, roll diameter, specific gravity and density, and
surface characteristics (geomebrannes). Typical specific
gravity of polymer is provided in Table 2.7.

Mass per unit area is one important design and quality
assurance parameter. The typical mass per unit area values
for most geotextiles, geogrids, and geonets are 150–750,
200–1000 and 700–1000 g∕m2, respectively.

High-density polyethylene (HDPE) has a density higher
than 0.941 mg∕L while low-density polyethylene (LDPE)
has density lower than 0.941 mg∕L.

The thickness of a geosynthetic sheet is often measured in
a special unit, mil, which is 1/1000 of inch (i.e., 0.025 mm).
Typical thickness for geotextile ranges from 0.25 to 7.5 mm.
It should be pointed out that the thickness of needle-
punched geotextile can decrease significantly under a nor-
mal stress. The thickness of the geotextile at the normal
stress that corresponds to the field condition should be used
for design.

Depending on applications, geomembranes can have
smooth or rough surfaces. The geomembranes with rough
surfaces have higher interface shear strength with geomate-
rial; therefore, they are mostly used on slopes. The geomem-
branes with smooth surfaces are used in a level ground.

Hydraulic Properties Hydraulic properties are important
for filtration and drainage design, which include opening
characteristics (geotextiles), permeability and permittivity,
soil retention ability, and in-plane flow capacity.

Apparent opening size (AOS) is used to define an equiva-
lent opening size of a geotextile, at which 5% or less glass
beads pass. This size is also often referred to as O95. The test
for AOS is similar to a sieve analysis test. Instead of a sieve, a
geotextile sample is placed on a sieve frame. Uniform glass
beads are placed on the geotextile and subjected to 10 min

Table 2.7 Typical Specific Gravity of Polymer

Polymer Specific Gravity

Polyvinyl chloride 1.69
Polyester 1.22–1.38
Nylon 1.05–1.14
Polyethylene 0.90–0.96
Polypropylene 0.91

Source: Koerner (2005).

Figure 2.30 Permittivity test.

shaking. The test starts with large glass beads and then re-
duces the size of glass beads until more than 5% glass beads
pass the geotextile.

Permittivity is a measure of the rate of water flow per-
pendicularly through a geosynthetic sheet (mostly geotextile
or geomembrane) as shown in Figure 2.30. Permittivity is
defined as

𝜓g =
kn
tg

(2.18)

where 𝜓g = permittivity (s−1)
kn = cross-plane permeability coefficient (m∕s)
tg = thickness at a specific normal stress (m)

Transmissivity is a measure of water flow parallel to the
geosynthetic sheet (mostly geotextile, geonet, or geocompos-
ite), as shown in Figure 2.31. Transmissivity is defined as

𝜃g = kptg (2.19)

where 𝜃g = transmissivity (m2∕s)
kp = in-plane permeability coefficient (m∕s)
tg = thickness at a specific normal stress (m)

The measured permittivity and transmissivity of a geosyn-
thetic sheet from laboratory should be reduced by consider-
ing the following factors:

• Creep reduction of void space under normal stress in
field

• Intrusion of adjacent material into void space
• Soil clogging and blinding
• Chemical clogging
• Biological clogging

Since geomembranes are mostly used as barriers, it is im-
portant to determine how slow water vapor can transmit

Figure 2.31 Transmissivity test.
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Figure 2.32 Water vapor transmission test.

through them. A water vapor transmission test as shown
in Figure 2.32 can be used to determine this parameter as
follows:

WVT =
24ml

At
(2.20)

where WVT = water vapor transmission (g∕m2∕day)
ml = mass loss or gain (g)
t = time (h)
A = area of specimen (m2)

Mechanical Properties Mechanical properties are needed
for the evaluation of survivability of geosynthetics during
installation and during service when they are used for the
reinforcement function. The mechanical properties include
grab strength (geotextiles), wide-width tensile strength (geo-
textiles), single-rib and multi-rib tensile strength (geogrids),
narrow strip tensile strength (geomembranes), junction
strength (geogrids), creep strength, seam strength, tear
strength, burst strength, puncture resistance, and penetration
resistance.

Figure 2.33 shows the grab, narrow strip, and wide-width
tensile tests of geosynthetics. Figure 2.34 shows an example
of tensile stress−strain curve obtained by a short-term tensile
test. From this curve, the initial, secant, and tangential moduli
can be determined. It is common that the secant moduli are

Figure 2.34 Tensile stress−strain curve.

reported at 2 and 5% strains. For geogrids and geocells, the
ultimate tensile strengths, Tult, are often determined at 10%
strain.

Geosynthetics have limited width and length. At certain lo-
cations, geosynthetics (geotextiles and geomembranes) are
connected by seams. To evaluate the connection strength,
geosynthetic seam tests as shown in Figure 2.35 can be per-
formed. The ratio of the tensile strength with a seam to that
without a seam is the efficiency of the seam, which typically
ranges from 50 to 70%.

Figure 2.35 Geosynthetic seam test.

Figure 2.33 (a) ASTM D4632 grab, (b) ASTM S751 narrow strip, and (c) ASTM
D4595 wide width tests.
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Figure 2.36 Geogrid junction strength test.

Due to different methods of geogrid manufacture, geogrid
junction strength can be very different. Figure 2.36 shows the
test method to determine the efficiency of geogrid junction
strength as follows:

Ej =
Tj
Ts
× 100% (2.21)

where Ej = junction efficiency
Tj = junction tensible strength
Ts = single-rib tensible strength

The typical junction efficiency of geogrid ranges from 7 to
100%.

Figure 2.37 shows the Mullen burst test from which the
burst strength can be determined. Figure 2.38 shows a
geosynthetic puncture test in which a piston is pushed into a
clamped geosynthetic sample until it breaks. The maximum
load is the puncture strength of the geosynthetic.

There are three standard tear tests available to determine
the tear strength of a geosynthetic sample: (1) trapezoidal tear
test (ASTM D3786), (2) tongue tear test (ASTM D751), and
(3) Elmendorf tear test (ASTM D1424). The trapezoidal tear
test as shown in Figure 2.39 is applicable to woven and non-
woven geotextiles but not to knitted geotextiles. The tongue
tear test is applicable to all geotextiles. The Elmendorf tear

Figure 2.37 Mullen burst test: (a) test setup and (b) test result.

Figure 2.38 Geosynthetic puncture test.

Figure 2.39 Geosynthetic tear tests.

test is applicable to woven geotextiles but not to nonwoven
geotextiles, and it is commonly used in Europe.

Since geosynthetics are polymer materials, they creep with
time under sustained loads. Creep tests can be conducted at
different load intensities with time as shown in Figure 2.40.
ASTM D5262 requires the minimum duration of a range of
load intensities is 10,000 h. The creep (rupture) strength and
its corresponding time are defined at 10% strain. However,

Figure 2.40 Creep test results.
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Figure 2.41 Estimation of creep strength at the end of design life.

the time corresponding to the creep strength from one series
of tests is often not enough for the required time for de-
sign. To accelerate creep deformations, creep tests are often
conducted at elevated temperatures. The creep test results at
elevated temperatures can predict the creep strength at longer
time. Figure 2.41 shows an example of creep test data. The
required time for design is greater than that from the tests;
therefore, the test curve is extrapolated so that the creep
strength at the end of the design life can be determined.

The creep reduction factor is defined as follows:

RFCR =
Tult

TCR
(2.22)

where Tult = ultimate tensile strength of the geosyn-
thetic from a short-term tensile test

TCR = creep strength of the geosynthetic

Typical reduction factors for different polymers are shown
in Table 2.8.

During installation of geosynthetics in the field, com-
paction of fill above the geosynthetics may cause damage
to the geosynthetics. Installation damage tests can be per-
formed in the field to determine percent retained strength
after compaction. During the tests, the same fill material and

Table 2.8 Creep Reduction Factors

Polymer Type Creep Reduction Factor, RFCR

Polyester (PET) 1.6–2.5
Polypropylene (PP) 4.0–5.0
High-density polyethylene

(HDPE)
2.6–5.0

Source: Berg et al. (2009).

geosynthetic should be used for the evaluation. The reduction
factor due to installation damage can be determined by the
following formula:

RFID =
Tcontrol

Tdamaged
(2.23)

where Tcontrol = ultimate tensile strength of geosynthetic
not subjected to installation damage

Tdamaged = ultimate tensile strength of geosynthetic
subjected to installation damage

Berg et al. (2009) provide typical reduction factors due
to installation damage for different geosynthetics under two
different fill materials in Table 2.9.

Geosynthetics should also be evaluated for other degra-
dation factors, including sunlight (ultraviolet) degradation,
temperature degradation, oxidation degradation, hydrolysis
degradation, chemical degradation, radioactive degradation,
biological degradation, and others (such as fire). The basic
idea is to determine percent retained strength after exposure
to these factors for a certain time.

Berg et al. (2009) evaluate the resistance of polymers to
specific environments in Table 2.10. Geosynthetics made of
PET polymers are questionable and require exposure tests
when they are used in soils with pH > 9.

Berg et al. (2009) also suggest the durability (aging) re-
duction factors for PET as shown in Table 2.11. The default

Table 2.9 Reduction Factors Due to Installation Damage

Geosynthetic Reduction Factor, RFID

Type 1 Backfilla Type 2 Backfillb

HDPE uniaxial geogrid 1.20–1.45 1.10–1.20
PP biaxial geogrid 1.20–1.45 1.10–1.20
PVC-coated PET geogrid 1.30–1.85 1.10–1.30
Acrylic-coated PET geogrid 1.30–2.05 1.20–1.40
Woven geotextile (PP and PET) 1.40–2.20 1.10–1.40
Nonwoven geotextile (PP and PET) 1.40–2.50 1.10–1.40
Silt film woven geotextile (PP) 1.60–3.00 1.10–2.00
aType 1 backfill: maximum particle size of 102 mm and D50 of 30 mm.
bType 2 backfill: maximum particle size of 20 mm and D50 of 0.7 mm.
Source: Elias et al. (2001).
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Table 2.10 Resistance of Polymers to Specific
Environment

Soil Environment Polymera

PET PE PP

Acid sulfate soils NE ETR ETR
Organic soils NE NE NE
Saline soils, pH < 9 NE NE NE
Ferruiginous NE ETR ETR
Calcareous soils ETR NE NE
Modified soils/lime, cement ETR NE NE
Sodic soils, pH > 9 ETR NE NE
Soils with transition metals NE ETR ETR
aNE = no effect and ETR = exposure test required.
Source: Berg et al. (2009).

Table 2.11 Durability Reduction Factor for PET

Producta Reduction Factor, RFD

5 < pH < 8 3 ≤ pH ≤ 5 or 8 ≤ pH ≤ 9

Geotextiles
Mn < 20, 000 and

40 < CEG < 50

1.6 2.0

Coated geogrids or
geotextiles

Mn > 25, 000 and
CEG < 30

1.15 1.3

aMn = number-average molecular weight and CEG = carboxyl
end group.
Source: Berg et al. (2009).

durability reduction factor for PP and HDPE is 1.3, and
certain criteria are required for the use of this default value.

Geosynthetic–Soil/Block Interaction Properties The inter-
action between geosynthetic and fill is often evaluated by

Figure 2.42 Interface shear test (modified from Koerner, 2005).

interface shear tests and pullout tests. The interface shear test
is more appropriate for fill sliding on a geosynthetic sheet or
the geosynthetic sheet sliding on fill. Figure 2.42 shows the
illustration of an interface shear test setup. At least three tests
at different normal stresses are required to determine the in-
terface cohesion and friction angle as shown in Figure 2.43.
Figure 2.43 also shows the peak and residual strengths.

Interaction coefficient between geosynthetic and soil is
often used in practice and defined below:

Ci =
Interface strength

Soil strength
=

c
𝛼
+ 𝜎n tan 𝛿

c + 𝜎n tan 𝜙

(2.24)

where Ci = interaction coefficient
c
𝛼
= interface cohesion

c =fill cohesion
𝛿 = interface friction angle
𝜙 =fill friction angle
𝜎n = normal stress

Ifc = c
𝛼
= 0,

Ci =
tan 𝛿

tan 𝜙

(2.25)

The interaction coefficient, Ci, depends on geosynthetic
type and fill type. Smooth geomembranes have low Ci values

Figure 2.43 Interface shear test results (after Koerner, 2005).
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Figure 2.44 Geosynthetic pullout test.

while triaxial and biaxial geogrids have high Ci values. For
uniaxial geogrids, Ci values mostly range from 0.6 to 0.8.

Interface shear tests can also be performed between two
types of geosynthetics (e.g., geotextile over geomembrane),
which may be used for landfill applications.

Pullout test is another commonly used interface shear test
as shown in Figure 2.44, which is more suitable to evaluate
the anchorage capacity of a geosynthetic reinforcement in
the fill. The normal stress is typically applied by an air bag.
The geoynthetic reinforcement is pulled through a clamp
from the front. The pullout capacity can be expressed as
follows:

Tpo = 2F∗𝛼se𝜎nLg = 2Ci tan (𝜙)𝛼se𝜎nLg (2.26)

F∗ = tan𝛿 = Ci tan 𝜙 (2.27)

where F∗ = pullout friction factor
𝛼se = scale effect correction factor

The scale effect correction factor, 𝛼se, depends on the
mobilization of the anchorage length. To determine this
factor, telltales are connected to the geosynthetic at different
locations along the length to measure the mobilized lengths
at different loads. Based on the load and mobilized length
relationship, the 𝛼se factor can be determined. For inexten-
sible reinforcements (such as steel reinforcements), the 𝛼se
factor is close to 1.0. It is typically 0.8 for geogrids and 0.6
for geotextiles.

A similar test can be conducted to determine the ultimate
connection strength between modular block and geosynthetic
as shown in Figure 2.45. A reduction factor for the connec-
tion strength is defined below:

RFconn =
Tultconn

Tult
(2.28)

where Tultconn = ultimate connection strength
Tult = ultimate tensile strength of the geosynthetic

Figure 2.45 Connection test.

Allowable Properties The allowable long-term flow rate for
a geotextile used for filtration and drainage can be deter-
mined as follows:

qwa =
qwu

RFCR × RFIN × RFSCB × RFCC × RFBC
(2.29)

where qwa = allowable long-term flow rate
qwu = ultimate short-term flow rate

RFCR = reduction factor for creep reduction of
void space

RFIN = reduction factor for adjacent material’s
intrusion

RFSCB = reduction factor for soil clogging and
blinding

RFCC = reduction factor for chemical clogging
RFBC = reduction factor for biological clogging

Table 2.12 provides the recommended reduction factors for
the allowable flow rate of a geotextile.

The allowable long-term tensile strength of a woven geo-
textile or a geogrid can be determined as follows:

Ta =
Tult

RFCR × RFID × RFD
(2.30)

where Ta = allowable long-term tensile strength
Tult = ultimate short-term tensile strength

RFCR = reduction factor for creep
RFID = reduction factor for installation damage
RFD = reduction factor for durability including

chemical and biological degradation

Table 2.12 Recommended Reduction Factors for
Allowable Flow Rate of Geotextile

Function RFCR RFIN RFSCB RFCC RFBC

Filtration 1.0–2.0 1.0–1.2 2.0–10.0 1.0–1.5 1.0–5.0
Drainage 1.5–3.0 1.0–1.2 2.0–4.0 1.0–1.5 1.0–1.5
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The typical values of these reduction factors are provided
in Tables 2.8, 2.9, and 2.11.

Example 2.8

A geotextile specimen (0.3 m × 0.3 m × 0.003 m
thick) under a normal stress of 25 kPa is subjected
to in-plane flow. The water head is 0.3 m. The quan-
tity of water flow in 1 hour is 3.5 m3. Determine:
(1) hydraulic gradient, (2) in-plane permeability of
geotextile, and (3) transmissivity of geotextile.

Solution

The hydraulic gradient is

i =
hw
Lg

= 0.3
0.3

= 1.0

The in-plane permeability of geotextile is

kp =
Qw

iA
= 3.5

1.0 × 0.3 × 0.3
= 38.9 m∕hr

= 1.08 × 10-2 m∕s

The transmissivity of geotextile is

𝜃g = kptg = 1.08 × 10−2 × 0.003

= 3.24 × 10−5m2∕s = 1.94 × 10−3m2∕min

Example 2.9

Given the following set of data from four interface
shear tests of woven geotextile/sand: (1) plot the
Mohr–Coulomb failure envelope, (2) obtain the
interface friction angle, and (3) calculate the interac-
tion coefficient (use the friction angle of sand from
Example 2.4.

Example Table 2.2

Normal Stress (kPa) Peak shear stress (kPa)

17 8.6
35 19
70 37

140 75

Solution

Based on the provided normal stresses and peak shear
stresses, the Mohr–Coulomb failure envelope is plotted

in Example Figure 2.2. Since it is a sand, the failure
envelop passes the origin. The peak interface friction
angle is

𝛿p = tan−1(0.5344) = 28.1∘

The interaction coefficient is

Ci =
tan 𝛿p

tan 𝜙p
= tan 28.1∘

tan 42.0∘
= 0.59

Example Figure 2.2

Example 2.10

Uniaxial HDPE geogrids have an ultimate short-term
tensile strength of 300 kN∕m from multi-rib tension
tests. These geogrids will be used for a geosynthetic-
reinforced earth wall project. Backfill material has a
maximum particle size of 75 mm and a mean parti-
cle size of 25 mm. Estimate the allowable long-term
tensile strength of the geogrids considering creep, in-
stallation damage, and durability based on the default
values.

Solution

The default creep reduction factor for HDPE is 2.6
−5.0. RFCR = 3.0 is selected.

The backfill in this project is close to type I backfill
in Table 2.9. The default installation damage reduc-
tion factor for uniaxial HDPE geogrid is 1.20 − 1.45.
RFID = 1.30 is selected.

The default durability reduction factor for HDPE is
1.3. RFD = 1.30 is selected.

The allowable long-term tensile strength of geogrids
is

Ta =
Tult

RFCRRFIDRFD
= 300

3.0 × 1.3 × 1.3
= 59.2kN∕m
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2.4 IN SITU TESTING

2.4.1 Standard Penetration Test

Introduction Standard penetration test (SPT) is one of the
most commonly used in situ test methods. This test method
has a long record of experience, much available test data, and
correlation. The test is performed during soil sampling using
the split-spoon sampler and is fast and inexpensive. However,
this method is crude, has many variants, and does not have a
continuous profile.

The basic procedure for the SPT method is shown in
Figure 2.46:

• Drill a boring hole to the desired depth.
• Insert an SPT split-spoon sampler into the hole.
• Raise a 63.5-kg hammer to a distance of 760 mm and

allow it to fall. Repeat this process until the sampler has
penetrated 450 mm.

• Record the number of hammer blows required for each
150-mm interval for three intervals.

• Compute the N value by summing the blow counts for
the last 300 mm of penetration.

• Remove the SPT sampler and soil sample.

Measured Parameter The measured SPTN value should be
corrected (see Table 2.13) by considering four key factors as
follows:

N60 =
CECBCSCRN

0.60
(2.31)

where N60 = SPT N value corrected for 60% of the
theoretical free-fall hammer energy

CE = hammer efficiency
CB = borehole diameter correction
CS = sampler correction
CR = rod length correction
N = measured SPT N value

Figure 2.46 SPT test (Mayne et al., 2001).
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Table 2.13 Correction Factors for SPT N Value

Effect Variable Term Value

Energy ratio Safety hammer
Donut hammer
Automatic hammer

CE 0.6–0.85
0.3–0.6
0.85–1.0

Borehole diameter 65–115 mm
150 mm
200 mm

CB 1.00
1.05
1.15

Sampling method Standard sampler
Sampler without liner

CS 1.0
1.2

Rod length 3–4 m
4–6 m
6–10 m
10− 30 m

CR 0.75
0.85
0.95
1.0

Considering the overburden stress effect,N60 can be further
corrected as follows:

(N1)60 = N60

√
100
𝜎′z0

(2.32)

where

(N1)60 = corrected N60 considering the overburden stress
𝜎
′
z0 = overburden stress at a depth of interest (kPa)

Correlation Cubrinovski and Ishihara (1999) proposed the
following correlation for the relative density of granular
soils:

Dr =
⎡⎢⎢⎣
N60

(
0.23 + 0.06∕D50

)1.7

9

(
100
𝜎
′
z0

)0.5⎤⎥⎥⎦
0.5

× 100%

(2.33)
where 𝜎

′
z0= effective overburden stress (kPa)

D50= mean grain size (mm)

Kulhawy and Mayne (1990) proposed the following corre-
lation for the effective friction angle of sands:

𝜙
′ = tan−1

[
N60

12.2 + 20.3
(
𝜎′z0∕100

)]0.34

(2.34)

Wolff (1989) proposed the following correlation for the
effective friction angle of sands:

𝜙
′ = 27.1∘ + 0.3(N1)60 − 0.00054(N1)260 (2.35)

Kulhawy and Mayne (1990) proposed the following corre-
lation for the elastic moduli of sands:

Es = KEN60 (2.36)

where Es = elastic modulus (MPa)
KE = 0.5 for sands with fines, 1.0 for clean NC

sands, and 1.5 for clean OC sands

Example 2.11

A soil boring is conducted in general accordance
with the ASTM D1586 procedures with the standard
penetration tests and a split barrel sampler at regular
interval depths. The 75-mm diameter boring is ad-
vanced using a hollow-stem auger. An automatic drop
hammer system that has an average efficiency of 83%
is used. The SPT at a depth of 9 m within a sand layer
results in an SPT N value of 12. The mean particle size
of the sand is D50 = 1.5 mm. The average initial rod
length above the existing ground for each SPT is about
1.2 m. The groundwater table is at the depth of 3 m.
The unit weight above and below the groundwater is
19.7 kN∕m3. Determine the SPT (N1)60, the relative
density of sand, and the friction angle of sand.

Solution

The corrected SPT value can be calculated as follows:

N60 =
CECBCSCRN

0.60

In this case, CE = 83% = 0.83,CB = 1.00,CS =
1.00, and CR depends on the depth of the test.
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Total rod length to the test point of the sand layer
= 1.2 + 9.0 = 10.2 m,CR = 0.95, therefore,

N60 =
CECBCSCRN

0.60
= 0.83 × 1.00 × 1.00 × 0.95 × 12

0.60

= 15.8

The effective overburden stress at this test point is

𝜎
′
z0 = 3.0 × 19.7 + (9.0 − 3.0) × (19.7 − 9.81)

= 118 kN∕m3

(N1)60 = N60

√
100
118

= 14.1

Cubrinovski and Ishihara (1999) proposed the fol-
lowing correlation for the relative density of granular
soils:

Dr =
⎡⎢⎢⎣
N60

(
0.23 + 0.06∕D50

)1.7

9

(
100
𝜎
′
z0

)0.5⎤⎥⎥⎦
0.5

× 100%

=
[

15.8 × (0.23 + 0.06∕1.5)1.7

9
×
(100

118

)0.5
]0.5

×100% = 41.8%

The friction angle based on Kulhawy and Mayne
(1990) is

𝜙 = tan−1

⎡⎢⎢⎢⎣
N60

12.2 + 20.3
(
𝜎
′
z0∕100

)⎤⎥⎥⎥⎦
0.34

= tan−1

[
15.8

12.2 + 20.3 (118∕100)

]0.34

= 37.0∘

2.4.2 Cone Penetration Test

Introduction The cone penetration test (CPT) is another
commonly used in situ test method in the practice follow-
ing the ASTM standard D3441. CPT utilizes a cone, which
was once known as the Dutch cone. There are two types
of CPT cones: mechanical and electric; however, nowadays,
most of the CPT cones are electric. More CPT cones have
a preinstalled inclinometer to ensure the verticality of the
cone during penetration. A typical cone has a 60o apex with
a cross-sectional area of 1000 or 1500 mm2. A typical CPT
can measure tip resistance and sleeve friction (also called
side resistance). The cone with one or more water pressure
sensors is called CPTu or piezocone. The cone as shown
in Figure 2.47 is pushed continuously by a hydraulic jack

at a speed of 20 mm∕s. The readings are taken at every
10 to 50 mm.

The advantages of CPT are: (1) it can obtain more informa-
tion (two or more parameters) and (2) it can get continuous
and more consistent soil profiles. However, it does not have
soil sampling and is unreliable for soils containing large par-
ticles, such as gravel.

Measured Parameters Figure 2.48 shows the typical pro-
files of tip resistance, qt, and sleeve friction fs from a site.

Soil Classification and Correlation The soil type can be
determined based on the design chart developed by Robert-
son (1990) as shown in Figure 2.49. In this design chart, the
normalized cone parameters are used:

Qt =
qt − 𝜎zo

𝜎
′
zo

(2.37a)

Bq =
ub − u0

qt − 𝜎zo
(2.37b)

Ft =
fs

qt − 𝜎zo
(2.37c)

where

𝜎zo = total overburden stress behind the cone tip
𝜎
′
zo = effective overburden stress behind the cone tip
u0 = hydrostatic water pressure behind the cone tip
ub = measured water pressure behind the cone tip
qt = corrected tip resistance (approximately equal to

measured tip resistance, qc, if ub is not too high)

The measured data point within a specific zone represents
a specific soil behavior type as shown in Figure 2.49. For
example, Zone 2 is a clay or clay to silty clay type.

Kulhawy and Mayne (1990) proposed the following corre-
lation to estimate the relative density of sand:

Dr(%) =

√√√√ qc
30500Qc OCR0.18

√
100
𝜎
′
z0

(2.38)

where qc = CPT tip resistance (kPa)
Qc = compressibility factor (ranging from 0.9 to 1.1)
𝜎
′
z0 = effective overburden stress (kPa)

Kulhawy and Mayne (1990) proposed the following corre-
lation to estimate the effective friction angle of sand:

𝜙
′ = tan−1

[
0.1 + 0.38 log

(
qc
𝜎
′
z0

)]
(2.39)
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Figure 2.47 Cone penetration test (Mayne et al., 2001).

Figure 2.48 CPT profiles (Courtesy of Paul Mayne).

CPT tip resistance can also be used to estimate the
undrained shear strength of clay as follows:

cu =
qc − 𝜎z0

Nk
(2.40)

where 𝜎z0 = total overburden stress
Nk = cone factor.

Salgado (2006) suggested Nk = 10 − 12.

Kulhawy and Mayne (1990) proposed the following corre-
lation to estimate the preconsolidation stress of clay:

pc = 0.33(qc − 𝜎z0) (2.41)

The moduli of soils can be estimated based on the CPT tip
resistance provided in Table 2.14.

Table 2.14 Soil Elastic Modulus Estimated by CPT Tip
Resistance

Soil Type Es

Sand (normally consolidated) (2–4)qc
Sand (overconsolidated) (6–30)qc
Clayey sand (3–6)qc
Silty sand (1–2)qc
Soft clay (3–8)qc



44 2 GEOTECHNICAL MATERIALS, TESTING, AND DESIGN

Zone Soil behavior type

1 Sensitive, fine grained

2 Organic soil; peat

3 Clay; clay to silty clay

4 Silt mixture; clayey silt to silty clay

5 Sand mixture; silty sand to sandy silt

6 Sand; clean sands to silty sand

7 Gravelly sand to sand

8 Very stiff sand to clayey sand

9 Very stiff fine grained

Figure 2.49 CPT soil type classification (after Robertson, 1990, with permission from Canadian Geotech-
nical Journal).

Example 2.12

A CPT is conducted on a site with a groundwater table
near the ground surface. The measured tip resistance
and sleeve friction at the depth of 10.7 m are 1.5 MPa
and 65 kPa, respectively. The unit weight of the soil is
18.1 kN∕m3. Classify this soil and determine the OCR
value and the undrained shear strength.

Solution

At the depth of 10.7 m, the total and effective overbur-
den stresses are

𝜎z0 = 10.7 × 18.1 = 193 kPa

𝜎
′
z0 = 10.7 × (18.1 − 9.81) = 88 kPa

The calculated Qt = 15 and Ft = 5%. From the soil
classification chart, it is soil type 3, i.e. clay or clay to
silty clay.

Based on the correlation by Kulhawy and Mayne
(1990), the preconsolidation stress can be calculated
as follows:

𝜎
′
p = 0.33 (qc − 𝜎z0) = 0.33 × (1500 − 193) = 431 kPa

OCR = 431∕88 = 4.9

Therefore, it is an overconsolidated soil.
The undrained shear strength of the clay can be cal-

culated using the following formula (use Nk = 11):

cu =
qc − 𝜎z0

Nk
= 1500 − 193

11
= 119kPa
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2.4.3 Vane Shear Test

Introduction Vane shear test is the most widely used
method for the in situ determination of the undrained shear
strengths of soft clays. This method was originally used
in Sweden in 1919 and has been extensively employed
worldwide since the late 1940s. Vane shear test is a good in
situ test to directly determine undrained shear strength of
clay, especially soft clay. ASTM standard D2573 is available
for this method. The basic test procedure includes:
• Insert a metal vane into the soil.
• Rotate the vane at a rate of 6o per minute until the soil

fails in shear.
• Record the maximum torque during the rotation.

Figure 2.50 shows a vane used in a field test.

Measured Value For a flat vane, the undrained shear
strength of the soil can be calculated as follows:

cu =
2Tf

𝜋dv
2(Lv + 0.33dv)

(2.42)

where Tf = torque at soil failure
Lv = vane length
dv = vane diameter.

If Lv∕dv = 2, the above equation can be simplified into

cu =
0.86Tf

𝜋dv
3

(2.43)

For a tapered vane, the undrained shear strength of the soil
can be calculated as follows (Bowles, 1996):

cu =
0.3183Tf

1.354dv
3 + 0.354(d1dv

2 − dvd
2
1) + 0.2707d3

1

(2.44)

Figure 2.50 Vane shear test.

where d1 is the diameter of the rod (typically 12 −22 mm).
Bjerrum (1972) found that the vane shear tests overesti-

mated the undrained shear strengths of clays as compared
with those back-calculated from failed embankments. There-
fore, Bjerrum (1972) suggested the following correction:

cuc = 𝜆vcu (2.45)

where cuc = corrected undrained shear strength
cu = measured undrained shear strength
𝜆v = correction factor, which can be estimated by

the following correlation with plasticity index
of soil:

𝜆v = 1.18 − 0.0107PI + 0.0000513PI2 ≤ 1 (2.46)

It is unique for a vane shear test that it can be used to de-
termine the soil sensitivity by running the test in undisturbed
and remolded soils:

St =
cu
cum

(2.47)

where cu = undrained shear strength of the undisturbed soil
cum = undrained shear strength of the remolded soil

Example 2.13

A vane shear test is performed at a depth of 5.0 m in
a soft clay stratum (its plasticity index PI = 50). The
measured torque at soil failure is 9 N⋅m. The flat vane
is 60mm in diameter and 120mm long. Compute the
corrected undrained shear strength of the clay.

Solution

The measured undrained shear strength of the clay can
be calculated as follows (for Lv∕dv = 2):

cu = 0.86
Tf

𝜋dv
3

At a depth of 5.0m, Tf = 9⋅N ⋅ m. The undrained
shear strength is

cu = 0.86
Tf

𝜋dv
3
= 0.86

9
3.14 × (0.06)3

= 11400N∕m2 = 11.4kPa

For PI = 50, the correction factor is
𝜆 = 1.18 − 0.0107PI + 0.0000513PI2 =

1.18 − 0.0107 × 50 + 0.0000513 × 502 = 0.77.
Therefore, the corrected undrained shear strength is

cuc = 𝜆vcu = 0.77 × 11.4 = 8.8 kPa
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2.4.4 Pressuremeter Test

Introduction The pressuremeter test was first conceived,
designed, constructed, and used by Menard of France in
1955. This method is adopted as ASTM standard D4719.
Figure 2.51 shows the illustration of a pressuremeter test in
field. The pressuremeter includes one measuring cell and two
guard cells. The measuring cell is filled with water while the

guard cells are filled with gas. This is a theoretically sound
test method in determination of soil parameters. It tests a
larger zone of soil mass than other in situ tests. From the
test results, a complete stress−strain curve can be developed.
However, this test method has a complicated test procedure
and requires a high level of expertise in the field. It is time
consuming and expensive. Also, the pressuremeter is delicate
and easily damaged.

Figure 2.51 Pressuremeter test (Mayne et al., 2001).

Figure 2.52 Typical pressuremeter curve.
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The basic procedure of the pressuremeter test is

• Drill a hole.
• Insert a cylindrical probe.
• Inflate the probe with pressure.
• Measure the pressure and volume change.

Measured Parameters Pressuremeter test is usually car-
ried out at 1-m intervals. The typical pressuremeter result is
shown in Figure 2.52. From this curve, the mean volume,
Vm, the slope, 𝛥pa∕𝛥v, and the limit pressure, pL, can be
determined. The mean volume and the slope can be used to
calculate the geomaterial pressuremeter modulus, EPMT, as
follows:

EPMT = 2(1 + v)Vm
𝛥pa
𝛥v

(2.48)

where v is the geomaterial Poisson ratio (typically 0.33).

Example 2.14

A pressuremeter test is carried out at a site at a depth
of 7m below the ground surface. The water table level
is at a depth of 1.5m. The average unit weight of sat-
urated soil is 17.3kN∕m3. The deflated volume of the
probe is Vc = 53,5000 mm3. The linear portion of the
curve starts at p0 = 105 kPa and v0 = 160,000 mm3

and ends at pf = 530 kPa and vf = 200,000 mm3. De-
termine the soil pressuremeter modulus, EPMT.

Solution

Since Vc = 535cm3
, v0 = 160cm3, and vf = 200cm3,

the mean volume is

Vm = Vc +
v0 + vf

2
= 535,000 + (160000 + 200000)∕2

= 715000mm3 = 7.15 × 10−4m3

𝛥pa
𝛥v

= 530 − 105
200,000 − 160,000

= 0.0106 kPa∕mm3

= 1.06 × 107 kPa∕m3

Hence,

EPMT = 2.66Vm
𝛥pa
𝛥v

= 2.66 × 7.15 × 10−4 × 1.06 × 107

= 20,200kPa = 20.2MPa

2.4.5 Plate Load Test

Introduction Plate load test is the test method that closely
simulates the response of a foundation on soil under loading.
This test method can determine the ultimate bearing capacity
and elastic modulus of the foundation soil. A test can be
performed using a force or displacement rate control method.
The force control method is more commonly used in the field.
In this method, the load is applied in increments. After each
load is applied, it is maintained for a certain time until the
preset criteria are met. During this time period, the settlement
of the plate is measured. The accumulated settlement from
the beginning of loading is plotted against the corresponding
applied pressure as shown in Figure 2.53.

Measured Parameters The ultimate bearing capacity is of-
ten selected as the applied pressure before plunging or a
preset settlement (typically 10% plate width or diameter)
reached. It can also be used to calculate the elastic modulus
of the foundation soil as follows:

Es = 0.79(1 − 𝜈
2)df

p

S
(2.49)

where 𝜈 = Poisson’s ratio of soil
df = diameter of a circular rigid plate
p = applied bearing pressure
S = settlement

Figure 2.53 (a) Plate load test and (b) test result.
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Example 2.15

A plate load test with 1-m diameter circular steel
plate is performed on a natural ground. The measured
pressures and settlements are provided in Example
Table 2.3. Determine the ultimate bearing capacity and
the elastic modulus of the foundation soil.

Example Table 2.3

Pressure (kPa) 0 25 50 75 100 125 150 175 200

Settlement (mm) 0 10 20 33 47 64 83 110 155

Solution

Plot the pressure versus settlement curve in Example
Figure 2.3. There is a significant increase in settlement
from the applied pressure from 175 to 200 kPa; and
200 kPa can be considered as the plunging point; there-
fore, the ultimate bearing capacity is 175 kPa. Alterna-
tively, based on the criterion for the settlement-to-plate
diameter ratio at 10%, the ultimate bearing capacity is
167 kPa. They are close.

The slope of the linear line (pick up any point on the
line for calculation) is

p

S
= 100

45
= 2.22 kN∕mm = 2220 kN∕m

Assume the Poisson ratio of the soil is 0.3. The elastic
modulus can be calculated:

Es = 0.79(1 − 𝜈
2)df

p

S
= 0.79 × (1 − 0.32) × 1.0 × 2220

= 1.60 MPa

Example Figure 2.3 Applied pressure vs. settlement.

2.5 SHALLOW FOUNDATION DESIGN

2.5.1 Bearing Capacity

When a footing on top of the ground or embedded in the
ground is subjected to a load from a superstructure, it trans-
fers the load to the soil underneath the footing. The soil under
the load deforms, the soil wedge forms, and shear stresses
develop within the soil as shown in Figure 2.54. With an in-
crease of the applied load, the shear stresses continue increas-
ing. When the shear stress is equal to the soil shear strength,
the soil yields and slip surfaces develop. When the slip sur-
faces fully develop, the soil is no longer able to carry any
additional load; therefore, the footing collapses. The max-
imum load the footing is able to carry prior to collapse is
often referred to the ultimate bearing capacity. Vesic (1973)
found that the possible failure mode in sand, including local,
punching, and general shear failure, depends on the relative
density of sand and the relative depth. General shear failure
is the common failure mode for a shallow foundation.

Several ultimate bearing capacity formulas have been
developed for shallow foundations in the past. The com-
monly used ones include Terzaghi (1943), Meyerhof (1953),
Hansen (1970), and Vesic (1973). The Meyerholf bearing
capacity formula is mostly used in this book; therefore, it is
reviewed here.

The ultimate bearing capacity of a shallow foundation for
a general failure can be expressed as

qult = cNcscdc + 0.5𝛾 ′ BfN𝛾
s
𝛾
d
𝛾

+ 𝜎
′
DNqsqdq (2.50)

where Bf = footing width
c = soil cohesion

𝛾
′ = soil effective unit weight at the base

of the foundation
𝜎
′
D = soil effective overburden stress at

the base of the footing

Figure 2.54 Ultimate bearing capacity considering general shear
failure.
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Nc,N𝛾
, Nq = bearing capacity factors, which can be calcu-

lated as follows:

Nq = tan2

(
45∘ + 𝜙

2

)
e𝜋 tan 𝜙 (2.51a)

Nc =
Nq − 1

tan 𝜙

if 𝜙 > 0;Nc = 5.14 if 𝜙 = 0 (2.51b)

N
𝛾
= (Nq − 1) tan (1.4𝜙) (2.51c)

sc, s𝛾 , sq = shape factors
dc, d𝛾 , dq = depth factors

The shape and depth factors are provided in Table 2.15.
When the saturated, undrained soft soil under the con-

tinuous footing has a limited thickness (e.g., underlain by
bedrock or a firm soil stratum), the bearing capacity factor,
Nc, can be estimated using Figure 2.55.

Table 2.15 Shape Factors and Depth Factors for
Bearing Capacity Calculations

Friction Angle Formulaa

𝜙 = 0 sc = 1 + 0.2(Bf ∕Lf )
sq = s

𝛾
= 1

𝜙 = 10∘ sc = 1 + 0.2Kp(Bf∕Lf )
sq = s

𝛾
= 1 + 0.1Kp(Bf∕Lf )

𝜙 = 0 dc = 1 + 0.2(Df ∕Bf )
dq = d

𝛾
= 1

𝜙 ≥ 10∘ dc = 1 + 0.2
√
Kp(Df ∕Bf )

dq = d
𝛾
= 1 + 0.1

√
Kp(Df ∕Bf )

aLf = length of footing and Kp = tan2 (45∘ + 𝜙∕2).

Example 2.16

A square concrete footing with 1 m × 1 m is embed-
ded in clay at a depth of 1 m. The undrained shear
strength of the clay is 25 kPa. The groundwater table is
at the depth of 0.6 m from the ground surface. The unit
weights of the clay above and below the groundwater
table are 18 and 20 kN∕m3, respectively. Calculate the
ultimate bearing capacity of this footing on the clay
under an undrained condition.

Solution

The overburden stress at the base of the footing is

𝜎
′
D = 0.6 × 18 + 0.4 × (20 − 9.81) = 14.9 kPa

Under an undrained condition (i.e., cu ≠ 0 and 𝜙u =
0), Nc = 5.14,Nq = 1.0, and N

𝛾
= 0:

qult = cNcscdc + 0.5𝛾′BfN𝛾
s
𝛾
d
𝛾
+ 𝜎

′
D Nqsqdq

= 5.14cuscdc + 𝜎
′
Dsqdq

sc = 1 + 0.2(Bf ∕Lf ) = 1 + 0.2 × (1∕1) = 1.2

dc = 1 + 0.2(Df ∕Bf ) = 1 + 0.2 × (1∕1) = 1.2

sq = 1

dq = 1

The ultimate bearing capacity under the undrained
condition is

qult = 5.14cuscdc + 𝜎
′
D sqdq

= 5.14 × 25 × 1.2 × 1.2 + 14.9 × 1 × 1 = 200kPa

Figure 2.55 Bearing capacity factor considering limited thickness of soft soil (mod-
ified from Bonaparte et al., 1978).
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2.5.2 Settlement

Foundations settle under vertical static loads. The total settle-
ment of a foundation includes three components as follows:

St = Si + Sc + Ss (2.52)

where St = total settlement
Si = immediate settlement
Sc = primary consolidation settlement
Ss = secondary settlement or compression

Figure 2.56 shows the settlement−time relationship under
a constant load.

Immediate settlement happens under an instantaneous
load; therefore, it completes during construction. The
applied load generates excess pore water pressure in ge-
omaterial. Primary consolidation settlement develops as
excess pore water pressure dissipates with time. Depending
on geomaterial type, consolidation settlement can occur
quickly for geomaterials with high permeability (such as
cohesionless geomaterials) but slowly for geomaterials
with low permeability (such as cohesive geomaterials).
Consolidation of cohesionless geomaterials typically can
finish during construction while consolidation of cohesive
geomaterials can take years to complete. The complete
dissipation of excess pore water pressure is the end of the
consolidation, tp. Secondary compression, also referred to
as creep deformation, is mostly attributed to the change
of soil fabric. Mitchell and Soga (2005) suggest that “the
mechanism of secondary compression involves sliding at
interparticle contacts, expulsion of water from microfabric
elements, and rearrangement of adsorbed water molecules
and cations into different positions.”

Different methods are available to calculate settlement,
including the (1) elastic solution, (2) consolidation test-based

Figure 2.56 Settlement vs. time.

method, (3) empirical method, (4) numerical method, and
(5) observational method. The elastic solution, the method
based on consolidation tests, and the empirical method are
commonly used in practice and therefore are reviewed here.

Elastic Solution The basic elastic solution is developed
based on the elastic theory considering a footing on a
half-space uniform medium as follows:

Se = pBf
1 − 𝜈

2
s

Es
I (2.53)

where Se = elastic settlement
p = applied pressure
Bf = foundation width or diameter (= df )
Es = geomaterial elastic modulus
𝜈s = geomaterial Poisson’s ratio
I = influence factor, which is provided

in Table 2.16

Mayne and Poulos (1999) and Elhakim (2005) modified
the preceding equation by considering the flexibility and
embedment depth of a circular footing and a Gibson soil as
shown in Figure 2.57:

Scenter =
pn(1 − v2

s ) df IGIFIE
E0

(2.54)

Table 2.16 Influence Factor for Settlement Calculation

Shape Lf ∕Bf
a Center Corner Average (rigid)

Circular 1.00 0.64 0.79
Square 1.0 1.12 0.56 0.88
Rectangular 2.0 1.53 0.77 1.21
Rectangular 10.0 2.54 1.27 2.10
aLf = footing length; Bf = footing width or diameter; Lf∕Bf = 10
represents a continuous footing.

df

df /2

pn

E0

Em

zf

Ef
Df

Es

σ′D

kE

1

tf

h

Soil

Firm soil or bedrock

Figure 2.57 Shallow foundation and soil profile.
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where Scenter = settlement at the center of the
foundation

pn = net applied pressure (i.e., pn = p − 𝜎
′
D)

𝜎
′
D = effective overburden stress at the base

of the footing
df = diameter of the footing
E0 = soil elastic modulus at the base of the

footing
IG, IF, IE = influences factors considering the

Gibson soil, embedment depth, and
foundation flexibility can be
determined as follows:

IG ≈
1

(1 + 0.23df∕h) + 1.6[E0∕(kEdf )]−0.8
(2.55a)

IE ≈ 1 − 1
3.5[(df ∕Df ) + 1.6] exp(1.22𝜈s − 0.4)

(2.55b)

IF ≈
𝜋

4
+ 1

4.6 + 10Kf
(2.55c)

Kf = (1 − 𝜈
2
s )

Ef

Em

(2tf
df

)3

(2.56)

where Df = embedment depth of the footing
tf = thickness of the footing
Kf = flexibility factor (Kf > 10, perfectly rigid;

0.01 < Kf < 10, intermediately rigid; and
Kf < 0.01, perfectly flexible)

kE = slope of soil modulus increase
Ef = modulus of the footing.
Em = representative soil elastic modulus located

beneath the footing base (i.e., the soil
modulus at the depth equal to the radius of
the footing)

The settlement at the edge of the circular footing can be
estimated as follows:

Sedge

Scenter
≈ 1 − 1.533

4.6 + 10Kf
(2.57)

The settlement at the corner of a square or rectangular foun-
dation can be estimated as follows (an equivalent diameter
of the foundation should be first obtained based on the equal
area concept):

Scorner

Scenter
≈ 1 − 2.3

4.6 + 10Kf
(2.58)

In the basic elastic solution and the modified solutions by
Mayne and Poulos (1999) and Elhakim (2005), the elastic
modulus of the soil can be an undrained or drained modulus.
When an undrained modulus is used, the calculated settle-
ment is the immediate settlement. However, when a drained
modulus is used, the calculated settlement is the consolida-
tion settlement.

Consolidation Test-based Method The primary consolida-
tion settlement can be calculated based on consolidation test
results. Figure 2.58 shows the e − log 𝜎

′ plots. When the to-
tal applied stress, 𝜎′z is lower than the preconsolidation stress,
pc (i.e., the maximum stress the soil has experienced), the
following equation can be used to calculate the primary con-
solidation settlement:

Sc = Σ
Cr𝛥h

1 + e0
log

𝜎
′
z0 + 𝛥𝜎z

𝜎
′
z0

(2.59)

where Cr = recompression index
𝛥h = thickness of geomaterial sublayer
e0 = geomaterial initial void ratio
𝜎
′
z0 = overburden stress at midpoint of

geomaterial sublayer
𝛥𝜎z = additional vertical stress at midpoint of

geomaterial sublayer

Figure 2.58 e−log 𝜎
′ plot.
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When the total applied stress, 𝜎′z, is equal or higher than
the preconsolidation stress, pc, the following equation can
be used to calculate the primary consolidation settlement:

Sc = Σ

(
Cr𝛥h

1 + e0
log

pc
𝜎
′
z0

+
Cc𝛥h

1 + e0
log

𝜎
′
z0 + 𝛥𝜎z

pc

)
(2.60)

where Cc is the geomaterial compression index.
The preceding equation can be used for both normally

consolidated soil (pc = 𝜎
′
z0) and overconsolidated soil when

𝜎
′
z ≥ pc.
The additional vertical stress at the midpoint of a geoma-

terial sublayer can be calculated by the Boussinesq solution
or estimated by the following equation (Coduto, 2001):

𝛥𝜎z =
⎧⎪⎨⎪⎩1 −

⎡⎢⎢⎣ 1

1 +
(
0.5Bf∕zf

)1.38+0.62Bf ∕Lf

⎤⎥⎥⎦
2.60−0.84Bf ∕Lf⎫⎪⎬⎪⎭ pn

(2.61a)
where Lf and Bf is the length and width of the footing. For a
continuous foundation, B∕L = 0.

In practice, alternatively, the distributed vertical stress
along the axis of a rectangular foundation can be estimated
using a stress distribution angle method as shown in
Figure 2.59 and expressed as follows:

𝛥𝜎 =
pnLf Bf

(Bf + 2zf tan 𝜃)(Lf + 2zf tan 𝜃)
(2.61b)

where 𝜃 = stress distribution angle.
Salgado (2008) found that when tan 𝜃 = 0.5 (i.e., a 2[verti-

cal]:1 [horizontal] distribution angle), the stress distribution
angle method calculates the distributed vertical stress along
the axis close to that by the elastic theory. The method as-
suming 2:1 distribution angle is often referred to as the 2:1
distribution method in practice.

There are many empirical relationships between Cc or Cr
and other soil parameters developed by different researchers.
Typically, Cc = 0.1 − 0.8 and Cr = Cc∕5 − Cc∕10.

Figure 2.59 Stress distribution in a soil medium.

Figure 2.60 Strain influence factor, I
𝜀
, with depth.

Empirical Method The Schmertmann et al. (1978) method,
which was developed for shallow foundations with sandy
soils based on the strain influence factor concept as shown
in Figure 2.60, has been commonly used in practice. The
settelement of a shallow foundation can be calculated as
follows:

Se = C1C2C3pn
∑ I

𝜀

Es
𝛥h (2.62)

where C1 = correction factor for embedment depth of the
foundation, i.e., C1 = 1 − 0.5(𝜎′D∕pn)

C2 = correction factor for soil creep, i.e.,
C2 = 1 + 0.2 log (t∕0.1), t is time after the
load is applied (years) (t = 50 years has
been typically used)

C3 = correction factor for foundation shape, i.e.,
C3 = 1.03 − 0.03Lf ∕Bf ≥ 0.73

I
𝜀p = 0.5 + 0.1

√
(pn∕𝜎′zp)

I
𝜀
= influence factor at midpoint of each soil

sublayer
𝛥h = thickness of each soil sublayer
Es = soil elastic modulus at midpoint of each

sublayer

Secondary Compression The secondary compression of a
foundation can be estimated using the following formula:

Ss = Σ
C
𝛼
Δh

1 + e0
log

t
tp

(2.63)

where C
𝛼
= geomaterial secondary compression index

tp = time at end of primary consolidation
t = time after the pressure is applied (t > tp).
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Mesri and Godlewski (1977) investigated a variety of soils
for the secondary compression indices and correlated C

𝛼

with Cc. They suggested the average C
𝛼
∕Cc values for in-

organic clays and silts, organic clays and silts, and peats
are 0.04 ± 0.01, 0.05 ± 0.01, and 0.075 ± 0.01, respectively.
Mesri et al. (1990) found that theC

𝛼
∕Cc values for clean sand

range from 0.015 to 0.03.

Example 2.17

A circular concrete mat foundation with a diameter
of 12.66 m and a thickness of 1.22 m is to be con-
structed on uniform silty sand with an elastic modulus
of 19.5 MPa, a Poisson ratio of 0.15, and a unit weight
of 18 kN∕m3. Groundwater table and bedrock are at
great depths. This mat foundation embedded at 1.22 m
carries a vertical load of 14.29 MN. Concrete modulus
is 35.6 GPa and concrete unit weight is 23.6 kN∕m3.
Calculate the settlement of this foundation.

Solution

The area of the mat foundation is

Af = 𝜋rf
2 = 3.14 ×

(12.66
2

)2
= 125.9m2

The weight of the mat foundation is

Wf = Af tf 𝛾f = 125.9 × 1.22 × 23.6

= 3624.9kN = 3.62MN

The applied bearing pressure is

p =
P +Wf

Af
= 14.29 + 3.62

125.9
= 0.142MPa = 142kPa

The net applied pressure is

pn = p − 𝜎
′
zD = 142 − 1.22 × 18 = 120.4kPa

The foundation flexibility factor is

Kf =
( Ef

Em

)( tf
rf

)3

(1 − vs
2) =

(
35,600

19.5

)
⋅
(1.22

6.33

)3
(1 − 0.152) = 12.6 > 10

therefore, the mat foundation is rigid.
The settlement of a mat foundation on a half-space

medium can be calculated as follows:

S =
pn(1 − vs

2)df IGIFIE
E0

Since it is a uniform soil, IG = 1.0.
For a rigid foundation, IF = 0.793.

The influence factor considering embedment depth is

IE = 1 − 1
3.5 exp (1.22vs − 0.4) [(df ∕Df ) + 1.6]

= 1 − 1
3.5 exp (1.22 × 0.15 − 0.4)[(12.66∕1.22) + 1.66]

= 0.97

Therefore, the calculated settlement is

S =
pn(1 − vs

2)df IGIFIE
E0

= 120.4 × (1 − 0.152) × 12.66 × 1 × 0.793 × 0.97
19,500

= 0.059m

Example 2.18

A project site consists of uniform normally consol-
idated sand. The groundwater table is at a depth of
2.0 m below the ground surface. The elastic modulus
of the sand is 10 MPa. The unit weights of the sand
above and below the groundwater table are 17 and
20 kN∕m3, respectively. The unit weight of concrete
is 23.6 kN∕m3. A 625-kN load is to be supported on
a 2.5 m × 2.5 m footing to be founded at a depth of
2.0m in this soil. Use Schmertmann’s method to com-
pute the settlement of this footing soon after construc-
tion and the settlement at 50 years after construction.

Solution

The applied pressure at the base of the footing is

p =
P +Wf

A
= 625 + (2.5 × 2.5) × 2 × 23.6

2.5 × 2.5
= 147.2kPa

The effective overburden stress at the depth of the
embedment is

𝜎
′
zD = 𝛾

′Df = 17 × 2 = 34kPa

The net applied pressure is

pn = p − 𝜎
′
zD = 147.2 − 34 = 113.2kPa

The effective overburden stress at the depth of the
peak value of the strain influence factor is

𝜎
′
zp = 𝛾zw + (𝛾sat − 𝛾w)(Df + 0.5Bf − zw)

= 17 × 2 + (20 − 9.8) × (2 + 0.5 × 2.5 − 2)

= 46.8kPa
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The peak value of the strain influence factor is

I
𝜀p = 0.5 + 0.1

√
pn
𝜎′zp

= 0.5 + 0.1

√
113.2
46.8

= 0.66

Example Figure 2.4

Example Table 2.4

Layer
No.

Depth
(m) Es(kPa) zf (m) I

𝜀
Δh(m) I

𝜀
Δh∕Es

1 2 to 3 10000 0.5 0.343 1 0.000034
2 3 to 5 10000 2.0 0.514 2 0.000103
3 5 to 6 10000 3.5 0.257 1 0.000026
4 6 to 7 10000 4.5 0.086 1 0.000009

ΣI
𝜀
Δh∕Es = 0.000171 m3∕kN

C1 = 1 − 0.5

(
𝜎
′
zD

pn

)
= 1 − 0.5 ×

( 34
113.2

)
= 0.85

C3 = 1.03 − 0.03
Lf
Bf
= 1.03 − 0.03 ×

(2.5
2.5

)
= 1.0 > 0.73

At t = 0.1 yr ∶ C2 = 1.

S = C1C2C3 pnΣ
I
𝜀
Δh
Es

= 0.85 × 1 × 1 × 113.2 × 0.000171

= 0.016m = 16mm

At t = 50 yrs ∶ C2 = 1 + 0.2 log
( t

0.1

)
= 1 + 0.2 log

( 50
0.1

)
= 1.54

S = C1C2C3pnΣ
I
𝜀
Δh
Es

= 0.85 × 1.54 × 1 × 113.2 × 0.000171

= 0.025m = 25mm

2.5.3 Consolidation

Consolidation is dissipation of excess pore water pressure in
geomaterial that is generated by an applied load. Figure 2.61
shows a clay layer underlain by a sand layer subjected to a
uniform instantaneous pressure, 𝛥𝜎z. The excess pore wa-
ter pressure at the moment of loading, that is, u0 is equal to
𝛥𝜎z. Since the sand layer has high permeability and it can
serve as a drainage layer, the water in the clay layer can
drain out vertically upward and downward with time (i.e.,
one-dimensional consolidation problem). This drainage pro-
cess can be described by a differential equation as follows:

𝜕u
𝜕t
= cv

𝜕
2u
𝜕z2

(2.64)

where u = excess pore water pressure in soil at depth,
z and time, t

cv = coefficient of vertical consolidation of soil

Considering initial and boundary conditions, the above
equation was solved by Terzaghi (1943):

u =
∞∑
m=0

2𝛥𝜎z
M

sin

(
Mz
hdr

)
e−M

2Tv (2.65)

where

M = (2m + 1)𝜋
2

Tv =
cvt

h2
dr

and hdr = longest drainage distance due to vertical flow (if top
and bottom drainage surfaces exist, half of the soil thickness
between these two surfaces should be used).

To quantify the rate of excess pore water pressure dissi-
pation, degree of consolidation, or rate of consolidation is

Figure 2.61 Dissipation of excess pore water pressure and
one-dimensional consolidation.
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defined as follows:

U =
u0 − ut
u0

× 100% (2.66)

where ut is the average excess pore water pressure at time t,
which is calculated based on the area of the remaining pore
water pressure divided by the thickness of the clay layer in
Figure 2.61.

2.6 SLOPE STABILITY ANALYSIS

2.6.1 Introduction

Slopes exist in three different forms: natural slope, fill slope,
and cut slope. They can be one side (e.g., a hillside of a
mountain or a river bank), two sides (e.g., an embankment),
or multiple sides. Figure 2.62 shows a typical embankment,
which has the components of foundation, toe, facing, crest,
and slope angle. In practice, slope angle is often expressed
as a ratio of horizontal distance to vertical distance or a ratio
of vertical distance to horizontal distance, depending on the
traditions in different countries. To avoid confusing, the slope
angle is expressed in either a number or a ratio in a form of
mh (H):1 (V) in this book, in which H stands for horizontal
distance and V stands for vertical distance.

As shown in Figure 2.63, steepening a slope toward a wall
increases usable space as well as cost but reduces stability.
The maximum slope angle of an unreinforced slope is limited
by soil strength. To maintain the stability of a steepened
slope or wall, internal reinforcements (e.g., geosynthetics or
soil nailing) and/or external support (e.g., gravity wall) are
needed. In practice, there is an artificial division between

Figure 2.62 Components of a slope.

Figure 2.63 Space, cost, and stability.

Figure 2.64 Possible failure modes of a slope.

slopes and walls by a slope angle. When the slope angle is
less than 70o, the earth structure is considered as a slope.
When the slope angle is equal or greater than 70o, the earth
structure is considered a wall. Different theories have been
proposed and used to analyze slopes and walls.

Figure 2.64 shows possible failure modes of a slope, in-
cluding local failure, surficial failure, toe slope failure, and
global failure. Local failure typically happens at local areas
where geomaterial is poorly compacted, weak geomaterial
exists, water intrudes, and/or there are other triggering fac-
tors. Due to limited sizes, local failure is often not a major
concern and can be fixed easily. Surficial failure is the most
common failure mode for slopes, especially in areas sub-
jected to frequent rainfall. The causes for surficial failure
are poor compaction, low overburden stress, loss of cohe-
sion, saturation, and seepage force. Biological stabilization
(such as tree roots) and geosynthetic reinforcement are com-
monly used to stabilize surficial failure. Toe slope failure
happens through the toe of a slope, mostly due to large
slope angle, low soil strength, and/or surcharge. Different
ground improvement methods can be used to prevent toe
slope failure, such as geosynthetic reinforcement, soil nail-
ing, ground anchors, micropiles, and stone columns. Global
failure, also referred to as deep-seated failure, happens when
a weak foundation exists under the slope. Improvement of
the weak foundation is the key to prevent global failure. The
above-mentioned ground improvement methods will be dis-
cussed in later chapters of this book.

2.6.2 Methods for Slope Stability Analysis

Stability Conditions for Analysis Depending on the nature
of a problem, slope stability analysis may be conducted un-
der different conditions: (1) during construction, (2) end of
construction, (3) long-term stability, (4) rapid drawdown,
(5) rainfall, and (6) earthquake.

During construction, there are three common slope stabil-
ity problems: (1) excavation and dewatering, (2) construction
equipment traveling on a slope, and (3) staged construction
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of an embankment. Excavation and dewatering often create
an unsupported or unreinforced slope with a water head dif-
ference. Effective stress analysis should be adopted for the
excavated slope because negative pore water pressure is gen-
erated during the removal of geomaterial. Undrained analysis
cannot consider the negative pore water pressure. Construc-
tion equipment traveling on the slope happens when con-
structing landfills. The traveling equipment can destabilize
the slope and should be considered on the slope stability
analysis. Staged construction is a commonly used technique
when embankments are constructed over weak foundations.
Due to low strength of the weak foundation, the embank-
ment sometimes has to be constructed in more than one stage
for fill placement. After each stage, the soft soil is allowed
to consolidate and gain strength before the next stage fill is
placed. For this application, a consolidation analysis needs
to be performed first to calculate the effective stress and esti-
mate the soil strength gain. Then a slope stability analysis
is performed using the increased undrained shear strength
of the soil. The analysis for staged construction will be dis-
cussed in Chapter 7.

End of construction is often a critical condition for slope
stability. For low permeability soils (such as clays and
silts), the analysis is typically done using soil undrained
shear strength. For highly permeable soils (such as sands
and gravels), soil effective strength can be used for the
analysis.

Long-term stability is necessary for the serviceability of
a slope. A higher factor of safety is typically required for
long-term stability. Effective strength parameters should be
used for this application. If there is groundwater flow or
seepage, seepage analysis should be first performed.

Rapid drawdown happens along rivers or inside dams.
Due to the fast lowering of the water level, except for
free-draining geomaterial, the geomaterial does not have
enough time to drain. As a result, the geomaterial is in an
undrained condition. Therefore, undrained shear strength pa-
rameters should be used for the slope stability analysis under
rapid drawdown conditions.

Heavy rainfall can saturate the geomaterial near the slope
face in a short time. Water flow in the saturated geomaterial
will develop seepage force, which destabilizes the slope and
causes surficial failure. The failure often happens at the bot-
tom of the saturated geomaterial. A slope stability analysis
considering seepage is needed for this problem.

An earthquake can generate uplift and horizontal forces,
which will destabilize the slope. These earthquake forces
should be considered in the slope stability analysis. Due to
the low occurrence rate of earthquakes and short duration
of earthquake forces, the required factor of safety is lower
for the slope under the earthquake loading than under static
loading.

Factor of Safety The factor of safety (FS) for slope stability
analysis is typically defined in terms of shear stress, shear
force, and moment as follows:

FS =
𝜏f

𝜏d
(2.67)

FS =
Tr
Td

(2.68)

FS =
Mr

Md
(2.69)

where 𝜏f and 𝜏d = geomaterial shear strength and shear
stress, respectively

Tr and Td = geomaterial resisting and driving forces,
respectively

Mr and Md = geomaterial resisting and driving
moments, respectively

Table 2.17 provides typical factors of safety used in prac-
tice for slope stability analyses.

There have been a number of studies on three-dimensional
(3D) slope stability, for example, Leshchinsky et al. (1985)
and Gao et al. (2013); however, most slope stability analyses
in practice are still performed in two dimensions. This is
because most slope stability problems are in two dimensions
(2D) (such as embankments) or close to two dimensions, and
2D slopes are often more critical than 3D slopes. Therefore,
only 2D slope stability analyses are discussed below.

Infinite Slope Analysis Figure 2.65 shows the force dia-
gram of an infinite slope. Assume the planar slip surface
parallel to the ground surface and at a depth of H. The weight
of the wedge abcd, per unit length into the paper direction is

W = 𝛾LH (2.70)

The normal load and the driving shear force along the slip
plane are

N =W cos 𝛽 = 𝛾LH cos 𝛽 (2.71)

Td =W sin 𝛽 = 𝛾LH sin 𝛽 (2.72)

Table 2.17 Required Minimum Factor of Safety for
Slope Stability Analysis

Condition
for Analysis

Critical
Application

Noncritical
Application

During construction 1.3 1.2
End of construction 1.3 1.3
Long term 1.5 1.3
Rapid drawdown 1.3 1.1
Earthquake 1.2 1.1
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Figure 2.65 Force diagram of infinite slope.

The normal stress and the shear stress are

𝜎n =
N
bc
= 𝛾LH cos 𝛽

L∕ cos 𝛽
= 𝛾H cos2

𝛽 (2.73)

𝜏d =
Td
bc
= 𝛾LH sin 𝛽

L∕ cos 𝛽
= 𝛾H sin 𝛽 cos 𝛽 (2.74)

Based on the Mohr–Coulomb failure criterion, the shear
strength along the slip plane is

𝜏f = c + 𝜎n tan 𝜙 = c + 𝛾H cos2
𝛽 tan 𝜙 (2.75)

According to the definition of the factor of safety in terms
of shear strength versus shear stress, the following equation
can be obtained:

FS =
𝜏f

𝜏d
= c + 𝛾Hcos2

𝛽 tan 𝜙

𝛾H sin 𝛽 cos 𝛽
= 2c

𝛾H sin 2𝛽
+ tan 𝜙

tan 𝛽

(2.76)
If the geomaterial cohesion c = 0, the preceding equation

can be simplified as follows:

FS = tan 𝜙

tan 𝛽
(2.77)

To ensure the stability of the slope, the factor of safety, FS,
in Equation (2.77) must be greater than 1. In other words,
the slope angle, 𝛽, must be less than the geomaterial friction
angle, 𝜙. When 𝛽 = 𝜙, 𝛽 is referred to as the repose angle.
Typically, fine-grained soils have effective friction angles of
approximately 30∘. This is why 2(H):1(V) (i.e., 26.7∘) is
a commonly used slope angle mostly under an unsaturated
condition in practice.

When the slope gets fully saturated from water seepage, the
flow lines and the slip plane are parallel to the slope face, as
shown in Figure 2.66. Based on the basic concept of flow net,
equipotential lines (i.e., fe is one equipotential line) should
be perpendicular to the flow lines; therefore, the water head
difference and pore water pressure at point e are

hw = Hcos2
𝛽 (2.78)

u = 𝛾whw = 𝛾wHcos2
𝛽 (2.79)

Figure 2.66 Force diagram of infinite slope with seepage.

As a result, the geomaterial shear strength along the slip
plane is

𝜏f = c′ + (𝜎n − u) tan𝜙′

= c′ + (𝛾satHcos2
𝛽 − 𝛾wHcos2

𝛽) tan𝜙′

= c′ + 𝛾
′Hcos2

𝛽 tan𝜙′ (2.80)

Therefore, the factor of safety of the saturated slope with
seepage is

FS = c′ + 𝛾
′Hcos2

𝛽 tan𝜙′

𝛾satH sin 𝛽 cos 𝛽
= 2c′

𝛾satH sin 2𝛽
+ 𝛾

′

𝛾sat

tan𝜙′

tan 𝛽
(2.81)

If the effective cohesion, c′ = 0, the preceding equation
becomes

FS = 𝛾
′

𝛾sat

tan𝜙′

tan 𝛽
(2.82)

For most geomaterials, 𝛾
′∕𝛾sat ≈ 0.5, that is,

FS(seepage) ≈ 0.5FS (no seepage). For typical fine-grained
soils (i.e., 𝜙

′ = 30∘), the stable slope under a saturated
condition with seepage should have a slope angle less than
approximately16∘, which responds to a 4(H):1(V) slope.

Ordinary Method of Slices The ordinary method of slices
is also referred to as the Swedish method of slices. It uses a
circular slip surface to divide the slope into a moving mass
and a stationary mass as shown in Figure 2.67. The moving
mass is further divided into vertical slices. The force diagram
of each slice is shown in Figure 2.67(b). In this method, it is
assumed that the resultant force of Ti and Pi on one side of
the slice is equal to that of Ti+1 andPi+1 on another side of the
slice and their lines of action coincide. The mobilized shear
strength at the base of the slice is as follows:

Tri =
𝜏f𝛥li
FS

=
(c + 𝜎n tan𝜙)𝛥li

FS
=

c𝛥li + Nri tan𝜙

FS

=
c𝛥li +Wi cos 𝛼i tan𝜙

FS
(2.83)

The moment equilibrium by the driving force (Wi) and the
resisting force (Tri) about the center of the circle, O, for all



58 2 GEOTECHNICAL MATERIALS, TESTING, AND DESIGN

Figure 2.67 Circular slip surface with (a) vertical slices and (b)
force diagram.

the slices is
m∑
i=1

(WiR sin 𝛼i) =
m∑
i−1

(TriR) (2.84)

Solving the above equation yields the following equation:

FS =

m∑
i=1

(c𝛥li +Wi cos 𝛼i tan𝜙)

m∑
i=1

(Wi sin 𝛼i)
(2.85)

The above derivation shows that the ordinary method of
slices only satisfies the moment equilibrium.

Simplified Bishop’s Method Different from the ordinary
method of slices, the simplified Bishop method (Bishop,
1955) has a vertical side force difference as follows:

𝛥T = Ti − Ti−1 (2.86)

The force equilibrium in the vertical direction is

Wi + 𝛥T = Nri cos 𝛼i +
(
c𝛥li + Nri tan𝜙

FS

)
sin 𝛼i (2.87)

The above equation leads to:

Nri =
Wi + 𝛥T − c𝛥li sin 𝛼i∕FS

cos 𝛼i + tan𝜙 sin 𝛼i∕FS
(2.88)

The moment equilibrium by the driving force (Wi) and the
resisting force (Tri) about the center of the circle, O, for all
the slices results in

FS =

m∑
i=1

[(cbi +Wi tan𝜙 + 𝛥T tan𝜙)∕m
𝛼i]

m∑
i=1

Wi sin 𝛼i

(2.89)

m
𝛼i = cos 𝛼i +

tan𝜙 sin 𝛼i
FS

(2.90)

For simplicity, let 𝛥T = 0 and then

FS =

m∑
i=1

[(cbi +Wi tan𝜙)∕m
𝛼i]

m∑
i=1

Wi sin 𝛼i

(2.91)

The preceding derivation shows that the simplified Bishop
method satisfies the moment equilibrium and the vertical
force equilibrium.

Spencer’sMethod The Spencer method is a general method
of slices, which is suitable for a circular or planar slip sur-
face. Therefore, it has been used for analysis of a two-part
or three-part wedge failure. In this method, a constant rela-
tionship between the magnitudes of the interslice shear and
normal forces is assumed as follows (Figure 2.68):

tan 𝜃i =
Ti
Pi
=

Ti+1

Pi+1
(2.92)

The vertical force equilibrium leads to the following
equation:

Wi − (Ti+1 − Ti) − Nri cos 𝛼i − Tri sin 𝛼i = 0 (2.93)

Figure 2.68 Planar slip surface with (a) vertical slices and (b) force diagram.



SLOPE STABILITY ANALYSIS 59

From the preceding equation, Nri can be solved as follows:

Nri =
[
Wi −

(
Pi − Pi+1

)
tan 𝜃i −

c𝛥li sin 𝛼i
FS

]
1
m
𝛼i

(2.94)

The horizontal force of the slice, Fhi, is

Fhi = (Pi+1 − Pi) + Nri sin 𝛼i − Tri cos 𝛼i (2.95)

Assume
m∑
i=1

(Pi+1 − Pi) = 0
m∑
i=1

Fhi = 0

leads to

FSF =

m∑
i=1

(c𝛥li cos 𝛼i + Nri tan𝜙 cos 𝛼i)

m∑
i=1

Nri sin 𝛼i

(2.96)

Assume
m∑
i=1

Mo = 0

leads to
m∑
i=1

(Wixi − TriR − Nrisi) = 0 (2.97)

From the preceding equation, the following equation can
be solved:

FSM =

m∑
i=1

(c𝛥liR + NriR tan𝜙)

m∑
i=1

(Wixi − Nrisi)
(2.98)

The factors of safety, FSF and FSM , depend on the inter-
slice force angle. These two factors of safety at different
interslice force angles are plotted in Figure 2.69. The final
factor of safety, FSFM , that satisfies both force and moment
equilibriums is sought as shown in Figure 2.69.

Circular slip surfaces are not necessarily always most crit-
ical, especially when the slope and/or the foundation is
not uniform. It is a good idea to check out other possible
slip surfaces using two-part or three-part wedge analyses as
shown in Figure 2.70.

Minimum Factor of Safety and Safety Map The methods
for slope stability analyses discussed above are based on a
known slip surface, which is not necessarily the critical one.
In order to identify the most critical slip surface, many slip
surfaces should be analyzed. The most critical slip surface
corresponds to the minimum factor of safety. There are two
common ways to search for the critical slip surface: (1) the
search center method as shown in Figure 2.71 and (2) the start
and exit points method as shown in Figure 2.72. The search

Figure 2.69 Determination of interslice force angle and factor of
safety.

Figure 2.70 (a) Two-part and (b) three-part wedge analyses.

center method requires defining the area of search centers
and tangential limits while the start and exit points method
requires selecting the ranges of start points and end points. It
is recommended that initial searches should start with a large
area or wide range. After gaining the knowledge of possible
critical slip surfaces, the searches can be focused on a smaller
area or narrow range.

Baker and Leshchinsky (2001) developed a method to
present the spatial distribution of factors of safety in a

Figure 2.71 Search center method.
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Figure 2.72 Start and exit point method.

color-coded map, which is also referred to as a safety map.
The safety map is useful for visual observation of low safety
factor areas so that reinforcements can be properly placed to
increase the factors of safety. Figure 2.73 shows an example
of the safety map.

Numerical Methods Numerical methods, based on
finite-difference or finite-element approach, have been
increasingly used in recent years to analyze slopes. They
adopt a shear strength reduction technique to solve for a
factor of safety of slope stability. In this technique, a series
of trial factors of safety are used to adjust the cohesion, c,
and the friction angle, 𝜙, of geomaterial as follows:

ctrial =
1

FStrial
c (2.99)

𝜙trial = arctan

(
1

FStrial
tan𝜙

)
(2.100)

Adjusted cohesion and friction angle of geomaterial layers
are re-inputted in the model for equilibrium analysis. The
factor of safety is sought when the adjusted cohesion and
friction angle make the slope become unstable from the verge
of stability or become stable from the verge of instability.

Cundall (2002) compared the characteristics of nu-
merical solutions and limit equilibrium methods in
solving the factors of safety of slopes and concluded that
continuum-mechanics-based numerical methods have the
following advantages: (1) no predefined slip surface is
needed; (2) the slip surface can be of any shape; (3) multiple
failure surfaces are possible; (4) no static assumptions
are needed; (5) structures (such as footings, tunnels, etc.)
and/or structural elements (such as beams, cables, etc.)
and interfaces can be included without concerns about
compatibility; and (6) kinematics is satisfied. However, a
complicated and large size problem may require significant
computation time for numerical methods. The inclusion
of structural elements and interfaces may create numer-
ical instability leading to questionable solutions. Some
specific searches are difficult to perform (e.g., surficial
slope instability needs to be prevented in order to study the
deep-seated slope stability). Localized and inconsequential
failures, which may not be of interest to the study (e.g.,
locally overstressed soil), may mislead the investigators.
Han and Leshchinsky (2004) and Leshchinsky and Han
(2004) verified that numerical methods and limit equilibrium
methods (such as the simplified Bishop method) mostly
resulted in the similar results when they are used to analyze
unreinforced slopes and geosynthetic-reinforced slopes
and walls. However, they resulted in different results when
used to analyze column-supported embankments (Han
et al., 2005; Abusharar and Han, 2011). Details about these
comparisons can be found in Chapter 5.

Figure 2.73 Example of safety map (Courtesy of Adama Engineering, Inc.).
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Example 2.19

A 30-m-high slope with a slope angle of 23∘ consists of
a silty clay with cohesion of 5 kPa and a friction angle
of 28∘. The effective cohesion and effective friction
angle of the clay are 0kPa and 28∘, respectively. During
a rainy season, the slope face can be saturated down to
1.2 m vertically. The unit weight of the clay during the
dry season is 17 kN∕m3 but during the rainy reason is
19 kN∕m3. Calculate the factors of safety for the slope
with a slip surface at the depth of saturation during the
dry and rainy seasons.

Solution

Since the depth of the slip surface is much smaller
than the height of the slope, it can be considered as
an infinite slope problem.

The factor of safety of the slope during the dry season
is

FS = 2c
𝛾H sin 2𝛽

+ tan𝜙
tan 𝛽

= 2 × 5
17 × 1.2 × sin(2 × 23∘)

+ tan(28∘)
tan(23∘)

= 1.93

The factor of safety of the slope during the raining
reason is

FS = 2c′

𝛾satH sin 2𝛽
+ 𝛾

′

𝛾sat

tan𝜙′

tan 𝛽

= 2 × 0
19 × 1.2 × sin(2 × 23∘)

+ 19 − 9.81
19

tan(28∘)
tan(23∘)

= 0.61

Hence, this slope is unstable during the rainy season.

2.7 EARTH RETAINING WALL ANALYSIS

2.7.1 Type of Wall

Depending on the construction method, there are cut and
fill walls as shown in Figure 2.74. Cut walls are formed
by excavating part of the existing ground, while fill wall is
formed by placing fill on the existing ground.

In terms of rigidity, walls can be classified as rigid, flexible,
and hybrid walls, as shown in Figure 2.75. A gravity wall
is a typical rigid wall, and its body will not deform but can
move or rotate. A sheet pile wall is a typical flexible wall,
which will deform under lateral earth pressure. A reinforced
wall, such as geosynthetic-reinforced earth wall or soil nailed
wall, is a hybrid wall, which is designed as a flexible wall for
internal stability but as a rigid wall (i.e., the reinforced mass)

for external stability. The design of reinforced walls will be
discussed in Chapters 9 and 10.

2.7.2 Lateral Earth Pressure Coefficient

When geomaterial is in the ground or behind a wall, it is
subjected to vertical and lateral stresses. The lateral stress is
important for the stability of the earth retaining wall. Lateral
earth pressure coefficient, K, is used to establish the relation-
ship between the vertical and lateral stresses as follows (also
shown in Figure 2.76):

K =
𝜎
′
x

𝜎
′
z

(2.101)

where 𝜎
′
z and 𝜎

′
x are the vertical and lateral (horizontal) ef-

fective stresses in geomaterial, respectively.
The lateral stress at the base of the wall can be expressed

as follows:
𝜎
′
x = K𝜎′z = K𝛾 ′H (2.102)

where 𝛾′ is the effective unit weight of soil andH is the height
of the wall. The lateral thrust, which is acted at the height of
1∕3 H, is

P = 1
2
K𝛾′H2 (2.103)

The magnitude of the lateral stress depends on movement
of the wall element. When there is no movement, the lateral
stress is often referred to as the lateral earth pressure at rest.
The lateral earth pressure coefficient at rest, K0, in cohesion-
less soil or cohesive soil under a drained condition can be
expressed as follows:

K0 = (1 − sin𝜙′)OCRsin𝜙′ (2.104)

where 𝜙
′ =effective friction angle of soil

OCR =overconsolidation ratio of soil

The active earth pressure develops when the wall moves
away from the soil mass while the passive earth pressure
develops when the wall moves toward the soil mass. The
relationships among the coefficients of at-rest, active, and
passive earth pressures, K0,Ka, and Kp, are illustrated in
Figure 2.77 and their magnitudes can be presented in order
as follows:

Ka < K0 < Kp (2.105)

Ka is mobilized at small movement; however, Kp is mobi-
lized at large movement, which is often too large for practical
applications. In addition, scour or freeze–thaw cycles may
remove or degrade the passive support. Due to these facts,
passive earth pressure is often ignored or reduced for many
applications, especially for permanent structures.

2.7.3 Rankine’s Theory

The active and passive earth pressures of a geomaterial can
be obtained using Rankine’s theory. As shown in Figure 2.78,
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Figure 2.74 Type of wall based on construction.

Figure 2.75 Type of wall based on rigidity.

Figure 2.76 Lateral earth pressure.

Figure 2.77 Coefficients of lateral earth pressure with movement.

the initial geomaterial state in the ground can be represented
by the Mohr circle, AB, in which the vertical stress is 𝜎′z and
the lateral stress is K0𝜎

′
z. When the lateral stress decreases,

the geomaterial yields until the Mohr circle touches the fail-
ure envelope defined by the strength parameters, c′ and 𝜙

′.
The Mohr circle AEC represents an active state of the geo-
material in which the lateral active stress is 𝜎′x = 𝜎

′
a = Ka𝜎

′
z.

However, when the lateral stress increases, the geomaterial
yields until the Mohr circle touches the same failure enve-
lope. The Mohr circle AFD represents a passive state of the
geomaterial in which the lateral passive stress is 𝜎

′
x = 𝜎

′
p =

Kp𝜎
′
z.

Figure 2.78 Rankine’s active and passive earth pressures.
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Based on the geometry, the active and passive earth pres-
sures of the geomaterial can be derived as follows:

𝜎
′
a = 𝜎

′
ztan2

(
45∘ − 𝜙

′

2

)
− 2c′ tan

(
45∘ − 𝜙

′

2

)
(2.106)

𝜎
′
p = 𝜎

′
ztan2

(
45∘ + 𝜙

′

2

)
+ 2c′ tan

(
45∘ + 𝜙

′

2

)
(2.107)

For cohesionless or cohesive normally-consolidated geo-
material under a drained condition (i.e., c′ = 0),

𝜎
′
a = 𝜎

′
ztan2

(
45∘ − 𝜙

′

2

)
(2.108)

𝜎
′
p = 𝜎

′
ztan2

(
45∘ + 𝜙

′

2

)
(2.109)

The active and lateral earth pressure coefficients are

Ka =
𝜎
′
a

𝜎
′
z
= tan2

(
45∘ − 𝜙

′

2

)
(2.110)

Kp =
𝜎
′
p

𝜎
′
z
= tan2

(
45∘ + 𝜙

′

2

)
(2.111)

For cohesive geomaterial under an undrained condition
(i.e., cu ≠ 0 and 𝜙u = 0),

𝜎a = 𝜎
′
z − 2cu (2.112)

𝜎p = 𝜎
′
z + 2cu (2.113)

The preceding earth pressures and their coefficients are
based on a vertical wall, a frictionless interface between
wall and geomaterial, and a level top ground. If there is
a sloping top ground, the active and passive lateral earth
pressure coefficients for a geomaterial with c′ = 0 are

Ka = cos 𝛽

(
cos 𝛽 −

√
cos2

𝛽 − cos2
𝜙
′

cos 𝛽 +
√

cos2𝛽 − cos2𝜙′

)
(2.114)

Kp = cos 𝛽

(
cos 𝛽 +

√
cos2𝛽 − cos2𝜙′

cos 𝛽 −
√

cos2𝛽 − cos2𝜙′

)
(2.115)

where 𝛽 is the top slope angle.

Example 2.20

A 5-m-high retaining wall has a vertical and friction-
less wall back and a top slope with a slope angle of 15∘.
The backfill is cohesionless soil and has a friction angle
of 35∘. Calculate the active and passive earth pressure
coefficients.

Solution

The active earth pressure coefficient is

Ka = cos 𝛽

(
cos 𝛽 −

√
cos2

𝛽 − cos2
𝜙
′

cos 𝛽 +
√

cos2𝛽 − cos2𝜙′

)

= cos 15∘
(

cos 15∘ −
√

cos215∘ − cos235∘

cos 15∘ +
√

cos215∘ − cos235∘

]
= 0.297

The passive earth pressure coefficient is

Kp = cos 𝛽

(
cos 𝛽 +

√
cos2𝛽 − cos2𝜙′

cos 𝛽 −
√

cos2𝛽 − cos2𝜙′

)

= cos 15∘
(

cos 15∘ +
√

cos215∘ − cos235∘

cos 15∘ −
√

cos215∘ − cos235∘

]
= 3.144

2.7.4 Coulomb’s Theory

Different from Rankine’s theory, Coulomb’s theory consid-
ers an inclined wall back face and interface friction between
wall and geomaterial. A planar slip surface is formed within
the geomaterial. Figure 2.79 shows the force diagram of the
geomaterial wedge above the slip plane. The active thrust
corresponds to the minimum force needed to maintain the
stability of the wedge when it slides down. The passive thrust
corresponds to the maximum force needed to push the wedge
upward to failure. The active and passive thrusts can be used
to calculate the active and passive earth pressure coefficients
as follows:

Ka =
cos2(𝜙′ + 𝜔)

cos2𝜔 cos(𝜔 − 𝛿)
[
1 +

√
sin(𝜙′+𝛿) sin(𝜙′−𝛽)
cos(𝜔−𝛿) cos(𝜔+𝛽)

]2
(2.116)

Figure 2.79 Coulomb’s earth pressure.
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Kp =
cos2(𝜙′ − 𝜔)

cos2
𝜔 cos(𝜔 + 𝛿)

[
1 −

√
sin(𝜙′−𝛿) sin(𝜙′+𝛽)
cos(𝜔−𝛿) cos(𝜔−𝛽)

]2
(2.117)

where 𝜔 = batter of the wall back face
𝛿 = interface friction angle between wall and

geomaterial
𝜓 = angle of failure plane

2.8 LIQUEFACTION ANALYSIS

2.8.1 Liquefaction Potential

Liquefaction occurs when pore water pressure at a depth of
cohesionless geomaterial is equal to its total stress, that is,
the effective stress is equal to zero. As a result, the geomate-
rial loses its strength and induces large deformation and even
failure of superstructures and substructures. Liquefaction
often happens when cohesionless geomaterial is saturated,
loose, and subjected to earthquake loading. To evaluate liq-
uefaction potential, the earthquake-induced maximum shear
stress in geomaterial needs be first calculated. Figure 2.80
shows a rigid geomaterial column with a unit cross-sectional
area subjected to a ground acceleration, a. The shear
stress is

𝜏 =
Fe

A
= ma

1
= W

g
a = 𝛾z

g
a = 𝜎z0

a
g

(2.118)

where Fe = earthquake-induced force
A = cross-sectional area of the rigid

geomaterial column (A = 1)
m = mass of the column
W = weight of the column
𝛾 = total unit weight of the column
z = height of the column
a = ground acceleration
g = gravitational acceleration

𝜎z0 = total overburden stress at a depth of z

Figure 2.80 Maximum shear stress at the base of a rigid soil
column.
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Figure 2.81 Shear stress variation with time.

Under earthquake loading, the shear stress varies with time
as shown in Figure 2.81. The maximum shear stress is the
most critical to potential liquefaction of geomaterial.

To simplify the problem, Seed and Idriss (1971) converted
the maximum shear stress with a nonuniform shear stress
variation to a uniform cyclic shear stress as follows:

𝜏cyc = 0.65𝜏max (2.119)

Considering the effective overburden stress effect, a cyclic
stress ratio (CSR) is defined as follows:

CSR =
𝜏cyc

𝜎
′
z0

= 0.65rd

(
𝜎z0

𝜎
′
z0

)(
amax

g

)
(2.120)

where 𝜎
′
z0 = effective overburden stress at a depth of z

amax = maximum ground acceleration
rd = stress reduction factor

The stress reduction factor was introduced by Seed and
Idriss (1971) to account for the fact that the geomaterial is
not a rigid body and the shear stress decreases with depth.
Later on, Idriss (1999) found that the stress reduction factor
depends on the magnitude of earthquake. Figure 2.82 shows
the relationship between the stress reduction factor and the
depth at different earthquake magnitude. Martin and Lew
(1999) suggested that the minimum depth of analysis for
liquefaction evaluation should be 15 m below the existing
ground or lowest proposed finished grade or 6 m below the
lowest expected foundation level (e.g., pile tip).

To evaluate liquefaction potential, it is also necessary to es-
timate the cyclic resistance ratio. Seed et al. (1985) correlated
the cyclic resistance ratio (CRR) to the SPT (N1)60 as shown
in Figure 2.83 for clean and silty sands at an earthquake mag-
nitude of 7.5. When the earthquake magnitude is different
from 7.5, the cyclic resistance ratio from Figure 2.83 should
be multiplied by a magnitude scaling factor (MSF) below to
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Figure 2.82 Shear stress reduction factor, rd, versus depth curves
developed by Seed and Idriss (1971) with added mean value line
(after Youd and Idriss, 1997).

correct the magnitude effect (Idriss, 1999):

MSF = 6.9 exp

(
−
Mw

4

)
− 0.06, for Mw > 5.2 (2.121)

MSF = 1.82, for Mw < 5.2 (2.122)

where Mw is the moment magnitude of the earthquake.

A similar procedure has been developed by Robertson and
Wride (1998) to estimate the cyclic resistance ratio based on
CPT data.

With CSR and CRR, the factor of safety against liquefac-
tion can be calculated as follows:

FS =
CRRM

CSR
=

MSF ⋅ CRRM=7.5

CSR
(2.123)

where CRRM is the cyclic resistance ratio at a specific mag-
nitude of earthquake.

Martin and Lew (1999) suggested the factor of safety for
liquefaction hazard assessment should be based on conse-
quence of liquefaction and (N1)60 of clean sand as shown in
Table 2.18.

Table 2.18 Factor of Safety for Liquefaction Hazard
Assessment

Consequence of
Liquefaction

(N1)60
(Clean Sand)

Factor of
Safety

Settlement ≤ 15 1.1
≥ 30 1.0

Surface manifestation ≤ 15 1.2
≥ 30 1.0

Lateral spread ≤ 15 1.3
≥ 30 1.0

Source: Martin and Lew (1999).

Figure 2.83 Cyclic resistance ratio for clean and silty sand at earthquake magnitude
of 7.5 based on SPT data (after Youd and Idriss, 1997).
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Figure 2.84 Zone of liquefaction.

Surface manifestation of liquefaction includes sand boils,
ground fissures, and the like. It can happen during an earth-
quake with a level ground. Lateral spread is a flow slide,
which results from the reduction of undrained shear strength
of geomaterial due to liquefaction. Lateral spread can happen
with a gently sloping ground or nearby drainage or stream
channels.

From the preceding evaluation, a zone of liquefaction
can be determined as illustrated in Figure 2.84. If the
cyclic shear resistance is less than the cyclic shear stress,
the saturated cohesionless geomaterial is liquefiable. The
potential liquefaction within this zone can be mitigated by
ground improvement.

Example 2.21

A 1-m-thick loose clean sand exists at the depth from 5
to 6 m. The groundwater table is at a depth of 1 m. The
unit weights of the sand above and below the ground-
water table are 16.5 and 17.5 kN∕m3, respectively. The
SPT N60 at the middle of this layer is 12. The site is
located in a seismic active zone with a possible earth-
quake magnitude of 7.0. The ground peak acceleration
is 0.3g. Calculate the factor of safety against liquefac-
tion.

Solution

The total overburden stress at the mid-depth of the sand
layer is

𝜎z0 = 1 × 16.5 + 4.5 × 17.5 = 95.3 kPa

The effective overburden stress at the mid-depth of
the sand layer is

𝜎
′
z0 = 1 × 16.5 + 4.5 × (17.5 − 9.81) = 51.1 kPa

The stress reduction coefficient at the depth of 5.5 m
and the earthquake magnitude of 7.0 is rd = 0.93.

The cyclic stress ratio is

CSR = 0.65rd

(
𝜎z0

𝜎
′
z0

)(
amax

g

)
= 0.65 × 0.93 ×

(95.3
51.1

)
× 0.3 = 0.338

The corrected (N1)60 value is

(N1)60 = N60

√
100
𝜎
′
z0

= 12 ×
√

100
51.1

= 17

The CRR value from Figure 2.83 is CRRM=7.5
= 0.17.

The magnitude scaling factor (MSF) is

MSF = 6.9 exp

(
−
Mw

4

)
− 0.06

= 6.9 × exp
(
−7.0

4

)
− 0.06 = 1.14

The factor of safety against liquefaction is

FS =
MSF ⋅ CRRM=7.5

CSR
= 1.14 × 0.17

0.338
= 0.57 < 1.0 liquefaction

2.8.2 Earthquake-Induced Settlement

In addition to potential liquefaction, earthquake induces set-
tlement. The mechanism of settlement induced by earth-
quake is illustrated in Figure 2.85. When an earthquake
strikes, it induces cyclic loading, which generates excess
pore pressure. The excess pore pressure reduces the effec-
tive stress in geomaterial so that the geomaterial state moves
from point A to point B. Since it is under an undrained con-
dition, there is no volume or void ratio change. With time,
the excess pore pressure dissipates so that the effective stress
increases and there is a reduction of void ratio, that is, from
point B to point C. The reduction of void ratio corresponds
to the earthquake-induced settlement.

Tokimatsu and Seed (1987) developed a design chart to
estimate the volumetric strain of saturated clean sand with
fine content not more than 5% induced by earthquake as
shown in Figure 2.86. The settlement of free ground induced
by earthquake can be estimated by the following equation:

S =
m∑
i=1

𝜀vihi (2.124)

where 𝜀vi = volumetric strain
hi = thickness of each sublayer
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Figure 2.85 Mechanism for earthquake-induced settlement.

Figure 2.86 Earthquake-induced volumetric strain of saturated
clean sand (after Tokimatsu and Seed, 1987, with permission from
ASCE).

Dashti and Bray (2013) indicated that earthquake-induced
building settlement is contributed not only by volumetric
type strain but also by deviatoric type of strain. The vol-
umetric type of strain results from partial drainage during
earthquake loading, sedimentation, and consolidation. The
deviatoric type of strain is due to partial bearing capacity
loss under the static load of the building and soil−structure
interaction induced building ratcheting. So far, no simplified
method is available to consider all these factors.

PROBLEMS

2.1. Determine D10, D15, D30, D50, D60, and D85 from
the following gradation curve.
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2.2. Determine void ratio, porosity, and degree of satura-
tion of a soil sample with the following known infor-
mation: moist weight of soil sample = 1000 g, vol-
ume of soil sample = 580, 000 mm3, specific gravity
= 2.70, and dry weight of soil = 910.0 g.

2.3. The maximum and minimum void ratios of sand are
0.82 and 0.42, respectively. What is the void ratio of
the sand corresponding to a relative density of 70%?

2.4. A soil sample has 30% particles retained on the U.S.
No. 200 sieve. The plastic limit and liquid limit of
this soil are 20 and 60, respectively. Classify this soil
according to the USCS method.

2.5. Laboratory gradation analyses and Atterberg limits are
performed on a soil sample. Results are summarized
below. No organic odor and materials are noted in the
sample.

U.S. Sieve Size Percent Passing

9.8 mm 100
No. 4 95
No. 10 90
No. 40 82
No. 100 75
No. 200 68
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Liquid limit (LL) = 51% and plastic limit (PL) =
21%.
Classify this soil according to the USCS system.

2.6. Calculate the total vertical stress 𝜎z, pore water pres-
sure u, and effective vertical stress 𝜎′z at A, B, C, and
D in the following figure.

2.7. Consolidation test results of a soil sample taken at a
depth of 2.5 m from a field with a groundwater table at
the ground surface are shown here:

Stress (kPa) 10 20 40 80 160 320

Void ratio 0.910 0.851 0.760 0.629 0.490 0.352

The saturated unit weight and permeability of the
soil sample are 19.0 kN∕m3 and 6.5 × 10−7m∕s.
Calculate: (1) effective overburden stress in the field;
(2) preconsolidation stress; (3) overconsolidation
ratio (OCR); (4) coefficient of recompression; (5)
coefficient of recompression; (6) coefficient of vol-
umetric compressibility in the stress range between
100 and 200 kPa; (7) coefficient of consolidation.

2.8. A clayey soil has a liquid limit of 60. Estimate: (1)
the coefficients of consolidation at virgin compression,
reloading, and remolding stages and (2) the ratio of the
coefficient of consolidation at virgin compression to
that after remolding.

2.9. Three direct shear tests on soil samples of 63.6 mm in
diameter are conducted. Test results are shown here:

Test Number Normal load (N) Shear force (N)

1 45.4 36.3
2 90.8 52.2
3 136.1 70.8

Determine soil cohesion and friction angle.
2.10. For a normally consolidated soil, a consolidated-

undrained triaxial test is conducted and the following
results are obtained:
Chamber confining pressure = 100 kPa
Deviator stress at failure = 200 kPa
(1) Determine soil cohesion and friction angle under a
total stress condition; (2) if the soil effective frictional
angle is 36∘, determine pore water pressure developed
in the clay specimen at failure.

2.11. A normally consolidated clay sample taken from a
depth of 2.5 m in a field has a saturated unit weight of
18.7 kN∕m3 and a plasticity index of 25. Estimate the
undrained shear strength, effective peak friction angle,
and undrained elastic modulus of this clay.

2.12. A clean sand with D10 = 0.3 mm. Estimate the per-
meability of this sand.

2.13. Four compaction tests are performed and the following
test results are obtained:

Test Number 1 2 3 4

Mass of moist soil and mold (kg) 3.81 3.94 3.93 3.82
Moisture content (%) 17.0 20.0 22.1 23.9

The mass of the model is 2.13 kg and the volume of
mold is 943,000 mm3. The specific gravity of the soil
is 2.68. Plot the dry unit weight versus water content
curve, determine the maximum dry unit weight and
optimum moisture content, plot the zero air void curve,
and plot the dry unit weight versus moisture content
curve at a degree of saturation of 80%. What is the
degree of saturation when the soil has the optimum
moisture and maximum dry unit weight?

2.14. Given the following constant-head data for planar flow
of water in a 1.50-mm-thick geotextile that is 300 mm
wide × 600 mm long:

Head Difference (mm) 90 180 270 360

Rate of Flow (mm𝟑 ∕min) 21,000 41,000 60,000 79,000

Calculate the transmissivity in m3∕min -m of the geo-
textile and then the planar coefficient of permeability
in mm∕s.
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2.15. A tensile test is conducted on a wide-width geotextile
sample with a width of 200 mm. Test results are shown
below:

Strain (%) 2 4 6 8 10 12

Tensile force (kN) 2.16 4.32 5.80 6.56 7.24 7.72

Determine (1) initial modulus, (2) secant modulus at
2% strain, and (3) tensile stress at 10%.

2.16. Four soil−geogrid interface friction tests are con-
ducted and the test results are provided as follows:

Normal Stress (kPa) 17 35 70 140

Shear Strength (kPa) 8.6 20 36 75

(a) Plot the Mohr-Coulomb failure envelope, (b) ob-
tain the interface friction angle, and (c) calculate the
coefficient of interaction based on a soil friction angle
of 34∘.

2.17. A steel mesh of 0.3 m wide and 1.2 m long is placed
within sand for a pullout test. The applied normal
stress is 50 kPa. The friction angle of the sand is 35∘.
The interaction coefficient of steel mesh and sand is
0.6. Calculate the pullout capacity of the steel mesh in
the sand.

2.18. A nonwoven geotextile with ultimate permittivity of
1.2 s−1 is used for a filtration purpose. Estimate the al-
lowable permittivity of the geotextile after considering
creep, intrusion, clogging, and blinding.

2.19. An HDPE geogrid is designed for a reinforced slope.
The short-term ultimate tensile strength is 100 kN/m.
The reduction factors for creep, installation damage,
and durability are 2.70, 1.25, and 1.10, respectively.
Calculate the allowable tensile strength of this geogrid.

2.20. A standard penetration test is performed in a
150-mm-diameter borehole. The borehole is 11.0 m
below the ground surface. An automatic hammer
with an efficiency of 92% and a standard SPT
sampler are used to perform the SPT. The actual
blow count (N) is found to be 21.The soil is overly
consolidated silty sand with an OCR of 1.5. The unit
weights of the soil above and below the groundwater
table are 17.8 and 18.5 kN∕m3, respectively with
D50 of 0.35 mm. The groundwater is found at a
depth of 5 m below the ground surface. Determine
N60, (N1)60, Dr, and𝜙′ of this soil.

2.21. A CPT is conducted in field with a groundwater table
at 1.0 m below the ground surface. The measured
tip resistance at a depth of 4.5 m is 5.1 MPa and
the sleeve friction is 0.3 MPa. The unit weights of

the soil above and below the groundwater table are
17.5 and 18.5 kN∕m3, respectively. Classify the type
of the soil. If it is a sandy soil, determine the relative
density and friction angle. If it is a clayey soil, deter-
mine the undrained shear strength and OCR.

2.22. A soft clay stratum is found to have liquid and plastic
limits of 110 and 35, respectively. A series of vane
shear tests with a vane in a dimension of 60 mm in
diameter and 120 mm long are performed at different
depths. The measured torques at depths are provided
below:

Depth (m) 4.0 5.0 6.0 7.0 9.0

Tf (N-m) 8.3 9.4 10.5 12.3 15.2

Calculate the soil uncorrected and corrected undrained
shear strengths at each depth and then develop a profile
of corrected undrained shear strength versus depth.

2.23. A plate loading test with a square rigid plate in a
dimension of 1 m × 1 m is run on a uniform soil. The
applied load−settlement data are provided here:

Load (kN) 20 40 60 80 100 120 140 160

Settlement (mm) 5 10 18 25 35 47 60 110

Plot the applied pressure–settlement curve, determine
the ultimate bearing capacity, and calculate the elastic
modulus of the soil (assume Poisson’s ratio = 0.3).

2.24. A square footing in a dimension of 1.8 m × 1.8 m is
embedded in a uniform soil at a depth of 1.0 m. The
unit weight, effective cohesion, and effective friction
angle of the soil are 18.0 kN∕m3

, 5 kPa, and 25∘, re-
spectively. No groundwater is encountered. Calculate
the ultimate bearing capacity of this footing.

2.25. A spread footing is designed to support a column load
of 390 kN. The proposed design is a 1.6 m × 1.6 m
square footing with an embedment depth of 0.5 m.
A site investigation is performed for the site. It is
found that the underlying soil has unit weights of
18.4 and 19.0 kN∕m3 above and below the groundwa-
ter table, respectively. The groundwater is found at
a depth of 1.8 m below the ground surface. Compute
the effective overburden stress and additional vertical
stress beneath the center of the footing at a point 0.8 m
below the bottom of the footing.

2.26. A spread footing with a dimension of 2.0 m × 2.0 m
is embedded in uniform clay at a depth of 1.0 m to
support a vertical downward load of 300 kN. The pre-
consolidation stress of the soil is 50 kPa and their com-
pression indices are Cr∕(1 + e0) and Cc∕(1 + e0) of
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0.025 and 0.11, respectively. The soil has unit weights
of 16.8 and 17.8 kN∕m3 above and below the ground-
water table, respectively. The soil stratum extends to a
great depth and the groundwater table is at a depth of
1.5 m below the ground surface. Estimate the consoli-
dation settlement of this footing.

2.27. A spread footing with a dimension of 2.25 m ×
2.25 m is embedded in silty sand at a depth of 2.0 m
to support a 500-kN column load. A CPT is done for
the site and the results are shown here:

Layer
Number

Depth (m) Average Cone
Tip Resistance, qc (MPa)

1 2.0–3.0 2.4
2 3.0–4.0 3.2
3 4.0–5.0 4.1
4 5.0–7.0 6.5
5 7.0–9.0 8.5
6 9.0–10.0 6.7
7 10.0–12.0 11.0

The groundwater table is at a depth of 1.8 m and
the unit weights of the sand are 17.5 and 18.1 kN∕m3

above and below the groundwater table, respectively.
Compute the settlement of the footing right after con-
struction and the settlement at 30 years after construc-
tion using the Schmertmann method.

2.28. A 1.5-m-thick clay layer starts at a depth of approxi-
mately 2.4 m below the ground surface and is overlain
by a permeable sandy soil and underlain by gravel and
cobble. The clay layer has a vertical coefficient of con-
solidation of 6.2 × 10−8m2∕s. Calculate the number
of days required for the clay layer to achieve 90% con-
solidation by a large area of fill placed instantly.

2.29. An infinite slope with a slope angle of 18.6∘ consists
of a 1-m-thick clayey sand above bedrock. The soil
has undrained cohesion of 30 kPa, total cohesion of
10 kPa and friction angle of 23∘ (for of the most soil),
and effective cohesion of 0 kPa and effective friction
angle of 30∘. The soil moist and saturated unit weights
are 17.5 and 18.8 kN∕m3, respectively. The interface
shear strength between soil and bedrock is equal to the
soil strength. The slope has chances to be subjected to
heavy rainfall. Evaluate the stability of the slope under
undrained, drained, and regular (moist) conditions.

2.30. Calculate the factor of safety for the slope along the
slip surface shown below using the ordinary method
of slices and the simplified Bishop method.

2.31. The retaining wall is shown below. Determine the ac-
tive and passive Rankine earth pressure distributions,
the resultant forces, and the locations of the resultant
forces.

2.32. A 2.0-m-thick loose sand layer with 15% fines exists at
the depth starting from 3.0 m. The groundwater table is
at 0.5 m from the ground surface. The unit weights of
the sand above and below the groundwater are 17.4 and
18.1 kN∕m3, respectively. The SPT N60 values at the
depths of 3.5 and 4.5 m are 10 and 11.5, respectively.
The site is located at a seismically active area with a
possible maximum magnitude earthquake of 7.8 and
a peak ground acceleration of 0.35g. Calculate the
factor of safety of this sand against liquefaction and
the seismically induced settlement.
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CHAPTER 3

Shallow and Deep Compaction

3.1 INTRODUCTION

Shallow and deep compaction methods have been commonly
used to improve geomaterial properties near surface and at
depth through a densification process by vibration, pressure,
kneading, and/or impact on ground surface. This technology
is effective to improve cohesionless geomaterial or cohesive
geomaterial with low plasticity. Conventional plate or roller
compaction has been used for many years, and it densifies
geomaterial to a shallow depth by repeated passing of a vi-
bratory plate or a roller on a relatively thin lift. Intelligent
compaction is a new technology and has evolved in the past
few years through research and implementation. In addition
to providing the same compaction capabilities as conven-
tional compaction, intelligent compaction includes sensors,
which provide feedback on the location, stiffness, and ma-
chine driving power on geomaterial on a color-coded map.
With this map, an engineer or operator can identify areas
that require more or less compaction to create a uniform
foundation. Deep dynamic compaction extends the depth
of geomaterial densification to a greater depth by applying
high-energy impact through repeated dropping of a large and
heavy weight on ground surface. Rapid impact compaction is
an intermediate compaction technology from shallow to deep
compaction, and it rapidly applies impact on ground surface
using a hydraulic hammer. Vibro-compaction densifies cohe-
sionless soil by driving a vibrating probe into the ground to
apply lateral vibratory forces which rearrange particles into
a dense state. For saturated cohesionless soil or when water
is injected into the ground, vibration can also cause liquefac-
tion to the soil and the soil is densified after the dissipation of
excess pore water pressure. There is no well-accepted defi-
nition of shallow to deep compaction. Shallow, intermediate,
and deep compaction is mostly effective for densification of

geomaterials up to depths of 1 m, 6 m, and greater than 6 m,
respectively.

3.2 DENSIFICATION PRINCIPLES

The basic principle of densification is the rearrangement of
particles into a denser state (i.e., the void ratio of geomaterial
decreases). As a result, the modulus, strength, and resistance
to liquefaction of the geomaterial are increased while the per-
meability and collapsibility are reduced. Chapter 2 describes
the principles of soil compaction and influence factors, which
are mostly based on shallow compaction of unsaturated dis-
turbed geomaterial. Intermediate compaction can be used for
disturbed and in situ geomaterials. Deep compaction, how-
ever, mostly improves in situ geomaterials, which can be
unsaturated or saturated. Therefore, their densification prin-
ciples may be different. In general, there are four principles
of densification: (1) densification under static or kneading
pressure, (2) densification under dynamic loading (vibration
or impact), (3) densification due to liquefaction, and (4) den-
sification due to consolidation. Static or kneading pressure
is effective for densifying unsaturated cohesive geomaterial.
Vibration or impact is effective for densifying unsaturated
cohesionless or collapsible geomaterial. Vibration or impact
can also be used to densify saturated cohesionless geoma-
terial by inducing liquefaction to the geomaterial. Saturated
cohesive geomaterial is difficult to be densified immediately
under pressure, vibration, and/or impact; however, saturated
cohesive geomaterial at low plasticity can be densified by
consolidation, which dissipates excess pore water pressure
induced by impact. The densification of saturated cohesive
geomaterial by consolidation will be discussed in Chapter 7.

3.3 CONVENTIONAL COMPACTION

3.3.1 Introduction

Basic Concept Conventional compaction is to use rollers or
plates to repeatedly apply static pressure, kneading action,
or vibration on ground surface to densify geomaterials, as
shown in Figure 3.1. This is one of the most commonly used
ground improvement methods in practice for earthwork. To
achieve better densification, proper compaction equipment
should be chosen, geomaterials should be prepared at appro-
priate lift thickness and moisture content, which is close to an
optimum moisture content, and sufficient compactive energy
should be applied.

Suitability Rollers are larger and heavier than plate com-
pactors; therefore, they are more commonly and efficiently
used for large-area compaction than plate compactors. How-
ever, in constraint areas or unstable edges, such as inside
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Figure 3.1 Different compaction equipment; (a) roller, (b) rubber tire compactor, and
(c) vibrating plate compactor.

trenches or close to a slope or wall face, rollers are often not
suitable. Under such conditions, plate compactors are used.

Conventional compaction is used to densify a wide range of
cohesionsless and cohesive geomaterials in lifts, but mainly
for fill under an unsaturated condition. The lift thickness is
typically limited to 300 mm. Depending on geomaterial type,
different types of equipment may be selected.

Applications Conventional compaction has been used for
earthworks, such as roads, embankments, dams, slopes,
walls, parking lots, and sports fields.

Advantages and Limitations Construction equipment
is readily available. It is a well-established ground im-
provement method that has a long history and extensive
knowledge in the industry.

The main limitations of this method are: (1) the depth of
improvement is limited, (2) it is mainly used for fill and not
for in situ natural geomaterials, (3) geomaterials should be
within the moisture content close to the optimum content to
be more effective, and (4) it is challenging to achieve uniform
compaction of geomaterials in a large area.

3.3.2 Principles

Compaction Curve As discussed in Chapter 2, most ge-
omaterials have a maximum dry unit weight with a cor-
responding optimum moisture content. When the moisture
content is lower than the optimum moisture content, the ge-
omaterial has a lower dry unit weight because the friction
between particles makes densification difficult. When the
moisture content is higher than the optimum moisture con-
tent, most of the voids are occupied by water so that limited
voids can be compressed. Figure 3.2 shows typical com-
paction curves. Compaction curves are always below the zero
air void line, which represents a fully saturated condition.
High-energy compaction results in a high maximum dry unit
weight and a low optimum moisture content.

Specifications often require a specific dry unit weight in
terms of the percentage of the maximum dry unit weight de-
termined by laboratory standard or modified Proctor tests to
be achieved during field compaction. Figure 3.2 shows that
the compaction curve for the low energy compaction is below
the required unit weight line; therefore, this low-energy com-
paction will result in a unit weight that never meets the speci-
fication requirement. However, high-energy compaction can
result in the dry unit weights at the moisture contents ranging
from w1 to w2 to meet the specification requirement. When
intermediate energy is applied, the compaction still can result
in the dry unit weights to meet the specification requirement,
but within a narrow moisture content range (w3 to w4).

The degree of saturation of a geomaterial sample can be
calculated by the moisture content on the compaction curve
divided by the saturated moisture content at the same dry unit
weight. For example, the degree of saturation at the moisture
content, w2, is w2/wsat.

Figure 3.2 Compaction curves.
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Relative Compaction Relative compaction, RC, which is
defined below, has been commonly used in the field to control
and assure the quality of compaction:

RC =
𝛾d

𝛾d,max
× 100% (3.1)

where 𝛾d = dry unit weight in field
𝛾d,max = maximum dry unit weight determined by

standard or modified Proctor tests in
laboratory

For a granular geomaterial, the degree of compaction is
better presented in terms of relative density because com-
paction tests are difficult to do on granular geomaterials in
compaction molds in the laboratory. However, some specifi-
cations still specify required relative compaction for granular
geomaterials rather than relative density. The relative den-
sity, Dr, can be converted from relative compaction using the
following formula:

Dr =
RC − 𝛾d,min∕𝛾d,max

RC(1 − 𝛾d,min∕𝛾d,max)
× 100% (3.2)

where 𝛾d,min is the minimum dry unit weight determined by
minimum index density tests in the laboratory and maximum
dry unit weight determined by maximum index density tests
in the laboratory.

Lee and Singh (1971) developed an empirical relationship
between RC and Dr based on 47 different soils as follows:

Dr =
RC − 0.80

0.20
× 100% (3.3)

When 𝛾d,min/𝛾d,max = 0.80 and RC is not less than 80%
(most projects in the field require 95% relative compaction),
Equation (3.2) is approximately equal to Equation (3.3). In
other words, the empirical relationship in Equation (3.3) is
approximately accurate only when the 𝛾d,min/𝛾d,max is close
to 0.80 and RC is not less than 80%.

Schroeder et al. (2004) pointed out that the maximum dry
unit weight determined by the maximum index density tests
(ASTM D4253) is close to that determined by the modified
Proctor tests (ASTM 1557).

One-Point Method The one-point method, as shown in
Figure 3.3, is a simple and approximate way to estimate
the compactive energy used in the field and the maximum
dry unit weight and its corresponding optimum moisture
content of the fill under compaction. To use the one-point
method, two previously developed compaction curves in the
laboratory should be plotted first. These two curves can be
conveniently selected as those from standard and modified
Proctor tests. After compaction, field dry unit weight and
moisture content are determined and then they are plotted
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Figure 3.3 One-point method to estimate maximum dry unit weight and optimum
moisture content in field.
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Figure 3.4 Maximum dry unit weight and compactive energy re-
lationship (modified from Hausmann, 1990).

on the same figure. The compaction curve should be drawn
through the test data point and “parallel” to those two ex-
isting curves. The maximum dry unit weight should be on
the line of optimum. As a result, the maximum dry unit
weight and its corresponding optimum moisture content of
the fill onsite can be determined. Both Hausmann (1990)
and Schroeder et al. (2004) indicated that the relationship
between the maximum dry unit weight and the compactive
energy is approximately linear in a semilog plot, as shown
in Figure 3.4. When the maximum dry unit weights from
standard and modified Proctor compaction tests, 𝛾d,max,s and
𝛾d,max,m are known, this linear relationship can be estab-
lished. Therefore, the field compactive energy can be esti-
mated based on the known maximum dry unit weight in the
field, 𝛾d,max,f.

Figure 3.5 Approximate method to determine lift thickness: lifts (modified from
D’Appolonia et al., 1969): (a) single lift and (b) multiple.

Influence Factors The relative compaction in the field de-
pends on the following factors:

• Geomaterial type
• Moisture content
• Compaction method, such as static pressure, kneading,

vibration, and impact
• Compactive effort including applied energy, compactor

size, lift thickness, and number of passes
• Relative layer stiffness (i.e., upper layer over lower

layer)

InfluenceDepth The lift thickness can be determined based
on the influence depth of a roller on a specific fill. Figure 3.5
shows that for a large lift thickness, the relative density in-
creases with the depth and then decreases with depth after
reaching the maximum value. The low-density value near the
surface results from low overburden stress, which makes
the fill be disturbed easily. With an increase of the depth,
the confining stress increases so that the fill can be easily
densified. However, with a further increase of the depth, the
applied stress decreases so that its applied compactive energy
decreases. D’Appolonia et al. (1969) proposed a method to
determine a lift thickness to achieve a desired relative density
in Figure 3.5(b). During the compaction of each lift, there is
a similar relative density profile with the depth. When the
relative density at the overlapping point between two adja-
cent lifts is higher than the desired density, the lift thickness
is appropriate.
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Figure 3.6 Accepted zone of improvement based on different per-
formance requirements (modified from Daniel and Wu, 1993).

3.3.3 Design Considerations

Performance Requirements The relative compaction can
be determined based on a specific application. For example,
if compacted soil is used for slopes, shear strength is one of
the important parameters for slope stability. Assume a rela-
tive compaction first (typically 95%), prepare fill samples at
this relative compaction, and then test for the strength values.
If the strength value is satisfactory for slope stability, this
relative compaction is used for construction specifications.
However, if this strength value is unsatisfactory, samples at
a higher relative compaction should be retested until a satis-
factory result is achieved.

However, when a project has more than one performance
requirement, the acceptable zone of compaction should be

Table 3.1 Typical Compaction Requirements

Compaction Fill for
% Modified Maximum
Dry Unit Weight

Moisture Range about
Optimum Moisture Content (%)

Roads
Depth = 0–0.5 m
Depth > 0.5 m

90–105a

90–95a
−2 to +2
−2 to +2

Small earth dam 90–95 −1 to +3
Large dam 95 −1 to +2
Embankment 95 −2 to +2
Foundation for structure 95 −2 to +2
Wall 90 −2 to +2
Trench 90 −2 to +2
Clay liner 90 0 to +4

aDepending on fill type, traffic loading, and function of fill.
Source: Modified from Hausmann (1990).

determined on the compaction curve based on different re-
quirements as shown in Figure 3.6. A zone, which satisfies
all the requirements, should be selected. Based on the com-
paction curve corresponding to field equipment, the accepted
range of moisture content to be used in field can be deter-
mined as shown in Figure 3.6. Table 3.1 provides typical
compaction requirements for different applications.

Hausmann (1990) suggested that as a rough guide, the
maximum dry unit weights of sand and clay determined by
standard Proctor tests are about 95 and 90% those determined
by modified Proctor tests, respectively.

Selection of Compaction Equipment Different compaction
equipment can produce different action on fill. Smooth drum
rollers can apply uniform pressure on fill while sheepsfoot
rollers can apply highly concentrated pressure on fill. Pneu-
matic rubber tire rollers can apply pressure and kneading
action on fill, while vibratory rollers can apply vibration on
fill. Since granular fills have high friction between particles,
they can be more effectively densified by vibration. On other
hand, cohesive fills have cohesion and capillary force be-
tween particles. These forces can be more effectively broken
by high pressure; therefore, rollers with high contact pressure
should be used for cohesive fills. Table 3.2 provides the guid-
ance for this selection. Vibratory rollers are more suitable for
sands and gravels, while sheepsfoot or pad foot rollers are
more suitable for clays and silts.

Optimum Moisture Content and Maximum Dry Unit
Weight The U.S. Navy Design Manual (1962) suggested
the following relationships to estimate the optimum mois-
ture content and the maximum dry unit weight determined
in standard Proctor tests based on liquid limit (LL) and
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Table 3.2 Recommended Type of Compaction Equipment

Geomaterial Type First Choice Second Choice Comment

Rock fill Vibratory roller Rubber tire roller —
Plastic soils—CH, MH Sheepsfoot or pad foot

roller
Rubber tire roller Thin lifts usually

needed
Low plasticity soils—CL, ML Sheepsfoot or pad foot

roller
Rubber tire vibratory

roller
Moisture control often

critical for silty soils
Plastic sands and gravels—GC, SC Vibratory, pneumatic

roller
Pad foot roller —

Silty sands and gravels—SM, GM Vibratory roller Rubber tire, pad foot
roller

Moisture control often
critical

Clean sands—SW, SP Vibratory roller Impact, rubber tire roller —
Clean gravels—GW, GP Vibratory roller Rubber tire, impact, grid

roller
Grid useful for

oversized particles

Source: Modified from Rollings and Rollings (1996).

plasticity index (PI):

wopt = 6.77 + 0.43 LL − 0.21 PI (3.4)

𝛾d,max = 20.48 − 0.13 LL + 0.05 PI (3.5)

where wopt = optimum moisture content (%)
𝛾d,max = maximum dry unit weight (kN/m3)

Alternatively, the one-point method can be used to esti-
mate the optimum moisture content and the maximum wet
unit weight in a design chart as shown in Figure 3.7. When
measured moisture content and wet unit weight of a natural
geomaterial are known, their values are plotted on Figure 3.7.
The closest curve or the interpolated curve between two
curves is used to determine the optimum moisture content
and the maximum wet unit weight.

The relationship between the maximum dry unit weight
and the optimum moisture content in Figure 3.7 can be ap-
proximately expressed as follows:

𝛾d,max = 33.7 − 5.9 ln(wopt) (3.6)

where 𝛾d,max = maximum dry unit weight (kN/m3)
wopt = optimum moisture content (%)

Please note the relationships by theU.S. Navy DesignMan-
ual (1962), and the Ohio compaction curves should only
be used for preliminary design. The estimated parameters
should be verified by laboratory or field tests for actual
projects.

When fill contains oversized particles (>4.75 mm for
100-mm-diameter mold or >19 mm for 150-mm-diameter
mold), maximum dry unit weight and optimum moisture
content should be corrected based on the ASTM test

Figure 3.7 Ohio compaction curves (modified from Johnson and
Sallberg, 1960).

designation D4718 as follows (valid for 30% or less
oversized particles of the total fill material by weight):

𝛾d,max,c =
𝛾w

Pos
Gos

+ 𝛾w(1−Pos)
𝛾d,max
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Table 3.3 Lift Thickness and Number of Passes for Different Compaction Equipment

Equipment Type Applicability
Compacted Lift
Thickness (mm) Number of Passes

Sheepsfoot rollers For fine-grained fills or
coarse-grained fills with more
than 20% fines

150 4–6 for fine-grained fills
6–8 for coarse-grained fills

Rubber tire roller For clean, coarse-grained fills with
4–8% fines

250 3–5

For fine-grained fills or well-graded
coarse-grained fills with more
than 8% fines

150–200 4–6

Smooth wheel
rollers

Appropriate for subgrade or base
course compaction of
well-graded sand-gravel mixtures

200–300 4

May be used for fine-grained fills
other than earth dams

150–200 6

Vibrating sheeps-
foot rollers

For coarse-grained fills and
sand-gravel mixtures

200–300 3–5

Vibrating smooth
drum rollers

For coarse-grained fills and
sand-gravel mixtures—rock fills

200–300 (soil) to 900 (rock)
3–5
4–6

Vibrating plate
compactors

For coarse-grained fills with less
than 4–8% fines, placed
thoroughly wet

200–250 3–4

Crawler tractor Best suited for coarse-grained fills
with less than 4–8% fines, placed
thoroughly wet

150–250 3–4

Power tamper or
rammer

For difficult access, trench backfill.
Suitable for all inorganic fills

100–150 for silt or clay,
150 for coarse-grained
fills

2

Source: Modified from U.S. Navy (1986).

where 𝛾d,max,c = corrected maximum dry unit weight
𝛾d,max = maximum dry unit weight without

oversized particles determined in
laboratory

𝛾w = unit weight of water
Gos = specific gravity of over-sized particles
Pos = percent of oversized particles by weight

(in decimal)

The corrected optimum moisture content is

wopt,c = wopt(1 − Pos) + wSSDPos

where wopt,c = corrected optimum moisture content
wopt = optimum moisture content without

oversized particles determined in
laboratory

wSSD = saturated surface dry (SSD) moisture
content of oversized particles

Lift Thickness and Number of Passes Table 3.3 provides
the recommended lift thickness and number of passes for
different compaction equipment.

Borrow Volume Since the unit weight of geomaterial on
a borrow site is often different from that on a construction
site after compaction, a conversion factor is used to make
this conversion. The convention factor also considers weight
loss in striping, waste, oversize, and transportation. The total
borrow volume required for compacted fill can be estimated
as follows (U.S. Navy, 1986):

Vb =
𝛾d, f

𝛾d, b
Vf , r +

Wl

𝛾d, b
(3.7)

where Vb = borrow volume
Vf, r = required fill volume
𝛾d, f = dry unit weight of fill
𝛾d, b = dry unit weight of borrow
Wl = dry weight loss in striping, waste, oversize,

and transportation
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For a rough estimation, the borrow volume can be esti-
mated by the following formula:

Vb = 𝜁Vf , r (3.8)

where 𝜁 is the volume conversion factor considering
“shrinkage” or “swell” from the borrow geomaterial to the
compacted fill. Borrow soil typically has a conversion factor
of 1.10–1.15 while rock has a conversion factor of 0.7–0.9.

3.3.4 Design Parameters and Procedure

Design Parameters The design parameters for conven-
tional compaction may include the following parameters:

• Project requirement(s)
• Relative compaction
• Area and thickness of compacted fill
• Type and gradation of fill
• Type of equipment
• Optimum moisture content and maximum dry unit

weight or minimum and maximum void ratios
• Borrow volume
• Thickness and number of lifts
• Number of passes

Design Procedure The following procedure may be
adopted to design a compaction project:

1. Collect fill material.
2. Conduct laboratory tests (including sieve analysis test,

Atterberg limit tests, and specific gravity test) to classify
soil type.

3. Run standard and/or modified Proctor compaction tests
in laboratory to obtain the compaction curve, including
the zero air void line and determine optimum mois-
ture content and maximum unit weight. For a prelim-
inary design, the optimum moisture content and the
maximum dry unit weight may be estimated based on
Equations (3.4) and (3.5). For cohesionless fill, min-
imum and maximum void ratio tests should be per-
formed.

4. Based on the project requirements (e.g., required shear
strength, modulus, permeability, shrinkage potential,
and/or swell potential), run laboratory tests at a trial dry
unit weight (typically 95% of the maximum dry unit
weight) or different compaction levels to determine the
required dry unit weight by meeting the project require-
ments so that the required relative compaction can be
calculated. Use Table 3.1 if there is no available test
data.

5. Based on fill type and gradation, select compaction
equipment.

6. Based on the selected compaction equipment and fill
type, select lift thickness and number of passes.

7. Based on the area and thickness of compacted fill, cal-
culate fill volume and borrow volume.

8. For a large and important project, a field trial is recom-
mended to verify/adjust the above design parameters.

3.3.5 Design Example

A 200 m × 200 m parking lot needs to be backfilled
with 0.4-m-thick well-graded coarse-grained fill as a
base course before being paved by 75-mm-thick as-
phalt surface. The available fill material has 15% fines
and 20% oversized particles (Gos = 2.68 and wSSD
= 2.6%). The granular fill is mainly used to support
the pavement; therefore, the fill strength and stiffness
are the key performance parameters. Standard Proc-
tor tests are performed on the fill without oversized
particles, which result in the test results shown in
Example Table 3.1. The specific gravity of the fill with-
out oversized particles is 2.65. Determine the parame-
ters needed for field compaction.

Example Table 3.1 Compaction Test Results

Moisture content
(%)

6 8 10 12 14

Moist unit weight
(kN/m3)

17.6 18.5 20 19.5 19

Solution

1. Collect fill material: Done.
2. Conduct laboratory tests for fill classification: Done.
3. Run compaction tests and determine maximum dry

unit weight and optimum moisture content: Tests
are done. Since moist unit weights are determined
from the laboratory tests, dry unit weights should be
calculated for the compaction curve. At the moisture
content of 6%, the dry unit weight can be calculated
as follows:

𝛾d =
𝛾moist

1 + w
= 17.6

1 + 0.06
= 16.6 kN∕m3

Other dry unit weight results are shown in
Example Table 3.2. The zero air void line can be
determined using the following formula (using
w = 6% as an example):

𝛾d, zav =
𝛾w

w + (1∕Gs)
= 9.81

0.06 + (1∕2.65)

= 22.4 kN∕m3
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Example Table 3.2 Compaction Test Results

Moisture content
(%)

6 8 10 12 14

Moist unit weight
(kN/m3)

17.6 18.5 20 19.5 19

Dry unit weight
(kN/m3)

16.6 17.1 18.2 17.4 16.7

Dry unit weight
at zero air void
line (kN/m3)

22.4 21.4 20.6 19.7 19.0

The compaction curve and the zero air void line
are plotted in Example Figure 3.1. The compaction
curve is below the zero air void line; therefore, the
test data are valid. From the compaction curve, it
can be determined that the maximum dry unit weight
is 18.2 kN/m3 and the optimum moisture content is
10.0%.

Example Figure 3.1 Compaction curve.

Since this fill contains oversized particles, its
maximum dry unit weight and the optimum mois-
ture content should be corrected as follows:

𝛾d,max,c =
𝛾w

Pos
Gos

+ 𝛾w(1−Pos)
𝛾d,max

= 9.81
0.20
2.68

+ 9.81×(1−0.20)
18.2

= 19.4 kN∕m3

wopt,c = wopt(1 − Pos) + wSSDPos

= 0.10 × (1 − 0.20) + 0.026 × 0.20

= 0.085 = 8.5%

4. Since there is no available test data, use Table 3.1 for
the relative compaction. Since the total thickness
(fill + asphalt surface) is 0.475 m (< 0.5 m),
the required relative compaction is 90–105%.

Considering a parking lot will not be subjected to
highway truck loads, 90% relative compaction is
selected. Since this relative compaction is based on
the modified Proctor compaction tests, the relative
compaction corresponding to the standard Proctor
compaction tests is

RC = 90%
0.95

= 95%

5. Since the fill is a well-graded coarse-grained fill with
15% fines, a vibratory roller or rubber tire roller
may be used based on Tables 3.2 and 3.3. Select the
rubber tire roller.

6. Based on the selected equipment (i.e., the rubber tire
roller), the compacted lift thickness is 150–200 mm
and the number of passes is 4–6. Considering the
base course thickness is 400 mm, it is convenient to
choose the lift thickness of 200 mm. For the thicker
lift thickness, the higher number of passes at 6 is
selected.

7. The total compacted fill volume is 200 × 200 ×
0.4 = 16,000 m3. Considering the “shrinkage” from
the borrow fill to the compacted fill (use a factor of
1.15), the required borrow fill volume is

Vb = 𝜁Vf , r = 1.15 × 16000 = 18400 m3

8. Since a parking lot is typically not a large project,
no field trial is necessary.

3.3.6 Construction

Conventional compaction involves transportation of fill ma-
terial from a borrow site, placement of the fill, watering or
drying of fill if needed, and compaction.

It is likely that the fill transported from a borrow site onto
the project is too wet or dry. If the fill is too wet, it can be
spread out on the site for drying. When appropriate moisture
content is achieved, compaction can start. However, when
the fill is dry, water can be spread on the fill by a water tank.
After water is spread, it is necessary to wait a certain amount
of time (depending on fill type) to allow water to penetrate
into fill and have uniform moisture distribution. Silty fill
can lose moisture quickly; therefore, compaction should start
immediately after appropriate moisture content is reached.

During compaction, rollers should travel at a constant
speed in a regular pattern. Sudden break, acceleration, and
turning, which may disturb compacted fill and subgrade,
should be avoided.

Fill should not be overcompacted. After the fill has a degree
of saturation close to full saturation (say 95% or higher),
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Table 3.4 Recommended Number of Tests

Earth Structure Volume of Fill per Test (m3)

Embankment 500–2000
Impermeable liner 200–1000
Subgrade 500–1500
Base course 500–1000
Backfill in trench or

around structure
100–200

Source: U.S. Navy (1986) and Hausmann (1990).

continued compaction may not densify the fill, instead it may
disturb the fill. The additional compactive energy may create
shear stresses in the fill that remold the compacted fill and
smear fill particles. As illustrated by Seed and Chan (1959),
compaction at the wet side of optimum can change soil fabric
from a flocculated to a dispersed one. A fill with a dispersed
fabric has a low shear strength. Obvious ground heave or
movement is an indication of overcompaction. To fix the
overcompaction problem, the fill should be excavated and
dried for recompaction.

For sandy and clayey fills, the surface after compaction
may not be smooth, especially after the compaction by
sheepsfoot rollers. Smooth wheel rollers can be used for fin-
ish operation of fill compaction to smooth out the ground
surface. Smooth wheel rollers have also been commonly used
for proof rolling. The purpose of proof rolling is to identify
areas of fill that are undercompacted or too wet. Proof rolling
may not be able to detect the problem for the areas compacted
at dry side of optimum because they are relatively strong and
stiff due to capillary action.

3.3.7 Quality Control and Assurance

Quality control and assurance are important parts of conven-
tional compaction because it often involves large-area con-
struction. Quality control typically includes the following:

• Quality of fill material, such as type, gradation, and
Atterberg limits

Table 3.5 Field Tests for Quality Assurance of Compaction

Test Method Measurement Standard

Sand cone Density ASTM D1556
Rubber balloon Density ASTM D2167
Nuclear gauge Moisture content and density ASTM D6938
Dynamic cone penetrometer Penetration index ASTM D6951
Soil stiffness gauge Stiffness ASTM D6758
Falling weight deflectometer Stiffness ASTM D4694
Light weight deflectometer Stiffness ASTM E2583
Electrical density gauge Density ASTM D7830
Time domain reflectometry Moisture content ASTM D6565

• Type and weight of equipment
• Lift thickness
• Moisture content at compaction
• Number of passes

Quality assurance is achieved through field tests after each
lift compaction and/or completion of the overall compaction.
Table 3.4 provides recommended number of field tests to be
performed on a project site.

There are several field test methods available for quality
assurance of compaction as provided in Table 3.5. Mois-
ture content, density, and stiffness are three commonly mea-
sured parameters. Most of the current specifications for com-
paction only require moisture content and density. Nuclear
gauge and sand cone tests are two of the most commonly used
methods in the field. Stiffness is a performance index, which
has gained more attention by the transportation community
in recent years. It is a trend that fill stiffness will be included
as a performance index in future specifications. Details of
these test methods can be found in the ASTM standards.

3.4 INTELLIGENT COMPACTION

3.4.1 Introduction

Basic Concept Intelligent compaction (IC) is a continuous
construction technique with quality assurance/quality
control (QA/QC) processes incorporated in the construction.
This technique includes automatic measurements of geoma-
terial properties through preinstalled sensors on the machine
and adjustment and optimization of the vibration amplitude,
frequency, and/or speed using a feedback control system by
the machine operator to achieve uniform compaction and
desired target values. This technology is advanced from the
continuous compaction control (CCC) system initiated in
Europe in 1970s. Figure 3.8 shows the main components
of the CCC/IC compaction system, which consists of a
roller, a controlling unit, machine-integrated sensors, an
onboard computer, and a global positining system (GPS).
The computer monitor displays operation parameters,
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Figure 3.8 Main components of CCC/IC compaction system (Chang et al., 2011).

Table 3.6 Available Single IC Drum Rollersa

Vendor Ammann Case Bomag Caterpillar Dynapac Sakai

Model ACEplus VarioControl NA DCA-S (GPS) CIS
Model number SV BW213-4BVC NA CA 152-702 SV505/SV510
Auto-feedback Yes Yes Yes Yes No
Measurement system Yes Yes Yes Yes Yes
Measurement value Kb Evib CMV CMV CCV
Measurement unit MN/m MN/m2 Dimensionless Dimensionless Dimensionless
GPS capability Yes Yes Yes Yes Yes
Documentation system ACEPlus BCM05 Office and Mobile AccuGrade PCA AithonMT-R
aKb = stiffness or ground bearing capacity; Evib = vibration modulus; CMV = compaction meter value; and CCV = compaction control
value.
Source: Modified from Chang et al. (2011).

GPS-referenced roller position, and GPS-referenced
color-coded compaction value. The color-coded compaction
value allows the operator to identify areas of weak spots or
poor compaction and make necessary adjustments in rolling
operations. The GPS mounted on the machine is linked to
an onsite base station to determine the location of the roller.
There are several IC rollers available in practice. Table 3.6
lists five commonly used single IC drum rollers. Drums can
be smooth or padfoot. Double drum rollers are also available
but are mainly used to compact asphalt pavement materials.

Suitability Similar to conventional compaction rollers, IC
rollers can be used to compact natural subgrade and fill rang-
ing from cohesive to cohesionless geomaterials. IC rollers are
even more suitable for nonuniform subgrade conditions than
conventional compaction rollers.

Applications The IC method has the same applications as
the conventional compaction method.

Advantages and Limitations The IC method has the mea-
surement and feedback system, which helps the operator
identify weak spots for further compaction or treatment and

QC/QA, avoid overcompaction, and reduce the number of
passes. The IC method can serve as full coverage QC/QA
and minimize the need for field inspection. Therefore, it can
result in more efficient and uniform compaction.

Currently, the equipment is more expensive than conven-
tional compaction equipment. It requires managing and an-
alyzing a significant amount of data. This method often
requires test strips for calibration of target compaction values
prior to production compaction.

3.4.2 Principles

Intelligent Compaction Measurement Value Intelligent
compaction has compaction passes and measuring passes.
During the measuring pass, the machine takes measurements
of drum–soil interaction. Several IC roller manufacturers de-
velop different intelligent compaction measurement values
(ICMVs) for their machines. The commonly used ICMVs
in the United States include: (1) compaction meter value
(CMV), (2) machine drive power (MDP), (3) compaction
control value (CCV), (4) stiffness, Kb, and (5) vibration
modulus, Evib.
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1. Compactionmeter value (CMV) Based on early studies
on the relationship between geomaterial stiffness and the
drum acceleration amplitude and the acceleration amplitude
of its harmonics, Thurner and Sandstrom (1980) proposed a
CMV as follows:

CMV = C
A2Ω
AΩ

(3.9)

where C = constant (i.e., 300)
AΩ = amplitude of the fundamental component

of vibration (i.e., operating)
A2Ω = amplitude of the first harmonic component

of vibration (i.e., twice the eccentric
excitation frequency)
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Figure 3.9 Changes in amplitude spectrum with an increase of ground stiffness (Chang
et al., 2011).
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Figure 3.10 Influence of soil stiffness and drum behavior on ICMVs (Adam and Kopf, 2004).

Mooney and Adams (2007) suggested that the A2Ω∕AΩ
ratio is an indicator of whether geomaterial and drum have a
nonlinear interaction. The nonlinear interaction results from
nonlinear behavior of geomaterial and varying contact area
between geomaterial and drum. When geomaterial and drum
have a linear interaction, the A2Ω∕AΩ ratio is equal to zero.
When a roller is on an uncompacted loose geomaterial, the
A2Ω∕AΩ ratio is small. With an increase of the geomaterial
stiffness, the A2Ω∕AΩ ratio increases as shown in Figure 3.9;
however, at the same time, the chance for the drum to have
double jump, rocking, and chaotic motion increases. Adam
and Kopf (2004) illustrate the influence of soil stiffness and
drum behavior on ICMVs in Figure 3.10. To consider this
fact, another parameter, called resonant meter value (RMV)
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Figure 3.11 Example of color-coded CMVs and MDPs in one case study (Vennapusa et al.,
2010, with permission from ASCE).

or bouncing value (BV), is suggested as follows:

RMV or BV = C
A0.5Ω
AΩ

(3.10)

where A0.5Ω is the subharmonic amplitude caused by jump-
ing (i.e., the drum skips every other cycle).

When RMV = 0, there is continuous contact or partial
uplift between the drum and the geomtareial. Theoretically
speaking, the drum starts to double jump when RMV > 0.
Based on one field study, however, Vennapusa et al. (2010)
indicated a value of RMV > 2 considered as a practical cutoff
value for further analysis.

2. Compaction control value (CCV) Similar to CMV,
CCV is determined from the measured acceleration data
based on the harmonic frequency. Figure 3.9 shows that stiff
ground results in a “jumping” motion with vibration acceler-
ations at different frequency components. CCV is defined as

CCV =
A0.5Ω + A1.5Ω + A2Ω + A2.5Ω + A3Ω

A0.5Ω + AΩ
(3.11)

3. Machine drive power (MDP) Machine drive power
(MDP) is defined below by relating the power needed to drive
the machine during compaction to the properties of com-
pacted geomaterial (Chang et al., 2011):

MDP = Pg −Wrvr

(
sin 𝛽 +

am
g

)
− (mmvr + bm) (3.12)

where MDP = machine drive power (kJ/s)
Pg = gross power needed to

drive the machine (kJ/s)
Wr = roller weight (kN)
𝛽 = slope angle

am = machine acceleration (m/s2)
g = acceleration of gravity (m/s2)
vr = roller velocity

mm (kJ/m) and bm (kJ/s) = machine-dependent internal
loss coefficients

MDP is a relative value calibrated against a hard compacted
surface, which is set as MDP = 0. A positive MDP value
implies a less compacted material than the hard surface while
a negative value implies a more compacted material.

Figure 3.11 shows color-coded CMVs and MDPs in one
case study.

4. Roller-integrated stiffness (Kb) The roller–ground
interaction can be modeled using a one-degree-freedom
lumped-parameter model as shown in Figure 3.12. In this
model, the drum is modeled as a rigid body with a mass,
md; m0e0 is the eccentric moment of the unbalanced mass
generated by the roller; mf is the mass of the frame; zd
and z̈d are the vertical displacement and the acceleration of
the drum, respectively; Ω is the excitation frequency (i.e.,
2𝜋f); and Fs is the drum–ground contact force. The ground
stiffness, Kb, is defined as the slope of the unloading portion
of the contact force with the drum vertical displacement, that
is, ΔFs/Δzd, and can be expressed as follows when the drum
velocity is equal to zero (Andergg and Kaufmann, 2004):

Kb = 4𝜋2f 2

(
md +

m0e0 cosΔp

zd

)
(3.13)

where Δp is the phase angle.

5. Vibratory modulus, Evib The vibratory modulus, Evib,
can also be obtained using the one-degree-freedom lumped-
parameter model with the analytical solution developed by
Lundberg (1939) for a rigid cylinder on an elastic half-space
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Figure 3.12 One-degree freedom lumped-parameter model
(Mooney and Adam, 2007, with permission from ASCE).

as follows:

zd =
2(1 − V2

s )
𝜋Evib

Fs

Ld

(
1.8864 + ln

Ld
Bd

)
(3.14)

where Vs = Poisson’s ratio of the geomaterial
Ld = length of the drum
Bd = contact width of the drum

According to Hertz’s contact theory (Hertz, 1895), the fol-
lowing relationship can be established:

Bd =

√
16
𝜋

Rd(1 − V2
s )

Evib

Fs

Ld
(3.15)

where Rd is the radius of the drum. Evib in Equations (3.14)
and (3.15) can be solved by iterations. Kröber et al. (2001)
provided a detailed description about the Evib measurement.

Field Correlation Intelligent compaction measurement val-
ues (ICMVs) as discussed above are recorded during com-
paction. They can be used by the operator to identify possible
weak spots, adjust compaction parameters, and/or complete
the compaction after reaching target values. How the ICMVs
are relevant to geomaterial properties determined by tradi-
tional test methods is a practical question. Researchers have
conducted a few studies to correlate the ICMVs with dry
unit weight, strength, and modulus or stiffness of geomate-
rial. The recent study by Chang et al. (2011) for the field
correlation with ICMVs evaluated 13 in situ QC/QA test
methods, including nuclear gauge, electrical density gauge,
lightweight deflectometer (LWD), soil stiffness gauge, static
plate load test, falling weight deflectometer (FWD), Bri-
aud compaction device, seismic pavement analyzer, Clegg
hammer, Shelby tube sampling, dynamic cone penetrome-
ter (DCP), static cone penetrometer, and heavy test rolling.
Below are a few key findings:

• Different test methods have different measuring depths.
The measuring depth and field moisture content are two
main factors affecting the correlation between ICMVs
and field point test methods. ISSMGE (2005) suggested
that the measuring depth of a roller depends on the
weight of the roller and the maximum measuring depth

on gravel by a 12-ton roller can reach 0.8–1.5 m. White
(2008) pointed out most field point test methods have a
measuring depth up to 0.3 m. Target material properties
such as stiffness and density are other factors influenc-
ing the correlation.

• ICMV has a linear correction with back-calculated layer
stiffness from deflection measurements (i.e., LWD and
FWD).

• The correlation between ICMV and the stiffness from
plate load test or California bearing ratio (CBR) from
DCP is less desirable.

• The correlation between ICMV and nuclear/nonnuclear
density gauge measurements is least desirable.

• Multiple factors, such as soil moisture content and vi-
bration frequency and amplitude, affect ICMV.

3.4.3 Design Considerations

Intelligent compaction is a construction-based ground im-
provement method. In addition to the typical design for the
conventional compaction method, the design of IC is mostly
related to the planning of test strips and the selection or de-
termination of ICMV and compaction parameters. ISSMGE
(2005) developed detailed specifications for the IC operation
while Chang et al. (2011) provided sample specifications.

Rollers Rollers can be smooth or padfoot single-drum vi-
bratory rollers. They should be self-propelled and have ac-
celerometers or other sensors mounted on the machine to
enable compaction measurements. The output of the mea-
surements is the ICMV.

Correlation for Preliminary Design Researchers have de-
veloped different relationships between ICMV and field test
measurements. However, most of these relationships are site
specific. Table 3.7 lists a few relationships with some consis-
tent results from different sites and locations, which may be
used for preliminary design. The preliminary design can be
used as a start point to prepare for a test section.

Test Section ISSMGE (2005) suggests selecting a test
section of 100 m long with entire road width within a
construction site. Chang et al. (2011) suggested a test
section of 75 m long and 8 m wide. The test section should
be representative in terms of the properties of geomaterial
layers on the site and be divided into several roller tracks
with the maximum track width corresponding to the drum
width. The overlap between tracks should not exceed 10%
of the drum width. If different materials exist or are used on
the project site, all of them should be evaluated. Dynamic
passes should be performed as measuring passes with the
same machine settings (speed, amplitude, and frequency)
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Table 3.7 Correlation between ICMV and Average Field Test Measurements

Correlation Soil Type Notes Reference

𝛾d(kN∕m3) = −a log(MDP) + b, a =
1.7–4.6, b = 20.2–22.7,
R2 = 0.90–0.96

Granular soil Combine three soil types at different
locations

White et al. (2008)

𝛾d(kN∕m3) = a CMV + b, a =
0.1–0.2, b = 12.0–17.2,
R2 = 0.83–0.96

Granular soil Combine three soil types at different
locations

White et al. (2008)

𝛾d(kN∕m3) = a − b MDP + cw, a =
10.6–15.3, b = 0.2, c = 0.1–0.3,
R2 = 0.60–0.93

Cohesive soil Combine three soil types at different
locations

White et al. (2008)

𝛾d(kN∕m3) =
15.47 − 0.37 MDP + 0.16w,
R2 = 0.78

Cohesive soil Padfoot roller, Am = 0.8 mm, f = 33 Hz,
vr = 4 km/h

Mooney et al. (2010)

ELWD(MPa) = a − b MDP, a =
41.4–48.5, b = 1.6–1.3,
R2 = 0.46 to 0.78

Cohesive soil Combine three soil types at different
locations; ELWD determined using
Keros lightweight deflectometer

White et al. (2008)

Note: w = moisture content of soil; Am = amplitude; ELWD = elastic modulus of soil determined by a lightweight deflectometer (LWD).

throughout the test section. During the measuring pass
the ICMVs are recorded. After each pass, nondestructive
devices should be used to measure the density and/or
stiffness of the geomaterial at different locations. Chang
et al. (2011) suggested 10 uniformly spaced locations on the
test section for density or stiffness tests. ISSMGE (2005)
suggested 9 locations for static plate load tests and 36
locations for LWD tests. Based on the recorded ICMVs, an
IC compaction curve can be established between the ICMVs
and the number of passes.

Selection of Target ICMV Different countries or organiza-
tions have different specifications for the selection of target

ICMV and acceptance criteria. Two such specifications are
discussed herein.

ISSMGE (2005) recommended the use of the target ini-
tial load secant modulus, Ei (either Ev1, a modulus from a
static plate load test or ELWD, a modulus from LWD) to es-
tablish the target ICMV. A linear regression method as shown
in Figure 3.13 is used. The target mean ICMV corresponds
to 1.05Ei (Ev1 or ELWD), the target minimum ICMV cor-
responds to 0.95Ei, and the target maximum ICMV corre-
sponds to 1.5 times the minimum ICMV.

Chang et al. (2011) suggested a two-step procedure to
determine the production target ICMV based on the density
requirement. In the first step, the target ICMV is determined

Figure 3.13 Establishment of target values (ISSMGE, 2005).
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Figure 3.14 IC compaction curve and target ICMV (Chang et al.,
2011).

as the point where the increase in the ICMV of the geomate-
rial between passes is less than 5% on the compaction curve
as shown in Figure 3.14. The corresponding number of
passes is the optimum pass. In the second step, an adjoining
section is compacted using the same roller settings and
number of passes for the established target ICMV to verify
the compaction with the same density device after the final
pass. A linear regression method as shown in Figure 3.15
is used to determine the production target ICMV based on
the required density, in which Gmm is the maximum specific
gravity of a mix.

3.4.4 Construction

Most of the construction procedures for conventional com-
paction apply to the IC operation. Some special IC proce-
dures are provided below:

• Construction site should be divided into measuring
sections with a size similar to the test section to cover
the entire area.

• No intersection is permitted.

Figure 3.15 Linear regression method to determine production target
ICMV (Chang et al., 2011).

• Measuring passes should be performed in a forward di-
rection while reverse travel should be performed stati-
cally. The roller’s travel speed should be kept constant
between 2 and 6 km/h.

• If a measuring pass encounters significant jump, the
testing sequence should be interrupted. The measuring
pass should be repeated with lower amplitude and/or
higher travel speed.

• After the measuring pass, the roller should be moved to
the next track.

3.4.5 Quality Control and Assurance

In addition to typical acceptance processes for materials and
construction operations that are the same as those for conven-
tional compaction, ISSMGE (2005) and Chang et al. (2011)
have additional requirements specific to the IC technology.

ISSMGE (2005) suggests the following ICMV accep-
tance criteria in a production area for quality control and
assurance:

• Production mean ICMV ≥ target mean ICMV.
• One hundred percent of production ICMV ≥ 0.8 target

minimum ICMV.
• Ninety percent production ICMV ≥ target minimum

ICMV.
• Compaction must be performed until production mean

ICMV (current pass) > production mean ICMV (pre-
ceding pass) by less than 5%.

• If 100% of production ICMV > target minimum ICMV,
the coefficient of variation (COV) for the entire area ≤

20%.
• If 0.8 target minimum ICMV< production mean ICMV

< target minimum ICMV, 100% of production ICMV ≤

maximum target ICMV.
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Chang et al. (2011) suggest the following quality control
and assurance procedure:

• Ninety percent or more of the individual construction
area shall meet the optimum pass requirement and 70%
of the target ICMV determined from the test sections.

• Rework and reevaluation are necessary for the construc-
tion area not meeting the ICMV criterion prior to con-
tinuing with the production in that area.

3.5 DEEP DYNAMIC COMPACTION

3.5.1 Introduction

Basic Concept Deep dynamic compaction is to repeat-
edly drop a weight (“tamper”) freely from a height onto
the ground surface in a pattern to compact problematic ge-
omaterial to a deep depth as shown in Figure 3.16. Re-
peated impacts reduce voids, densify the geomaterial, and
induce ground movement. A tamper typically has a weight
of 5–40 tons and drops from a height of 10–40 m. Differ-
ent from shallow compaction, deep dynamic compaction can
compact problematic geomaterial down to a depth of 10 m.
The concept of dynamic compaction can be traced back to

Figure 3.16 Dynamic compaction.

Roman times. The modern technology has been credited to
the French engineer, Louis Menard since 1960s. The article
published by Menard and Broise in 1975 provided theoreti-
cal bases for dynamic consolidation of fine-grained soils by
heavy tamping.

Suitability Deep dynamic compaction is suitable for the
following conditions:

• Loose and partially saturated fills
• Saturated free-drained soils
• Silts with plasticity index less than 8
• Clayey soil with a low degree of saturation (moisture

content lower than plastic limit)

Deep dynamic compaction is generally not recommended
for clayey soil with high plasticity index (greater than 8) and
high degree of saturation. However, this method has been
used to improve clayey soils in some countries (Han, 1998;
Liang and Xu, 2011). Drainage and/or dewatering are often
required to reduce excess pore water pressure in clayey soil
generated by deep dynamic compaction. A certain waiting
period is necessary for the dissipation of excess pore water
pressure. High groundwater table (within 2 m of the starting
level) minimizes the effectiveness of dynamic compaction.
Under such a condition, dewatering may be necessary. Deep
dynamic compaction is more economic when the area of
a site is larger than 5000 m2. Due to the size of a crane
for deep dynamic compaction operation, certain clearance
is necessary. Table 3.8 lists adverse situations for dynamic
compaction.

Applications Deep dynamic compaction has been used to
improve problematic geomaterials by increasing bearing ca-
pacity, reducing settlement, minimizing collapsible poten-
tial, and mitigating liquefaction for commercial and residen-
tial buildings, storage tanks, highways and railways, airports,
and harbors.

Advantages and Limitations Deep dynamic compaction
can improve a large area of geomaterials in a relatively short
time at low cost. It is very effective to densify loose and par-
tially saturated fill with less than 15% fines. This method
often can detect weak or loose areas during operation so
that they can be treated properly, such as overexcavation and
replacement. Dynamic compaction can change a heteroge-
neous geomaterial to a more uniform, denser, and stronger
material. The major equipment needed for this method is a
crane and a tamper, which are readily available from many
contractors.

Deep dynamic compaction is generally less to not effective
to improve saturated clayey soils. Special measures have
to be taken for this method to be reasonably effective for
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Table 3.8 Adverse Situations for Dynamic Compaction

Adverse Situation Possible Difficulty

Soft clays (undrained shear strength less than 30 kPa) Insufficient resistance to transmit tamper impulse
High groundwater level Need to dewater and to consider possible effects of

subsequent recovery in water level
Vibration effects (may be worse if groundwater level is high) Distance from closest structure to be of the order of 30 m or

more
Clay surface May be inadequate for heavy cranes and unsuitable for

imprint backfilling
Clay fills May be subject to collapse settlement if inundated later
Flying debris Precautions for site and public safety
Voided ground or Karst features below treated ground Treatment may not reach the voided zone or may make it

less stable
Biologically degrading material Compaction may create anaerobic conditions and regenerate

or change the seat of the biological degradation

Source: Mitchell and Jardine (2002).

these soils, such as providing drainage and/or dewatering
and having a long waiting period for dissipation of excess
pore water pressure. Impact by deep dynamic compaction
induces noise, vibration, and lateral movement, which may
cause problems to nearby buildings, substructures, and utility
lines. This method often requires instrumentations to monitor
vibration, noise level, and ground movement. When it is used
in saturated clayey soils, piezometers are needed to monitor
generation and dissipation of excess pore water pressure. The
tamping work may cause flying debris, which poses danger
to workers onsite. The mobilization cost may be high when
large crane and tamper are used.

3.5.2 Principles

Dynamic Densification When dynamic compaction is used
on unsaturated granular geomaterial, the impact by a heavy
tamper immediately displaces particles to a denser state,
compresses or expels air out of voids, and reduces the volume
of voids. Under such a condition, typically there is ground
depression without any ground heave. A hard plug is formed
under the tamper (Moseley and Kirsch, 2004).

Dynamic Consolidation The theory of dynamic consolida-
tion was proposed by Menard and Broise (1975) to explain
why saturated fine-grained soil can also be improved by re-
peatedly dropping a heave tamper. They attributed dynamic
consolidation to four main mechanisms: (1) compressibility
of saturated soil, (2) liquefaction, (3) change of permeabil-
ity, and (4) thixotropic recovery. Repeated impacts do not
necessarily always liquefy fine-grained soils, instead, they
generate excess pore water pressure, which can accumulate
under repeated loading. The accumulated excess pore water

pressure starts to dissipate once tamping stops. Therefore, it
is more appropriate to refer this mechanism to the generation
and dissipation of excess pore water pressure.

1. Compressibility of Saturated Soil It is common knowl-
edge that saturated fine-grained soil is incompressible and
cannot have volume change under immediate loading (i.e., an
undrained condition). Menard and Broise (1975) attributed
the immediate volume change of saturated fine-grained soil
to the existence of microbubbles in most quaternary soils
ranging from 1 to 4%.

2. Generation and Dissipation of Excess Pore Water
Pressure As mentioned above, dynamic compaction
induces excess pore water pressure during the operation.
A waiting period is necessary to dissipate the excess pore
water pressure. The dissipation of excess pore water pressure
is a consolidation process, which can induce settlement
and compress the soil. Due to the low permeability of
fine-grained soils, prefabricated vertical drains are often
installed to accelerate the dissipation. Alternatively, vacuum
dewatering can be applied through preinstalled vertical
vacuum pipes and horizontal drainage pipes to lower
groundwater table and reduce excess pore water pressure
(Liang and Xu, 2011). Liang and Xu (2011) indicated that
this method is suitable for fine-grained soil with permeability
greater than 5 × 10−9 m/s.

3. Change of Permeability Under high-energy tamping,
vertical fissures are generated around the impact points.
These vertical fissures significantly increase the permeability
of the fine-grained soil, which also accelerates the dissipation
of excess pore water pressure and consolidation.
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Figure 3.17 Variations of volume, excess pore water pressure, and
soil strength during and after the tamping process (after Menerd and
Broise, 1975).

4. Thixotropic Recovery Due to the disturbance of fine-
grained soil caused by tamping, it degrades and reduces its
strength. This strength regains with time due to the thixo-
tropic recovery. This is also the reason why fine-grained soils
should be evaluated at least 30 days after tamping.

The changes of volume, excess pore water pressure, and
soil strength during and after tamping are illustrated in
Figure 3.17.

Figure 3.18 Dynamic replacement (after Yee and Ooi, 2010).

Dynamic Replacement When a clayey soil is too soft and
has too low permeability, it is not effective to be densified or
consolidated during and after tamping. Instead of improving
the soil, the soil can be displaced by tamping and replaced by
stones or coarse aggregates. The process of dynamic replace-
ment involves tamping, backfilling, and continued tamping
until stone columns are formed, as shown in Figure 3.18. The
design of dynamic replacement is similar to that for stone
columns installed by a vibro-probe or casing method to be
discussed in Chapter 5. Therefore, this method will not be
discussed further in this chapter.

3.5.3 Design Considerations

Site Investigation Before the design of deep dynamic com-
paction, a geotechnical investigation is required to evaluate
the site conditions, which include:

• Geomaterial profiles including geomaterial type, parti-
cle size, fine content, degree of saturation, and Atterberg
limits

• Relative density of cohesionless geomaterial
• Groundwater level
• Possible voids
• Possible presence of hard lenses within the depth of

improvement
• Possible sensitive soil

Influence Factors The design of deep dynamic compaction
should consider the following influence factors:

• Geomaterial type
• Depth and area of improvement
• Tamper geometry and weight
• Drop height and energy
• Pattern and spacing of drops
• Depth of crater
• Number of drops and passes
• Degree of improvement
• Induced settlement
• Environmental impact (vibration, noise, and lateral

ground movement)
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Figure 3.19 Soil types for dynamic compaction (Lukas, 1995).

• Presence of soft layer
• Presence of hard layer
• High groundwater table
• Elapsed time
• Pilot trial

Soil Type Lukas (1995) defined three types of soil that
are suitable for dynamic compaction: (1) previous soil
deposits—granular soil, (2) semipervious deposit—primary
silts with plasticity index less than 8, and (3) semipervious
deposit—primary clayey soil with plasticity index greater
than 8. The gradations of these soils are presented in
Figure 3.19.

Depth and Area of Improvement Depth of improvement
depends on project requirements for desired performance.
For example, a loose and saturated sand layer, susceptible to
liquefaction, should be improved to the depth below which
no liquefaction will occur. An empirical formula developed
based on field data is available to estimate the depth of im-
provement as follows:

Di = nc
√
WtHd (3.16)

where Di = depth of improvement (m)
Wt = weight of tamper (ton)
Hd = height of drop (m)
nc = constant, depending on soil type, degree

of saturation, and speed of drop

It should be pointed out that the above formula is units de-
pendent. The specific units as noted in the definitions should
be used. Table 3.9 provides the recommended nc values.

Field data show that the depths of improvement for granu-
lar soils are mostly up to 10 m while those for cohesive soils
and clay fills are limited to 5 m.

The area of the improvement should be that beyond the area
of loading with a distance equal to the depth of improvement
on each side.

Tamper Geometry and Weight Most tampers are made of
steel or steel shell infilled with sand or concrete and have
a circular or square base with an area of 3–6 m2 or larger.
Tampers with smaller base areas (3–4 m2) are commonly
used for granular soils while those with large base areas
(larger than 6 m2) are used for cohesive soils. The weight
of a tamper typically ranges from 5 to 40 tons.
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Table 3.9 Recommended nc Value

Soil Typea Degree of Saturation nc

Pervious soil deposits—granular soils High 0.5
Low 0.5–0.6

Semipervious deposits—primary silts with PI < 8 High 0.35–0.4
Low 0.4–0.5

Semipervious deposits—primary clayey soils with PI > 8 High Not recommended
Low (w < PL) 0.35–0.4

aPI = plasticity index, w = moisture content, and PL = plastic limit. For WtHd = 1–3 MJ/m2 and a tamper drop using a single cable.
Souce: Lukas (1995).

Figure 3.20 Layout of drop points.

Drop Height and Energy The height of tamper drop is
typically 10–40 m. Based on Mayne et al. (1984), the energy
per drop in practice mostly ranges from 800 to 8000 kN⋅m.
Mayne et al. (1984) also provided a chart of relationship
between weight of tamper and drop height based on field
data. This relationship can be approximately expressed as
follows:

Hd = (WtHd)0.54 (3.17)

where WtHd = energy per drop of tamper (ton-m), which is
determined from Equation (3.16) based on the required depth
of improvement.

The calculated drop height may be adjusted based on the
available tamper owned by the contractor.

Figure 3.21 Depth of densification and property change (modified from Woodward, 2005).

Pattern and Spacing of Drops Square and triangular pat-
terns of drops are commonly used. Often both patterns are
used on the same job to accommodate different passes of
compaction in the same phase. Figure 3.20 shows a typical
layout of drop points in two primary phases (phase 1 and
phase 2). Phase 1 has two passes (also called as phase 1-1
and phase 1-2 in Figure 3.20). Compaction often starts with
drop points at larger spacing (e.g., phase 1-1 and phase 1-2),
which are to densify deeper soil layers. Drop points at smaller
spacing (e.g., phase 2) are to densify shallower soil layers.
The secondary phase of compaction uses a lower energy
tamper to cover the whole site. This compaction technique
is also called ironing compaction. The depth of densifica-
tion by this dynamic compaction sequence and the change of
geomaterial property are illustrated in Figure 3.21. During
phase 1-1, only the deeper geomaterial is densified. Phase
1-2 further densifies the deeper geomaterial. Phase 2 densi-
fies the geomaterial within the intermediate depth. During
the two phases of compaction, surface deposit is often loos-
ened to the depth of crater penetration due to low overbur-
den stresses. Ironing phase with lower energy is to densify
the loosened deposit. Lukas (1995) indicated that the maxi-
mum improvement usually occurs between Di/3 to Di/2 (Di
is the maximum depth of improvement). Spacing of drop
points (s1 or s2) is commonly selected to be 1.5–2.5 times the
diameter or width of a tamper (s1 and s2 are often equal to
create uniform compaction).
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Depth of Crater A crater is formed under each tamper
drop and its depth increases with the number of drops.
High-energy compaction can induce a crater of 1.0–1.5 m
deep. The crater depth should be limited to the height of
a tamper plus 0.3 m to ensure the safety and ease of com-
paction operation. When the crater depth gets too deep, the
compaction operation should be divided into two or multiple
phases. Rollins and Kim (2010) proposed empirical formu-
las to estimate crater depth, dcd, in soils with a low degree of
saturation after dynamic compaction:

For a rough estimate

dcd = 0.028Nd
0.55

√
WtHd (3.18)

For a more accurate estimate

log dcd = −1.42 + 0.553 logNd + 0.213 logHd + 0.873 logWt

−0.435 log

(
sd
dt

)
− 0.118 log p (3.19)

where Hd = drop height (m)
Wt = tamper weight (tons)
Nd = number of drops
sd = drop spacing (m)
dt = tamper width or diameter (m)
p = contact pressure in (t /m2)

Dynamic compaction on soil with a high degree of satura-
tion would result in deeper crater depth.

Number of Drops and Passes The number of drops and
passes can be estimated based on applied energy on a site.
Applied energy (AE) at each drop point location can be
calculated as follows:

AE =
NdWtHd

Ae
(3.20)

where Nd = number of drops by one pass at each drop
location (typically 5–10 drops)

Wt = weight of tamper
Hd = drop height
Ae = influence (equivalent) area of each impact

point (Ae = s2 for a square pattern or
0.867 s2 for an equilateral triangular
pattern)

s = drop spacing

Total applied energy is the sum of the energy applied during
high-energy passes plus ironing pass. Unit applied energy
(UAE) is defined based on the depth of improvement as
follows:

UAE =
AEtotal

Di
=

AEHEPNp + AEIP

Di
(3.21)

where AEHEP = applied energy by a high-energy pass
AEIP = applied energy by an ironing pass
Np = number of passes
Di = depth of improvement

Lukas (1995) provided the guidelines for required UAE
based on soil type as shown in Table 3.10.

Ironing pass is mainly used to compact loosened soil within
the depth of craters. The required applied energy for ironing
compaction is estimated as follows:

AEIP = UAE ⋅ dcd (3.22)

where dcd is the depth of the crater. The number of drops
for ironing pass can be determined using Equation (3.20) if
the weight and drop height of the tamper and the area of
the tamper (i.e. the influence area of each impact point) are
known.

From the required UAE in Table 3.10 and the AEIP,
in Equation (3.22) the total applied energy required for
high-energy compaction can be calculated using Equation
(3.21) and the number of drops can be calculated using
Equation (3.20) if one pass is assumed. When the number
of drops at one location in a single pass is too large (greater
than 10 passes) or the crater depth is too deep, the operation
of compaction should be divided into two or multiple passes.

The number of drops can be determined through trial tamp-
ing work onsite. The Chinese Ground Improvement Techni-
cal Code (China Academy of Building Research, 2000) sets
the following criteria to determine the number of drops from
trial tamping work:

• The average vertical displacement induced by the last
two drops is not greater than 50 mm. When high drop
energy is used, it should not be greater than 100 mm.

• No large heave occurs around the crater.
• The crater should not be so deep that lifting of the

tamper becomes difficult.

Table 3.10 Required Unit Applied Energya

Soil Type Unit Applied Energy (kJ/m3) % Standard Proctor Energy

Pervious coarse-grained soil 200–250 33–41
Semi-impervious fine-grained soil 250–350 41–60
Landfill 600–1100 100–180
aStandard Proctor energy equals 600 kJ/m3.
Source: Lukas (1995).
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Figure 3.22 Average SPT N value after improvement (after
Lukas, 1995).

Degree of Improvement The degree of improvement de-
pends on geomaterial type, fine content, groundwater table,
applied energy, drop layout, and time. Figures 3.22, 3.23, and
3.24 show the average SPT N values, CPT tip resistance, and
pressuremeter (PML) limit pressure above the improvement
depth. Table 3.11 provides upper bound test values after dy-
namic compaction. These figures and table can be used as
target values for dynamic compaction preliminary design.
The actual degree of improvement should be evaluated by
in situ testing after compaction.

Figure 3.23 Average CPT qc value after improvement (Lukas,
1995).

(a)

(b)

Figure 3.24 Average PMT pL value after improvement (Lukas,
1995).

Induced Settlement After each pass of dynamic com-
paction, construction equipment, most commonly bull-
dozers, is used to level the ground surface. Ground settle-
ment (also called subsidence) is measured based on the
current ground elevation as compared with the initial eleva-
tion. In unsaturated soil, the settlement occurs immediately
after compaction. In saturated soil, however, the settlement
increases gradually with time after the initial compression
under each compaction. Most of the settlement results from
filling large craters induced by tampers. The approximate
induced settlement as percent of improvement depth is
provided in Table 3.12.

The induced settlement can also be estimated based on the
crater depth (see the design example in Section 3.5.5).
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Table 3.11 Upper Bound Test Values after Dynamic Compaction

SPT N (blows/0.3 m) CPT qc (MPa) PMT pL (MPa)

Previous coarse-grained soil:
Sands and gravels 40–50 19–29 1.9–2.4

Semipervious soil:
Sands and gravels
Silts and clayey silts

40–50
25–35

19–29
10–13

1.9–2.4
1.0–1.4

Partially saturated impervious deposits
Clay fill and mine spoil 30–40 NA 1.4–1.9

Landfills 20–40 NA 0.5–1.0

Source: Lukas (1995).

Table 3.12 Approximate Induced Settlement as
Percent of Improvement Depth

Soil Type Percent of Depth

Natural clays 1–3
Clay fills 3–5
Natural sands 3–10
Granular fills 5–15
Uncontrolled fills 5–20

Source: Modified from Moseley and Kirsch (2004).

Environmental Impact It is expected that applying
high-energy impact on ground induces environmental im-
pact, mostly vibration, noise, and lateral ground movement.
This fact has to be considered in the selection of a suitable
ground improvement technique.

Field measurements show that particle velocity depends
on the scaled energy factor and the geomaterial density as

shown in Figure 3.25. The scaled energy factor is defined in
terms of the applied energy by a single drop and the distance
from the point of impact to the point of interest. An increase
of the scaled energy factor increases the particle velocity. A
loose soil or fill typically generates lower particle velocity.
Lukas (1995) indicated that the frequency of ground vibra-
tions induced by dynamic compaction ranges from 6 to 10
Hz. Mayne et al. (1984) provided the following formula to es-
timate the upper limit of peak particle velocity (PPV) in terms
of applied single-drop energy and distance to the drop point:

PPV = 70

(√
WtHd

xdp

)1.4

(3.23)

where PPV = peak particle velocity (mm/s)
Wt = tamper weight (ton)
Hd = drop height (m)
xdp = distance to the drop point (m)

Figure 3.25 Scaled energy factor versus particle velocity (FHWA, 1986).
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Table 3.13 Typical Threshold Particle Velocity

Structural Type Velocity (mm/s)

Commercial, industrial 20–40
Residential 5–15
Sensitive 3–5

Siskind et al. (1980) suggested that threshold particle ve-
locity depends on type of structure and frequency of vibra-
tion. Different countries have established different guidelines
for threshold particle velocity for vibration-induced damage
to buildings. Table 3.13 provides typical values of thresh-
old particle velocity based on the typical vibration frequency
generated by deep dynamic compaction. Moseley and Kirsch
(2004) suggested that the particle velocity at 2.5 mm/s would
annoy occupants of buildings. To reduce particle velocity in-
duced by dynamic compaction, isolation trenches have been
commonly used around a construction site to cut off or min-
imize surface waves (i.e., the Rayleigh waves). Trenches
should be 2–3 m deep and at least 1 m wide at the bottom.

Dynamic compaction also induces lateral ground move-
ment, which may damage existing underground utility lines
or buried structures. The Federal Highway Administration
(FHWA) (1986) documented that lateral ground movement
at a magnitude of 19–76 mm was measured at a distance of
6.1 m from the point of impact. Field monitoring of ground
vibrations and movement is necessary if there are nearby
buildings and/or underground utility lines and structures.

Presence of Soft Layer When a soft layer exists near the
ground surface, it may not be able to support the equipment for
dynamic compaction operation or absorb applied energy so
that limited energy is transmitted to soil at depth. Under such
a condition, this soft layer should be excavated or stabilized
by a stabilizing layer (typically 0.3–1.2 m thick) to provide a
stable working platform for dynamic compaction equipment
and to limit crater depth. The most favorable material for
the stabilizing layer is a coarse-grained geomaterial, such
as gravel, crushed stone, or building rubble. An extra-thick
stabilizing layer reduces the depth of improvement below the
stabilizing layer; therefore, it should be avoided.

Presence of Hard Layer When a hard layer to a certain
thickness (1–2 m) exists near the ground surface, it dis-
tributes the applied energy over a wide area so that the energy
transmitted to the depth is greatly reduced. As a result, the
depth and degree of improvement are reduced. Under such
a condition, the hard layer should be removed or loosened.
When a hard layer is thin, however, a tamper may penetrate
this layer and deliver proper energy to the underlying layer.

High Groundwater Table It is a general requirement for
dynamic compaction that the groundwater table should be

2 m below the ground surface. When the groundwater table
is within 2 m, dynamic compaction likely encounters some
difficulties. Typically, a crater depth ranges from 1.0 to 1.5
m. Dynamic compaction generates excess pore water pres-
sure so that the groundwater rises and enters the craters. The
geomaterial and water can be intermixed during compaction.
To avoid such a problem, the groundwater table should be
lowered by dewatering or additional fill should be added to
increase the distance from the ground surface to the ground-
water table.

Elapsed Time Dynamic compaction induces excess pore
water pressure if the geomaterial is saturated. The excess
pore water pressure can accumulate under multiple drops of
impact if the geomaterial is not pervious. The accumulated
excess pore water pressure reduces geomaterial strength,
destabilizes the ground, and minimizes the densification. Un-
der such a condition, the number of drops in each phase or
pass should be limited. An elapsed time is needed between
two phases or passes to allow the dissipation of the excess
pore water pressure. For sandy soil, the dissipation of the ex-
cess pore water pressure is rapid and can complete within
a few minutes. However, the geomaterial with fine contents
may take a few days to weeks to dissipate the excess pore
water pressure. To shorten the time for pore water pressure
dissipation, prefabricated vertical drains or vacuum dewater-
ing have been used. The details about the function and design
of prefabricated vertical drains and vacuum dewatering can
be found in Chapters 7 and 6, respectively.

3.5.4 Design Parameters and Procedure

The influence factors discussed above are the design parame-
ters for deep dynamic compaction. The following procedure
may be followed for design of deep dynamic compaction:

1. Based on geotechnical profile and potential problem,
select the depth of improvement.

2. Based on geomaterial type and degree of saturation,
select the nc value from Table 3.9.

3. Calculate the required energy per blow for the
high-energy impact using Equation (3.16) based on
the required depth of improvement.

4. Estimate the drop height using Equation (3.17) and
then the tamper weight.

5. Based on the applied energy guidelines, the unit ap-
plied energy can be selected based on the geomaterial
type using Table 3.10.

6. Calculate the required total applied energy using
Equation (3.21).

7. Based on the geomaterial type and degree of satu-
ration near the ground surface, the required unit ap-
plied energy for the ironing pass can be selected using
Table 3.10.
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8. Calculate the required applied energy for the ironing
pass using Equation (3.22) with an assumed crater
depth (typically 1.0–1.5 m).

9. Calculate the required total applied energy for
high-energy compaction by subtracting the required
applied energy for the ironing pass from the total
required applied energy.

10. Based on the tamper diameter, estimate the spacing of
drops.

11. Based on the required total applied energy for
high-energy compaction and the spacing of drops,
calculate the required number of drops (round up to
an integer number). If the required number of drops
on one location is greater than 10, multiple passes or
phases are required.

12. Estimate the crater depth using Equation (3.18) or
(3.19).

13. Select target performance values after improvement.
14. Estimate the settlement after improvement based on

Table 3.12 or crater depth.

3.5.5 Design Example

A 5-m-high highway embankment is to be constructed
over a landfill that has a fine-grained soil cover under-
lain by a soil mixture with the total thickness ranging
from 5.0 to 8.2 m. This soil mixture includes primar-
ily silts and clays with construction waste (concrete
blocks, brick fragments, etc.). At certain locations,
there are voids and loose pockets within the landfill.
Standard penetration tests performed prior to ground
improvement indicate SPT values ranging from about
5 to 20 with an average of 10. The predicted settlement
ranged from 140 to 274 mm. Dynamic compaction is
selected to reduce the anticipated total and differential
settlements. The required SPT N value after improve-
ment should be at least 20. The surface of the landfill
is strong enough to support the dynamic compaction
equipment. Leachate inside the landfill was at a rel-
atively shallow depth (approximately 2.5 m from the
existing surface). To minimize the generation of excess
pore water pressure, multiple pass construction may be
needed. The contractor has an 18.2-ton tamper that has
the diameter of 1.5 m and the height of 1.5 m.

You are requested to provide a preliminary design
for the dynamic compaction project and estimate the
settlement after compaction.

Solution

Considering the thickness of the landfill typically
ranging from 5.0 to 8.2 m, the depth of improvement
is selected as 8.2 m. Based on the composition of the
landfill, it can be considered as a semipervious soil

deposit. Since the landfill has a high degree of satura-
tion, the nc value is selected as 0.35. As a result, the
required energy per blow can be computed as follows:

WtHd =
( 8.2

0.35

)2
= 550 t-m

The contractor provided an 18.2-t tamper, therefore,
the required drop height is 550 t-m/18.2 t = 30.2 m.
Based on Equation (3.17), the estimated drop height is
also 30.2 m.

Based on the applied energy guidelines, the unit ap-
plied energy for landfills ranges from 600 to 1100
kJ/m3. The average unit applied energy is 850 kJ/m3,
therefore, the required total applied energy is AEtotal =
850 kJ/m3 × 8.2 m = 6970 kJ/m2 = 6.97 MJ/m2.

Ironing passes are typically used to compact the ge-
omaterial near the surface, which is close to the depth
of the craters. Typically, the crater depth ranges from
1.0 to 1.5 m. The geomaterial above the landfill is most
likely fine grained. Since the geomaterial near the sur-
face is above the groundwater table, the unit applied
energy for the semipervious fine-grained soils of 300
kJ/m3 may be used for the ironing passes. Therefore,
the required total applied energy for ironing passes is
AEIP = 300 kJ/m3 × 1.5 m= 450 kJ/m2 = 0.45 MJ/m2.
The required total applied energy for high-energy com-
paction is AEHEP Np = 6.97 MJ/m2 – 0.45 MJ/m2 =
6.52 MJ/m2.

To allow for pore water pressure dissipation during
energy application, multiple passes are needed. As-
sume two passes are adopted. The required applied en-
ergy for each pass is AEHEP = 6.52 MJ/m2/2 = 3.26
MJ/m2.

Typical drop spacing is 11∕2–21∕2 times the tamper
diameter. The factor of 2.0 is selected for this site, that
is, drop spacing = 2.0 × 1.5 m = 3.0 m (assuming a
square pattern). The number of drops at each specific
drop point location can be computed by

Nd =
AEHEP × (Ae)

WtHd

=
3260 kJ∕m2 × (3.0 m)2

18.2t × 30.2 m × 10 m∕s2
= 5.3

Select the number of the drops for each pass at 6.
Example Figure 3.2 depicts the layout of tamper drops.

For the number of drops at one location at 6 for each
pass, the crater depth can be estimated as follows:

dcd = 0.075
√
WtHd = 0.075

√
550 = 1.75 m

The allowable crater depth for construction is 1.5 +
0.3 = 1.8 m, which is the same as the estimated crater
depth expected in the field; therefore, it is OK.
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Based on the FHWA guidelines, the upper bound of
SPT N value after dynamic compaction ranges from 20
to 40.

The induced settlement for uncontrolled fill ranges
from 5 to 20%. If the average percentage (i.e., 13%) is
considered, the possible induced settlement is 0.13 ×
8.2 m= 1.10 m. However, based on the estimated crater
depth, the expected settlement may be estimated as fol-
lows (assume the crater diameter is the same as the
tamper diameter and no heave). The area ratio of im-
provement, defined as the area of each crater to the
influence area of each tamping point, is:

Area ratio of improvement =
3.14 × (1.5∕2)2

3.02
= 0.20

the induced settlement by two passes of dynamic com-
paction = 2 × 0.20 × 1.75 = 0.70 m. If heave is con-
sidered, the induced settlement will be smaller.

Example Figure 3.2 Layout of tamper drops.

3.5.6 Construction

Before construction, the equipment used for lifting and drop-
ping a tamper should be selected based on the weight of the
tamper. FHWA (1986) provided a guideline for the selec-
tion of equipment for different tamper weights as shown in
Table 3.14. A conventional crawler crane with a single cable
and a free spool is typically sufficient for a tamper weighing
up to 220 kN. For heavier tampers, the crawler crane should
be reinforced with stronger components.

A typical flow of tamping work is shown in Figure 3.26 and
its detailed steps are as follows:

Table 3.14 Required Equipment for Different Tamper
Weights

Tamper
Weight (kN)

Crawler Crane
Capacity (kN)

Cable
Size (mm)

50–70 360–440 19–22
70–130 440–890 22–25

130–160 890–1100 25–29
160–220 1300–1600 32–38

Source: Modified from FHWA (1986).

1. Prepare a site by removing large objects (e.g., trees),
leveling the ground, dewatering, and filling existing
ponds and local depressed area. If the groundwater
is within 2 m from the ground surface, it should be
lowered by dewatering or additional fill is placed. If
the surface soil is too weak to support equipment, a
construction platform should be constructed first.

2. If there are nearby existing structures or utility lines,
an isolation trench is required to minimize vibration
and lateral movement. Trench should be at least 2–3 m
deep and 1 m wide at the bottom of the trench.

3. Place stakes at the locations for the centers of all the
drop points for each pass and survey the ground eleva-
tions.

4. Position the equipment and move the tamper right
above the drop point.

5. Survey the top elevation of the tamper on the ground.
6. Lift the tamper to the desired height and then let it drop

freely onto the ground. Survey the top elevation while
the tamper is still in the crater. Alternatively, measure
the dimensions of the crater after removing the tamper.
If the tamper is tilted after reaching the ground, level
the base of the crater after removing the tamper.

7. Repeat step 6 until the number of drops on one tamping
point reaches the target value and other criteria are met.
Move to the next tamping point.

8. Repeat steps 4–7 until all the tamping points are com-
plete for the first pass.

9. Use bulldozers to level the ground and measure the
ground elevation. The difference between the current
elevation and the previous elevation is the induced
settlement.

10. After an elapsed time depending on geomaterial and
groundwater conditions, repeat steps 3–8 until all the
tamping points are complete for the next passes if
needed.

11. Apply ironing tamping over the whole compaction
area.

3.5.7 Quality Control and Assurance

Before any tamping work, the height of drop and locations
of drop points should be verified. During field tamping op-
eration, it is important to have monitoring and close visual
observations. Adjustments may be made based on monitor-
ing and observations. For example, if one drop location has
a much deeper crater depth than other locations, this is an
indication that much weaker geomaterial exists at that lo-
cation. Special measures may be necessary to improve this
area, such as overexcavation and replacement. If additional
tamping induces large heave around the crater, this is an
indication that further densification is not effective so that
the tamping should be suspended or terminated at this lo-
cation. Common field monitoring includes piezometers in
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Figure 3.26 Flow of tamping work: (a) initial elevation, (b) tamping, (c) crater depth,
(d) leveling and backfilling, and (e) elevation after leveling.

saturated fine-grained geomaterial, inclinometer casings for
lateral movement, and accelerometers for ground vibrations.

After the completion of the tamping work, field explo-
rations should be conducted to evaluate or verify the degree
and depth of improvement. Depending on geomaterial type
and groundwater level, for coarse-grained geomaterial, the
field evaluation should be performed at least in 1–2 weeks
after the completion of tamping; for fine-grained geomate-
rial, the evaluation should be performed at least in 3–4 weeks
after the completion of tamping. Field explorations include
sampling for laboratory tests, SPT, CPT, or PMT. The depth
of the test should be below the design depth of improvement.
Static plate load tests may be performed in a large project
site. Since PMT and plate load tests are more sensitive to
the change of soil stiffness than SPT and CPT, they are good
methods to be adopted for this purpose.

3.6 RAPID IMPACT COMPACTION

3.6.1 Introduction

Basic Concept Rapid impact compaction is an interme-
diate compaction method between conventional shallow
compaction and deep dynamic compaction. It densifies
geomaterial by repeatedly dropping a hydraulic ham-
mer mounted on an excavator at a fast rate as shown in
Figure 3.27. The weight of hammer is typically 5–12
tons, which is dropped freely from a height of 1.2 m on
a circular steel foot with a diameter of 1.0–1.5 m (the
most common one is 1.5 m in diameter). The rapid impact

Figure 3.27 Rapid impaction compaction.

compaction machine can generate 40–60 blows per minute,
which is much faster than the deep dynamic compaction
machine. There is a monitoring system on the machine to
record impact energy and foot penetration. The depth of
improvement depends on geomaterial type and properties,
groundwater table level, and applied energy. This technology
has been adopted since its initial use in the United Kingdom
in 1990s (Adam and Paulmichl, 2007). The production
rate of each machine is up to 500 m2 improvement area
per day.

Suitability This method is generally suitable for granular
geomaterials, including gravel, sands, silts, uncontrolled
fills (i.e., a mixture of sand, silt, and clay), and industrial and
mine wastes. It has also been successfully used to minimize
collapsible potential of loess. This method generally can im-
prove geomaterials up to a depth of 6 m deep (mostly 3–4 m).

Applications Rapid impact compaction has been used for
increasing bearing capacity and stiffness of geomaterial to
support building foundations, floor slabs, tanks, highways,
railways, parking lots, and airport runways, mitigating
liquefaction, and reducing waste volume and collapsible
potential. It has also been used to compact granular fills in
large lifts (up to 3 m).

Advantages and Limitations The operation of rapid impact
compaction is fast and under a much controlled manner as
compared with deep dynamic compaction. It induces smaller
vibrations than deep dynamic compaction due to low impact
energy; therefore, it can be operated at closer distances to ex-
isting structures. Because the impact foot is always in contact
with the ground, it eliminates the risk of generating flying
debris. Similar to deep dynamic compaction, it can detect
weak areas during the construction. It has better mobility and
works in areas with difficult access.

The key limitation for this technology is that the depth
of improvement is smaller than that of deep dynamic com-
paction.
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3.6.2 Principles

Rapid impact compaction is mainly used for granular geoma-
terials. Its general principle is dynamic densification, which
is similar to that for deep dynamic compaction when used
to densify granular geomaterials. Since rapid impact com-
paction has lower single-drop energy with a larger number
of drops, the densification of geomaterial is progressive and
accumulated. BRE (2003) and Serridge and Synac (2006)
explained the progressive densification by a concept of soil
plug, which is different from that of deep dynamic com-
paction. In deep dynamic compaction, deeper geomaterial is
densified first by tamping at larger spacing and then shallow
geomaterial is densified by tamping at smaller spacing. Ser-
ridge and Synac (2006) referred to this densification process
as a “bottom-up” process. In rapid impact compaction, how-
ever, a dense soil plug is first formed under the steel foot by
the first few blows. Further blows push the dense geomaterial
plug as a rigid block deeper to densify the underlying geo-
material until no or little further penetration can be achieved.
This process is referred to as the “top-down” process by Ser-
ridge and Synac (2006). This densification process can be
used to explain why rapid impact compaction can densify
geomaterials at deeper depths even though its single-drop en-
ergy is much lower than that by deep dynamic compaction. It
is important to point out that in rapid impact compaction, the
accumulated impact energy has more influence on the depth
of improvement than the single-drop energy. Since rapid im-
pact compaction can densify the geomaterial directly below
the steel foot, impact points at close spacing are necessary.

3.6.3 Design Considerations

Depth of Improvement Due to the different densification
processes by deep dynamic compaction and rapid impact
compaction, the formula to estimate the depth of improve-
ment for deep dynamic compaction [i.e., Equation (3.16)]
cannot be used for rapid impact compaction. BRE (2003) and
SAICE (2006) provide the guidelines to estimate the depth
of improvement for rapid impact compaction as shown in
Tables 3.15 and 3.16.

Table 3.15 Typical Improvement Depth with Rapid
Impact Compaction

Geomaterial
Applied Energy
(ton-m/m2)

Depth of
Improvement (m)

Loose building waste 150 4.0
Ash fill 150 3.5
Select granular fill 150 4.0
Sandy silt 80 2.0
Silty sand 190 3.0

Source: BRE (2003).

Table 3.16 Test Results of Rapid Impact Compaction
by 9-Ton Hammer

Geomaterial

SPT N Value
after
Improvement

Typical
Improvement
Depth (m)

Sand 20–30 6
Silty sand 15 4.5
Sandy silt 10–15 3.5–4.5
Uncontrolled fill >10 3 to 5

Source: SAICE (2006).

For typical impact spacing (1.5 m × 1.5 m), 30 blows of
9-ton hammer with 1.2-m drop height generate about 150
ton-m/m2 applied energy.

Patterns of Impact Points Rapid impact compaction typi-
cally adopts three patterns of impact points:

1. Arc pattern, that is, primary impact points are arranged
in the arc around the center as shown in Figure 3.28.
Secondary impact points are arranged between primary
impact points.

2. Square pattern, that is, primary impact points are ar-
ranged within a 6 m × 6 m or 9 m × 9 m area for
each impact grid as shown in Figure 3.29. Within each
impact zone, secondary and tertiary impact points are
uniformly distributed between primary impact points.

3. Triangular pattern.

For rapid impact compaction, no ironing pass is needed
because rapid impact compaction is similar to ironing com-
paction with low energy and close spacing. However, surface
compaction with rollers is often needed to densify shallow
geomaterial and level the ground surface.

Number of Blows Number of blows on each point can be
estimated using Equation (3.20) based on the required ap-
plied energy, weight of hammer, height of drop, and spacing
of impact points. Number of blows typically ranges from 10
to 40.

Groundwater A high degree of saturation of geomaterial
near ground surface affects the effectiveness of rapid im-
pact compaction. Watts and Cooper (2011) reported that this
method was still effective when the groundwater table was at
a depth as close as 1.1 m. The depth of groundwater table at
1 m is the minimum requirement for rapid impact com-
paction. If the groundwater table is too close to the ground
surface, dewatering or additional fill should be implemented
prior to compaction.
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Figure 3.28 Arc pattern of impact points: (a) primary and (b) secondary tamping
(modified from Braithwaite and du Preez, 1997).

Figure 3.29 Square pattern of impact points (modified from
SAICE, 2006).

Environmental Impact Becker (2011) obtained the follow-
ing correlation for the peak particle velocity and the scaled
energy factor by rapid impact compaction:

PPV = 188

(√
WtHd

xdp

)1.53

if

√
WtHd

xdp
≥ 0.1 (3.24)

PPV = 36

(√
WtHd

xdp

)0.79

if

√
WtHd

xdp
< 0.1 (3.25)

where PPV = peak particle velocity (mm/s)
Wt = weight of tamper (ton)
Hd = height of drop (m)
xdp = distance from the center of the impact

point (m)

For most rapid impact compaction, the scaled energy
factor is greater than 0.1 (ton-m)0.5/m. The comparison
between Equations (3.23) and (3.24) shows that rapid
impact compaction produces greater peak particle velocity
than deep dynamic compaction (DDC) at the same scaled
energy factor. Tara and Wilson (2004) pointed out that
the greater peak particle velocity induced by rapid impact
compaction results from the fact that the steel foot is always
in contact with the ground. The greater peak particle velocity
transfers the impact energy to the ground more efficiently.
Despite rapid impact compaction produces the greater
peak particle velocity than deep dynamic compaction at
the same scaled energy factor, the minimum allowable
distance to existing structures for rapid impact compaction
is typically larger than that for deep dynamic compaction
because the energy per blow by rapid impact compaction is
lower.

Allen (1996) reported that rapid impact compaction in-
duced the vibration frequencies ranging from 9 to 15 Hz,
which are higher than those by deep dynamic compaction.
Based on the vibration frequency and threshold particle ve-
locity for different structures, Becker (2011) recommended
the minimum allowable distance of rapid impact compaction
to structures as shown in Table 3.17.

Kristainsen and Davies (2004) reported the use of rapid
impact compaction in a distance of 5 m to a buried utility
line and 6 m to a residential building without any evidence
of problem. However, in their project, shallow trenches were
excavated to minimize the vibration from the source.
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Table 3.17 Minimum Allowable Distance of Rapid
Impact Compaction to Structures

Structure
Type

Threshold
Particle
Velocity (mm/s)

Minimum
Allowable
Distance (m)

Drywall 19 14.5
Plaster 13 19.0
All others 51 7.5

Source: Modified from Becker (2011).

Field Trial Test As compared with deep dynamic com-
paction, rapid impact compaction is still relatively new. Lim-
ited research results and case histories are available. As a
result, trial test sections are often needed to determine the
optimum grid spacing, number of blows per point, and a
minimum final set (vertical displacement in mm/blow), or
a maximum total depth of penetration before full-scale pro-
duction work. Watts and Cooper (2011) reported trial areas
at different projects ranged from 15 m × 15 m to 40 m × 35
m. A compaction trial is typically done with various spacing
and numbers of blows. The resulting degree and depth of im-
provement are evaluated using in situ tests, such as SPT and
CPT, by comparing the properties of geomterials before and
after compaction.

3.6.4 Design Parameters and Procedure

Design parameters for rapid impact compaction include:

• Geomaterial type
• Depth of groundwater table
• Weight of hammer
• Height of drop
• Diameter of steel foot
• Depth of improvement
• Pattern and spacing of impact points
• Number of blows
• Distance to existing structures or utility lines

The following procedure may be followed for design of
rapid impact compaction:

1. Based on geotechnical profile and potential problem,
determine whether rapid impact compaction is suitable.

2. Select the depth of improvement.
3. Determine the required applied energy for primary pass

using Table 3.15.
4. Select a pattern and spacing of impact points.
5. Based on the required applied energy and the pattern

and spacing of impact points, determine the number of
blows using Equation (3.20).

6. Use Table 3.16 or other related results to evaluate pos-
sible improvement.

7. Based on the single-drop energy and the closest distance
to existing structures, calculate the peak particle veloc-
ity using Equation (3.24) or (3.25) and then compare it
against the threshold particle velocity in Table 3.17. Al-
ternatively, compare the distance against the minimum
allowable distance in Table 3.17.

3.6.5 Design Example

A newly reclaimed land with 3-m-thick loose hydraulic
fill (mostly silty sand, SPT N value = 5) needs to
be improved to an SPT N value of 15 for building
foundations. The groundwater table is at 1.5 m deep.
An existing warehouse is located at the close distance
to the project site about 10 m. A contractor has rapid
impact compaction with a hammer of 9 tons and a drop
height of 1.2 m. Provide a preliminary design using
rapid impact compaction.

Solution

1. Based on the geotechnical information, the problem-
atic geomaterial is silty sand and the groundwater
table is at 1.5 m deep; therefore, the soil type and the
groundwater condition are suitable for rapid impact
compaction.

2. The required depth of improvement is 3 m.
3. Based on Table 3.15, the required applied energy for

primary pass is 190 ton-m/m2.
4. Assume a square pattern of impact points at spacing

of 1.5 m.
5. Based on Equation (3.20), the required number of

blows can be calculated as follows:

Nd =
AE ⋅ Ae

WtHd
= 190 × 1.5 × 1.5

9 × 1.2
= 39.6

Therefore, the number of blows at 40 is selected.
6. Based on Table 3.16, the SPT N value after improve-

ment is 15, which meets the requirement.
7. The scaled energy factor can be calculated as fol-

lows: √
WtHd

xdp
=

√
9 × 1.2

10
= 1.0 > 0.1

PPV = 188

(√
WtHd

xdp

)1.53

= 188 ×

(√
9 × 1.2

10

)1.53

= 34 mm∕s < 51 mm∕s for other structures (OK)
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Alternatively, xdp = 10 m > the minimum allowable
distance of 7.5 m (OK).

This is a preliminary design. Trial compaction is
necessary to verify or adjust the design parameters and
the degree and depth of improvement.

3.6.6 Construction

The following procedure may be followed for the rapid im-
pact compaction work:

1. Prior to equipment mobilization, prepare a site by re-
moving large objects (e.g., trees), leveling ground, de-
watering, and filling existing ponds and local depressed
area. If the groundwater is within 1 m from the ground
surface, it should be lowered by dewatering or ad-
ditional fill is placed. The site shall be graded such
that the water will not pond. Any large debris or rub-
ble uncovered during grading that may interfere with
compaction shall be removed and replaced with loose
granular fill.

2. If there are nearby existing structures or utility lines, an
isolation trench is required to minimize vibration and
lateral movement. Trench should be at least 2–3 m deep
and 1 m wide at the bottom of the trench.

3. Place stakes based on the pattern of impact points to
layout the area to be compacted.

4. Position the steel foot and the hammer on the point to
be compacted.

5. Perform compaction until preset criteria, such as the
number of blows and a minimum final set, or a max-
imum total depth of penetration are met. Compaction
starts from the outside with large spacing as the primary
pass.

6. After each pass, relevel the work area and reestablish
survey points for the next pass.

7. If areas are found to be excessively hard or soft during
compaction, they should be overexcavated and replaced
with granular fill.

8. After the final pass, level all craters and apply surface
compaction by vibratory rollers.

9. Take final surveys to estimate the settlement after com-
paction.

3.6.7 Quality Control and Assurance

During rapid impact compaction, quality control can be per-
formed by utilizing a data acquisition system built into the
equipment. The data acquisition system displays operating
parameters for each impact point during compaction includ-
ing total number of blows, total energy input, set (vertical

displacement in mm/blow), and total depth of penetration of
steel foot. These parameters are monitored by the data ac-
quisition system during operation and used as termination
criteria for each impact point. The termination criteria are
determined from field trial tests.

Quality assurance tests should be performed after com-
paction of the entire project site to verify whether rapid im-
pact compaction achieves the required degree and depth of
improvement. The common in situ test methods are SPT and
CPT. Plate load tests are sometimes used.

3.7 VIBRO-COMPACTION

3.7.1 Introduction

Basic Concept Vibro-compaction drives a vibrating probe
into the ground, which generates lateral vibratory forces to
rearrange particles into a dense state as shown in Figure 3.30.
The rearrangement of particles becomes possible only when
the induced forces are higher than the interparticle friction.
In saturated cohesionless geomaterial, vibration can gener-
ate excess pore water pressure, which reduces interparticle
contact forces (i.e., effective stresses) so that the interpar-
ticle friction (i.e., shear strength) is reduced. As a result,
the rearrangement of particles becomes easier. In dry co-
hesionless geomaterial, water can be injected to make the
compaction easier. Water or air is often used to assist the pen-
etration and densification. Backfill is also often used to im-
prove the degree of densification. This technique, called the
vibro-flotation method, was first developed in Germany in
1930s and has been successfully used worldwide. The probe
for vibro-flotation is commonly referred to as a vibro-flot.
During the 1989 Loma Prieta earthquake, the hydraulic fill
densified by vibro-compaction at Emeryville on Treasure Is-
land and Bay Farm Island in California in the United States
did not liquefy (Seed et al., 1990). However, some untreated
areas close to the treated areas had excessive settlement, lat-
eral spreading, and sand boils. This case history demonstrates
the effectiveness of vibro-compaction in mitigating liquefac-
tion of cohesionless soil.

In addition to vibro-flotation, there are other types of equip-
ment used for vibro-compaction as shown in Figure 3.31.
Vibro-flotation has a vibrator at the bottom of the probe (also
called bottom vibrator), which generates vibration by the ro-
tation of an eccentric weight at the bottom of the probe. Other
types of equipment shown in Figure 3.31 have a vibrator or
hammer on the top of the probe (also called top vibrator).
Most of the theory and design methods are developed based
on the vibro-flotation; therefore, it is focused herein.

Suitability Vibro-compaction is suitable for densifying deep
deposits of cohesionless geomaterial with up to 20% fines
(preferably less than 10%) but less than 2–3% clay particles.



VIBRO-COMPACTION 105

Figure 3.30 Vibro-compaction (Hayward Baker, Inc.).

Figure 3.31 Other vibro-compaction equipment: (a) vibro-probe, (b) vibro-wing, and (c) Muller resonance
compaction (modified from Massarsch and Fellenius, 2005).

The 20% limit was developed based on the field evaluation
before and after vibro-compaction by Saito (1977) as shown
in Figure 3.32. It is clearly shown that at a low fine content,
the increase of the SPT N value is more significant.

Figure 3.33 shows the suitable or unsuitable soils for
vibro-compaction. The most suitable zone is zone B, which
ranges from fine sand to fine gravel. Zone A is suitable for
vibro-compaction but may be difficult due to large parti-
cles of gravels. Zone C may be feasible but requires longer
time for densification due to apparent cohesion for unsatu-
rated soil or relatively low permeability for saturated soil.

Fine-grained soil in zone D makes densification impossi-
ble; therefore, a deep replacement method, such as stone
columns, should be used. Deep replacement methods will be
discussed in Chapter 5. The increase of fineness and plas-
ticity of soil reduces the effectiveness of vibro-compaction.
This technique works well for saturated loose cohesionless
geomaterial. If dry geomaterial is encountered, flushing wa-
ter may be used or the whole site is even flooded prior to
vibro-compaction. Vibro-compaction method has been used
to densify loose cohesionless soil up to a depth of 40 m
(mostly within 20 m).
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Figure 3.32 Effect of fine content on SPT N value (Saito, 1977).

Figure 3.33 Suitability for vibro-compaction (modified from
Woodward, 2005).

Applications Vibro-compaction has been mostly used to in-
crease bearing capacity, reduce settlement, and mitigate liq-
uefaction for a variety of projects when loose cohesionless
geomaterial exists. The examples of these projects are stor-
age tanks, buildings, roadways, dams, and dikes or levees.

Advantages and Limitations Vibro-compaction is a quick,
easy, and economical construction process. It is a proven
ground improvement method for many successful projects
around the world. This method can be used to improve geo-
materials above and below the groundwater table. However,
this method is limited to cohesionless geomaterial with a low
clay content (i.e., less than 3%). Installation induces vibra-
tion and possible ground subsidence.

3.7.2 Principles

Densification Mechanism The densification of cohesion-
less geomaterials is a process of particle rearrangement and
volume change, which result in a denser state. To rear-
range positions of particles, the induced forces should be
larger than the interparticle friction. Vibro-compaction in-
duces lateral vibrations and vibratory forces. The forces at-
tenuate with an increase of the distance from the compaction
point. Rodger (1979) found that there is a critical accel-
eration of approximately 0.5 g, above which the dynamic
stresses induced by dynamic compaction destroy the struc-
ture of granular soils. When the acceleration is increased
to more than 1.5g, the shear strength of the soil is sig-
nificantly reduced and the soil is fluidized. A further in-
crease of acceleration exceeding 3.0g causes soil dilation.
Rodger (1979) proposed idealized response of cohesion-
less soil to vibration as shown in Figure 3.34. There are
four zones around the vibrating probe: (1) dilatory zone,
(2) fluidized zone, (3) compaction zone, and (4) elastic zone.
The fluidization is referred to the dry soil losing its stability at
a high acceleration. For saturated soil, liquefaction may hap-
pen at a high acceleration. The materials in the dilatory and
fluidized zones are in a plastic state while those in the com-
paction zone are in an elastic-plastic state. The dilatory and
fluidized zones form a plastic zone. High shear stresses ex-
isting in the plastic zone cause plastic deformations. The best
densification happens at the boundary between the plastic
zone and the compaction zone. The compaction zone extends
to the point where no further densification happens (i.e. in the
elastic zone).

Deep versus Surface Compaction Arnold and Herle (2009)
performed numerical analyses to simulate deep and surface
compaction. They simulated deep compaction by a horizon-
tally rotating vibrator at a depth and the surface compaction
by a vertically oscillating vibrator. Their numerical results
are presented in Figure 3.35. It is shown that the deep com-
paction has a wider radial influence distance than the surface
compaction. The deep compaction also generates more uni-
form volume change than the shallow compaction. Arnold
and Herle (2009) attributed the better performance of the
deep compaction to the multidirectional shearing mode in-
duced by the combined vertical and rotational movement of
the vibrator.

Installation Process To minimize probe shaft resistance,
penetration and extraction should be done at a high fre-
quency. Massarsch and Fellenius (2005) suggested a fre-
quency higher than 30 Hz for penetration and extraction.
At a high frequency, there is low ground vibration, and less
energy is transferred to the surrounding soil so that the pene-
tration and extraction become easier. During the compaction,
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Figure 3.34 Idealized response of cohesionless soil around a vibrating probe (mod-
ified from Rodger, 1979).

Figure 3.35 Evolution of void ratio along radial distance by: (a)
deep vibration and (2) surface vibration (after Arnold and Herle,
2009, with permission from John Wiley and Sons).

Figure 3.36 Penetration, compaction, and extraction process
(Massarsch and Fellenius, 2005).

however, the preferable frequency is close to the resonance
of the geomaterial mass so that more energy is transferred
to the surrounding geomaterial to make the compaction ef-
ficient. Typical frequency of resonance of the soil is around
15–20 Hz (Massarsch and Fellenius, 2005). During this pro-
cess, it is slow for the probe to penetrate. Duration of com-
paction is an important parameter, which depends on initial
and target geomaterial properties, horsepower (HP) of the
equipment, and efficiency of energy transfer from the probe
to the surrounding geomaterial. It is often controlled by the
maximum amperage preset from trial compaction test or past
experience. Figure 3.36 shows the penetration and extraction
process for the vibro-compaction.

Degree and Distance of Influence Figure 3.34 shows the
soil density change during vibro-compaction under a fixed
point vibration. Figure 3.36 shows the construction process
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Figure 3.37 Influence of vibro-compaction.

involving repeated penetration, compaction, and extraction.
In addition, the construction of the next compaction point has
an influence on the previous locations. The densification is
accumulated as shown in Figure 3.35. As a result, the degree
of influence decreases with the radial distance to the com-
paction point. At a certain distance, the vibro-compaction
has no influence on the soil density. Figure 3.37 shows that
the degree of influence depends on the distance, the com-
paction energy, and fines in the cohesionless geomaterial.
High horsepower equipment can generate more influence on
the geomaterial density at a farther distance. The existence of
fines reduces the effectiveness of vibro-compaction in terms
of degree of influence and distance of influence. Mitchell
(1981) showed that the influence radius decreased from ap-
proximately 1.8 m for clean sands to 0.6–0.9 m for sands with
more than 25% fines. D’Appolonia (1953) and others devel-
oped a design chart to estimate the spacing of compaction
points based on these concepts.

Volume Change without Backfill Vibro-compaction with-
out backfill often induces ground subsidence. The volume
change can be explained using a phase diagram as shown in
Figure 3.38. Under an initial condition, a geomaterial mass
consists of solid and void and the total volume, V0, is equal
to the sum of the solid volume, Vs, and the void volume, Vv.

Figure 3.38 Volume changes during densification without back-
fill: (a) initial and (b) after improvement.

The initial state of the geomaterial can be described by an
initial void ratio, e0, which is the ratio of Vv to Vs. The total
initial volume, V0, can be expressed as Vs (1 + e0). Assume
vibro-compaction induces ground subsidence, S. The volume
loss corresponding to the ground subsidence within the influ-
ence (equivalent) area of each compaction probe, Ae, is equal
to Vf = AeS. As a result, the void volume after improvement
is V′v and the total volume after improvement, V1, is Vs (1 +
e1), where e1 is the void ratio after improvement. The vol-
ume change from the initial state to the improved state is the
volume loss due to the ground subsidence. Therefore, the fol-
lowing relationship can be established:

AeS = Vs(1 + e0) − Vs(1 + e1) = Vs(e0 − e1) (3.26)

If the improvement depth is h, the total initial volume within
the volume area is

V0 = Aeh = Vs(1 + e0) (3.27)

Dividing Equations (3.26) by (3.27) yields the following
equation:

S
h
=

e0 − e1

1 + e0
(3.28)

Volume Change with Backfill During vibro-compaction,
backfill materials are sometimes added to help densify sur-
rounding cohesionless geomaterial. If the backfill volume
is equal to the volume change from the initial state to the
improved state (i.e., no ground subsidence) as shown in
Figure 3.39, the following relationship can be established:

Vf = Vs(1 + e0) − Vs(1 + e1) = Vs(e0 − e1) (3.29)

Dividing Equations (3.27) by (3.29) yields the following
equation:

Aeh

Vf
=

1 + e0

e0 − e1
(3.30)

Considering the volume of backfill

Vf =
𝜋dcl

2

4
h (3.31)

Figure 3.39 Volume changes during densification with backfill:
(a) initial and (b) after improvement.



VIBRO-COMPACTION 109

where dcl is the diameter of the column with backfill. The
improvement area by an individual column can be calculated
as follows:

Ae = s2 =
𝜋dcl

2

4
⋅

1 + e0

e0 − e1
(3.32)

The spacing of columns, s, can be determined as follows:

s = 0.89dcl

√
1 + e0

e0 − e1
(square pattern) (3.33a)

s = 0.95dcl

√
1 + e0

e0 − e1
(triangular pattern) (3.33b)

If there is ground subsidence or heave after
vibro-compaction, the required volume of backfill is

Vf = AeH
e0 − e1

1 + e0
± AeS = s2

(
h
e0 − e1

1 + e0
± S

)
(3.34)

in which the + sign represents a ground heave condition
while the − sign represents a ground subsidence condition.

Combining equations (3.31) and (3.34) yields the follow-
ing equations:

s = 0.89dcl

√
(1 + e0)h

(e0 − e1)h ± (1 + e0)S
(square pattern)

(3.35a)

s = 0.95dcl

√
(1 + e0)h

(e0 − e1)h ± (1 + e0)S
(triangular pattern)

(3.35b)
It should be pointed out that the volume changes without

and with backfill material presented above are based on the
assumption that the soil is uniformly compacted. This is not
necessarily always the case in the field. Therefore, the above
equations can only be used for preliminary design and should
be verified through field trial tests.

The use of backfill material in vibro-compaction is mainly
to assist the compaction. Backfill material is also used to
replace weak soil for stiffness, strength, and permeability
purposes, which will be discussed in Chapter 5 for deep
replacement.

3.7.3 Design Considerations

Performance Criteria For most vibro-compaction projects,
the following performance criteria should be considered
(Elias et al., 2004):

• Relative density of geomaterial, Dr ≥ 60% for floor
slabs, flat bottom tanks, and embankments

• Dr ≥ 70–75% for column footings and bridge founda-
tions

• Dr ≥ 80% for machinery and mat foundations.

Figure 3.40 Typical arrangements of compaction probe points be-
low isolated and strip footings (modified from Kirsch and Kirsch,
2010).

Area and Depth of Improvement In general, the area of
improvement should be larger than footprints of foundations.
Kirsch and Kirsch (2010) suggested typical arrangements of
compaction probe points below isolated and strip footings
as shown in Figure 3.40. Under a general condition, one
to two rows of compaction points may be installed outside
of a footing. On a liquefiable soil site, two to four rows of
compaction points may be installed outside of a footing. The
depth of improvement should be deep enough to eliminate
all potential problems for problematic geomaterials.

Grid Pattern and Spacing Grid points for vibro-
compaction can be in a square, rectangular or triangu-
lar pattern. Typical spacing for vibro-compaction ranges
from 1.5 to 3.5 m, depending on type, initial density, and
target density of the geomaterial and horsepower of the
vibrator. Engineers have developed design charts to estimate
the spacing of compaction points. Figure 3.41 is one such
design chart. This design chart was first developed by
D’Appolonia in 1953 based on a single 30-HP vibro-flot in
clean sand with a triangular compaction point pattern. In the
1970s, Brown added his curve based on a larger horsepower
vibro-flot (i.e., 100 HP) in fine to coarse sands. This is
why Brown’s curve is above D’Appolonia’s curve. About
the same time, Webb and Hall (1969) produced a similar
curve using a large vibro-flot but in sand with fines up to
15%; therefore, their curve is below Brown’s curve. Glover
(1982) presented these results in his study. The dash line in
the middle between the lines by D’Appolonia and Brown
corresponds to a typical application with a 100-HP vibro-flat
in sand with 5–10 fines (Yee et al., 2013). The influence
coefficient corresponds to the centroid point of the triangular
pattern and is the accumulated effect by three compaction
points. Yee (2013) provided an example to illustrate how
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Figure 3.41 Design chart for compaction point spacing and rela-
tive density (Modified from Yee, 2013; Glover, 1982).

this design chart should be used. The general procedure is
as follows:

• From a target relative density, Dr, draw a vertical line
up to intersect the relative density line.

• Draw a horizontal line from the intersect point to the
right (for all the methods except the Webb & Hall
method) or left (for the Webb & Hall method) depend-
ing on which method is selected to find the influence
coefficient.

• Divide the influence coefficient by a factor of 3 to
account for the accumulated contributions from three
compaction points (i.e., the divided coefficient is for a
single compaction point).

• Based on the influence coefficient for a single com-
paction point, draw a horizontal line to intersect the
selected curve (D’Appolonia, Brown, Webb and Hall,
or the typical curve).

• From the intersected point, draw a vertical line to find
the distance to the vibro-flot (i.e., the spacing of com-
paction points).

Another design chart as shown in Figure 3.42 has also been
used in practice. Based on the soil type and the target relative
density, the tributary area for each compaction point can be
estimated from this figure.

After the spacing of compaction points is determined, the
average site subsidence can be estimated using Equation
(3.28) without any backfill. If the ground subsidence is too
large, backfill can be added to minimize ground subsidence.

Figure 3.42 Tributary area of compaction point versus relative
density of soil (Hayward Baker).

Figure 3.43 Allowable bearing capacity versus spacing of com-
paction points for footing width of 1–3 m (Thorburn, 1975).

If backfill is used, Equation (3.35a) or (3.35b) can be used
to estimate the required spacing of compaction points. If the
spacing is fixed, the ground subsidence after adding backfill
can be estimated.

Based on a required allowable bearing capacity, the spacing
of compaction points can also be estimated as shown in
Figure 3.43. Figure 3.43 shows that the allowable bearing
capacity of the soil after improvement ranges from 200 to
550 kPa.

3.7.4 Design Parameters and Procedure

Design parameters for vibro-compaction include:

• Geomaterial type, fine content, and percent of clay par-
ticles

• Thickness and depth of problematic geomaterial
• Depth of groundwater table
• Initial void ratio or relative density of geomaterial
• Target void ratio or relative density of geomaterial
• Pattern and spacing of compaction points
• Area of improvement
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• Equipment type and horsepower
• Frequency of penetration, compaction, and extraction
• Duration of compaction
• Ground subsidence
• Diameter of column if backfill is used

The following procedure can be followed for the design of
vibro-compaction:

1. Based on geotechnical profile and potential problems,
determine whether vibro-compaction is suitable. The
most important parameters are fine content and percent
of clay particles.

2. If the geomaterial is deemed suitable for vibro-
compaction, estimate the initial void or relative density.

3. Based on the performance requirement (e.g., bearing
capacity, settlement, and liquefaction), select a target
void ratio or relative density.

4. Based on the required relative density or allowable bear-
ing capacity, estimate the required spacing of com-
paction points.

5. Calculate a potential ground subsidence.
6. If the ground subsidence is greater than the requirement,

backfill should be used to minimize the ground subsi-
dence.

3.7.5 Design Example

Example 1: Vibro-Compaction without Backfill

A 5-m-thick loose sand exists on a site that has a
fine content of 8% without any clay particles. The
minimum and maximum void ratios of this sand are
0.456 and 0.950, respectively. This sand has an ini-
tial void ratio of 0.673. The design requires the sand
to be densified to a target relative density of 75%. A
large horsepower vibrator (such as HP100) is available
for vibro-compaction. Estimate the required spacing of
compaction points in a triangular pattern and the aver-
age ground subsidence after vibro-compaction without
backfill.

Solution

Figure 3.41 can be used for the design of
vibro-compaction. Based on the target relative
density, Dr = 75%, the required influence coefficient
as shown in Figure 3.41 is 12.5. Since this influence
coefficient at the centroid of a triangular pattern is
contributed by three compaction points. The influence
coefficient by a single compaction point is 12.5/3 =
4.2. The influence coefficient of 4.2 is used with the
dash line (a typical application) to find the required
spacing is 1.7 m. This procedure is illustrated in
Figure 3.41.

The relative density,Dr = 75%, corresponds to a void
ratio:

e1 = emax − Dr(emax − emin)

= 0.950 − 0.75 × (0.950 − 0.456) = 0.580

The average ground subsidence after vibro-
compaction without backfill is

S = h
e0 − e1

1 + e0
= 5 × 0.673 − 0.580

1 + 0.673
= 0.279 m

Example 2: Vibro-Compaction with Backfill

A site consists of uniform medium sand with 5% fine
content. The thickness of this sand layer is 12 m starting
from the ground surface. The minimum and maximum
void ratio values of the sand are 0.45 and 0.98, respec-
tively.Thegroundwater table is at1.5mfromtheground
surface. The SPTN60 value at a depth of 6.0 m is 5. This
site is located in a seismic-active area. The potential
earthquake magnitude can be 7.0. The peak ground ac-
celeration can reach as high as 0.3g. Vibro-compaction
backfilled with granular material is proposed to den-
sify this possible liquefiable soil to prevent potential
liquefaction. Assume the average diameter of granu-
lar columns can reach 0.8 m, the length of granular
columns is 12 m, and the ground subsides 50 mm after
the installation. You are requested to determine the re-
quired spacing of granular columns in a square pattern
to eliminate the liquefaction potential of this sand.

Solution

Assume the unit weights of the sand above and below
the groundwater table are 19 and 20 kN/m3. Based
on ASTM, particle size of medium sand ranges from
0.425 mm (No. 40) to 2.00 mm (No. 10). Assume D50
= 1.2 mm.

At a depth of 6 m, the total and effective overburden
stresses are

𝜎z0 = 19 × 1.5 + 20 × 4.5

= 119 kPa

𝜎
′
z0 = 19 × 1.5 + (20 − 9.81) × 4.5

= 74 kPa

The corrected SPT N value is

(N1)60 = N60

√
100 kPa

𝜎
′
z0

= 5 ×
√

100
74

= 5.8

The initial relative density is

Dr =
⎡⎢⎢⎣
N60

(
0.23 + 0.06∕D50

)1.7

9
×

(
100
𝜎
′
z0

)0.5⎤⎥⎥⎦
0.5

× 100% = 29%
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The initial void ratio is

e0 = emax − Dr(emax − emin)

= 0.98 − 0.29 × (0.98 − 0.45) = 0.826

Based on the chart from Seed et al. (1985) in Figure
2.83 using (N1)60, the cyclic stress ratio (CSR) un-
der magnitude 7.5 earthquake, CSRM=7.5, can be deter-
mined as 0.06. The cyclic resistance ratio (CRR) under
magnitude 7.0 earthquake CSRM=7.0 can be estimated
as follows:

CRRM=7.0 = MSF CRRM=7.5 =
[
6.9 exp (−7.0∕4)

− 0.06] × 0.06 = 0.068

The stress reduction factor rd = 0.96 is based on the
Seed and Idriss (1971) chart in Figure 2.82.

The cyclic shear stress induced by earthquake and the
corresponding CSR value are

𝜏cyc = 0.65
amax

g
𝜎z0rd = 0.65 ×

0.3g
g

× 119 × 0.96

= 22 kPa

CSR =
𝜏cyc

𝜎
′
z0

= 22
74

= 0.297

The factor of safety of the sand against liquefaction
before improvement is a

FS =
CRRM=7.0

CSR
= 0.068

0.297
= 0.23 < 1

Therefore, the sand is liquefiable and improvement
is needed.

Let’s design the improved ground with a factor of
safety equal to 1.2. Therefore, the required CRRM=7.0
= 1.2 × 0.297 = 0.356 and the required CRRM=7.5 =
CRRM=7.0 /MSF = 0.356/1.14 = 0.312. From the chart
in Seed et al. (1985), the corresponding (N1)60 = 26
and N60 can be calculated as follows:

N60 = (N1)60∕
√

100 kPa
𝜎
′
z0

= 26∕
√

100
74

= 22.4

Therefore, the required relative density of the sand
after ground improvement is

Dr =
⎡⎢⎢⎣
N60

(
0.23 + 0.06∕D50

)1.7

9
×

(
100
𝜎
′
z0

)0.5⎤⎥⎥⎦
0.5

× 100% = 58%

The final void ratio of the sand is

e1 = emax − Dr(emax − emin)

= 0.98 − 0.58 × (0.98 − 0.45) = 0.672

Considering the use of granular columns in a square
pattern and the ground subsidence, the required spac-
ing of columns is as follows:

s = 0.89dcl

√
(1 + e0)h

(e0 − e1)h − (1 + e0)S

= 0.89 × 0.8

√√√√√ (1 + 0.827) × 12

(0.827 − 0.672) × 12 − (1 + 0.827)
×0.05

= 2.5 m

3.7.6 Construction

The equipment used for vibro-compaction typically includes
a crane, a hydraulic or electric vibrator, a probe, and a water
pump or an air compressor. Table 3.18 provides specifica-
tions of several vibrators.

Vibrators have been commonly used to penetrate into co-
hesionless geomaterial and densify the geomaterial by vi-
bration. During the penetration and densification, water is
sometimes introduced to help liquefy the geomaterial. A cer-
tain vibration time is needed at each depth to densify the
geomaterial within a desired range. Following is a typical
installation procedure using a vibro-flotation with water (a
similar procedure can be followed for other equipment):

1. Position the probe to the desired location, turn on water
and power, and check water pressure and voltage to
ensure the equipment functions well.

2. Sink the probe into the ground at a rate of 0.3–0.5 m/min
and observe the variation of electrical current (reduce
the rate of penetration if the current is too high).

3. Reduce water pressure when the probe is close to the
desired depth to minimize disturbance.

4. Continue the probe to the desired depth and maintain
the vibration for at least 30 s.

5. Withdraw the probe at a rate of 0.3–0.5 m/min and pause
for at least 30 s after each withdrawal of 0.3–0.5 m
until the ground surface (sometimes repenetration and
reextraction are needed to densify the geomaterial).

6. Turn off the power and water and move the probe to the
next location.
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Table 3.18 Specifications of Common Vibrators

Manufacturer Bauer Bauer Keller Keller Keller ICE Vibro Vibro

Name TR13 TR85 M S A V180 V23 V32
Length (m) 3.13 4.2 3.3 3.0 4.35 4.96 3.57 3.57
Diameter (mm) 300 420 290 400 290 360 350 250
Mass (kg) 1000 2090 1600 2450 1900 2580 2200 2200
Motor (kW) 105 210 50 120 50 395 130 130
Speed (rpm) 3250 1800 3000 1800 2000 1800 1800 1800
Amplitude (mm) 6 22 7.2 18 13.8 20 23 32
Dynamic force (kN) 150 330 150 280 160 195 300 450

Source: Modified from Layne Christiansen Company.

3.7.7 Quality Control and Assurance

During vibro-compaction, quality control can be imple-
mented to ensure vibro-compaction to achieve desired
performance. The quality control items may include the lo-
cation of compaction points, depth of penetration, vibratory
power consumption or electric current amperage, frequency
and duration of penetration, compaction, and extraction,
depth of obstruction encountered if any, and ground subsi-
dence. If water is used, it is important to have well-planned
water flow channels to direct water from compaction points
into settling ponds. If backfill is used, the quantity and rate
of adding backfill should be well controlled according to the
design. Trial compaction tests may be performed to verify
design parameters.

Quality assurance tests should be performed after
compaction of the entire project site to verify whether
vibro-compaction achieves the required degree and depth
of improvement. The common in situ test methods are SPT
and CPT. Plate load tests are sometimes used. These tests
should be performed at the centroid of the pattern of the
compaction points.

PROBLEMS

3.1. What is the maximum depth conventional compaction
can densify?

3.2. Is it possible for a data point above the zero air line on
a compaction curve? Why?

3.3. For a cohesionless geomaterial, which parameter, rela-
tive density or relative compaction, is more appropriate
for conventional compaction specification in the field?
Why?

3.4. Is it possible for relative compaction greater than
100%? Why?

3.5. Describe how to use the one-point method to estimate
the maximum dry unit weight, optimum moisture con-
tent, and applied compactive energy in the field.

3.6. How to determine the accepted zone of improvement
using conventional compaction if there are different
performance requirements?

3.7. If the required relative compaction in terms of the max-
imum dry unit weight based on the standard Proctor
tests is 97%, what is the approximate equivalent rela-
tive compaction based on the modified Proctor tests?

3.8. If the geomaterial is a low plasticity clay (CL), which
roller is best suited for compaction of this geomaterial?

3.9. A fine-grained soil has LL = 30 and PI = 10, esti-
mate the maximum dry unit weight and the optimum
moisture content using the U.S. Navy Design Manual
method.

3.10. A compacted fine-grained soil has moisture content of
16% and moist unit weight of 17.5 kN/m3, estimate the
maximum dry unit weight and the optimum moisture
content using the Ohio compaction curves.

3.11. A fill material has 10% oversized particles. The com-
paction tests on the fill without oversized particles re-
sult in a maximum dry unit weight of 18.7 kN/m3 and
its corresponding optimum moisture content of 12%.
The oversized particles have specific gravity of 2.67
and saturated surface dry (SSD) moisture content of
3%. Calculate the corrected maximum dry unit weight
and optimum moisture content including the oversized
particles.

3.12. A contractor excavates 10,000 m3 soil at moist unit
weight of 17.5 kN/m3 and moisture content of 10%
from a borrow pit and transports it to a project site.
The project has an area of 20,000 m2 to be filled with
this compacted soil. If the required dry unit weight
and moisture content of the compacted soil are 18.3
kN/m3 and 12.5% (assume there is no soil loss during
transportation and compaction), what is the thickness
of the compacted soil and how much water needs to be
added?

3.13. In Problem 3.12, if there are 2% dry soil loss and 3%
moisture loss, what is the thickness of the compacted
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soil and how much water needs to be added to maintain
the compaction at the required moisture content?

3.14. What are the major differences between conventional
and intelligent compaction?

3.15. An intelligent compaction machine on a compacted fill
generates the following amplitudes of vibration: A0.5Ω
= 0.6 mm, AΩ = 2.0 mm, A1.5Ω = 1.0 mm, A2Ω = 0.5
mm, A2.5Ω = 0.4 mm, and A3Ω = 0.3 mm. Calculate
CMV, BV, and CCV.

3.16. An intelligent compaction machine with machine ac-
celeration, am = 3 m/s2 requires a gross power, Pg =
100 kJ/s to drive a roller with a weight, Wr = 20 kN, at
a roller velocity, vr = 5 km/h on a slope with an angle,
𝛽 = 1%. The machine-dependent internal loss coeffi-
cients are mm = 5 kJ/m and bm = 2 kJ/s. Calculate the
machine drive power (MDP).

3.17. An intelligent compaction machine with a length of
2.1 m and radius of 0.75 m is compacted on a geoma-
terial with a Poisson’s ratio of 0.3. When the machine
applies an excitation force of 175 kN, the vertical dis-
placement of the drum is 1.0 mm. Calculate vibratory
modulus, EVIB.

3.18. If the machine drive power for an intelligent machine
on a granular soil is 110 kJ/s, use a correlation to
estimate the dry unit weight of the soil.

3.19. If the compaction meter value for an intelligent ma-
chine on a cohesive soil is 50, use a correlation to
estimate the dry unit weight of the soil.

3.20. A test section on a cohesionless subgrade results in
the following intelligent compaction meter values
(CMVs) and the initial load secant moduli, Ev1:

Ev1 (MPa) 10 15 22 28 35 38 43 45 55
CMV 15 20 34 38 45 50 54 58 63

The target initial load secant moduli, Ev1 = 35 MPa.
Determine the target CMV and develop acceptance
criteria for production.

3.21. Explain why deep dynamic compaction is less effec-
tive for saturated fine-grained soil.

3.22. Discuss the main differences among dynamic densifi-
cation, dynamic consolidation, and dynamic replace-
ment.

3.23. What measures should be taken prior to deep dynamic
compaction if the groundwater table is at 0.5 m below
the ground surface?

3.24. A 6-m-thick granular fill with a groundwater table at 9
m deep needs to be improved by deep dynamic com-
paction. Determine the required single tamper drop
energy, the tamper mass, and the drop height.

3.25. Dynamic compaction with a tamper weight of 15 ton
and a drop height of 12 m applies 7 drops on fill with
low degree of saturation. Estimate the crater depth.

3.26. An unsaturated fill with a CPT cone resistance of 2.0
MPa is subjected to dynamic compaction with applied
energy of 2.5 MJ/m2. Estimate the CPT cone resis-
tance within the improvement depth after deep dy-
namic compaction.

3.27. Estimate the approximate induced settlement after
deep dynamic compaction on a 5-m-thick unsaturated
clay fill.

3.28. Estimate the peak particle velocity at a distance of 10
m from the tamping point of dynamic compaction with
tamper weight of 15 ton and drop height of 15 m.

3.29. A three-story structure is to be constructed over an
8000-m2 site. The initial subsurface exploration indi-
cates the presence of sinkholes and voids due to dis-
solution of the limestone formation. The predominant
soil type is a silty fine sand grading to a fine sand
with seams of sandy clay. The design indicates that
shallow foundations can be used for this project pro-
vided the soils were made more homogeneous as far
as load support and no voids were present within the
depth up to 7.6 m below the ground surface. Assume
groundwater is not a concern. Dynamic compaction is
proposed to improve the ground. The local contrac-
tor doing dynamic compaction has a 15-ton tamper
with the diameter of 2.0 m and the height of 1.4 m.
You are requested to conduct the preliminary design
for this dynamic compaction project including drop
height, spacing, number of drops, number of passes,
estimated crater depth, and settlement.

3.30. What is the main difference in dynamic densification
between deep dynamic compaction and rapid impact
compaction?

3.31. What are the favorable applications for rapid impact
compaction?

3.32. Explain why rapid impact compaction with low
single-drop energy can improve soil up to 6 m deep.

3.33. A rapid impact compaction machine equipped with
a 9-ton hammer with 1.2-m drop height and a
1.5-m-diameter steel foot is used to compact a loose
building waste area with a groundwater table at 3
m below the ground surface. The impact points are
arranged in a triangular pattern with spacing of 2.0 m.
Estimate the applied energy, the number of drops on
each impact point, and the depth of improvement.

3.34. A rapid impact compaction machine equipped with
a 9-ton hammer with 1.2-m drop height and a 1.5-m
diameter steel foot is used to compact loose silty sand.
Estimate the peak particle velocity at a distance of 12
m from the impact point.
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3.35. A site consists of a problematic soil, which has the
following gradation:

U.S. Sieve Size Percent of Passing

No. 40 100
No. 60 95
No. 100 64
No. 200 6

Plastic index = 5.4.
Evaluate whether vibro-compaction is suitable.

3.36. A site consists of 3 m thick loose sand with an in-
situ void ratio of 0.75. The laboratory tests show
that the maximum and minimum void ratios of the
sand are 0.85 and 0.50, respectively. Based on the
field SPT value of 5, this soil will be liquefiable
at an earthquake magnitude of 6.5. Vibrocompaction
method with granular backfill is proposed to densify
this soil. Assume the diameter of granular columns
is 0.75 m. To minimize the liquefaction potential, the
densified soil should have an SPT N value of 20, which
corresponds to the relative density of 70%. Assume the
ground settles 40 mm after the densification. Find the
required spacing of granular columns.
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CHAPTER 4

Overexcavation and Replacement

4.1 INTRODUCTION

4.1.1 Basic Concept

Overexcavation and replacement is one of the traditionally
but still commonly used ground improvement methods in
practice. The basic concept of this method is to remove a
problematic geomaterial and replace it with nonproblematic
fill. Replacing fills are often rock, gravel, and sand. Chem-
ically stabilized soil, such as lime or cement-stabilized soil,
can be used as well. Onsite geomaterial may be excavated
and then recompacted back to the original location without
or with addition of lime or cement. Figure 4.1 shows a typical
design section of overexcavation and replacement for a shal-
low foundation. Depending on geotechnical condition and
depth of excavation, the excavation can be vertical or sloped.
The replaced area is typically larger than the area of the foot-
ing. The thickness of the replaced zone is limited to a certain
value to be economical. When the bottom of the excavation
is below groundwater table, dewatering is necessary but in-
creases the cost of the project. Design of dewatering will be
discussed in Chapter 6.

Figure 4.1 Typical design section of overexcavation andaaaaa-
replacement (modified from Lawton, 2001).

4.1.2 Suitability

The overexcavation and replacement method is suitable for
improving shallow problematic geomaterials. Problematic
geomaterials include uncontrolled fill, loose sand and silt,
soft soil, expansive soil, collapsible soil, liquefiable soil,
and frozen soil that may have excessive deformation and/or
potential bearing failure due to low strength during service.
This method is often used for the following conditions:

• The area of overexcavation is limited.
• The depth of excavation is less than 3 m.
• No or limited temporary shoring and dewatering are

required.
• No existing structure is close to the overexcavation area.
• Removed soil can be easily disposed or reused.
• Fill material is readily available.

4.1.3 Applications

The purpose of overexcavation and replacement depends
on the issue(s) associated with the problematic geomaterial.
This method can be used to:

• Increase bearing capacity
• Reduce settlement
• Eliminate expansion/shrinkage of expansive soil
• Eliminate the freeze–thaw of frozen soil

This method has been commonly used to improve geoma-
terials under continuous (strip) and isolated (square or rectan-
gular) footings. It has also been used for highway and railway
construction when problematic geomaterials are encountered
within limited areas and depths.

4.1.4 Advantages and Limitations

This method is often cost-effective to improve problematic
geomaterials when their area and depth are limited and fill
materials are readily available. This method is simple, reli-
able, and well established. It does not require specialty con-
tractors and special equipment except excavators and rollers
if no temporary shoring and dewatering are not required.

Depending on site conditions, this method may be limited
by

• Deep excavation required
• High groundwater table
• Onsite or nearby existing structures and utility lines
• Limited truck access to the site
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• Long distance for hauling fill material and disposing of
problematic geomaterial

• Time

4.2 PRINCIPLES

4.2.1 Stress Distribution

The basic principle of overexcavation and replacement is
to eliminate potential problems by removing a problem-
atic geomaterial and replacing it with nonproblematic fill. A
complete replacement of the problematic geomaterial is pre-
ferred; however, a partial replacement is also acceptable and
more economical as long as the performance of a structure
on the replaced fill meets requirements. For expansive soil,
collapsible soil, and frozen soil, the depth of the excavation
should be equal or greater than the active depth of the prob-
lematic geomaterial, while the width of the excavation should
ensure no influence of the problematic geomaterial outside
the replaced zone on the performance of the structure. For un-
controlled fill, loose sand and silt, and soft soil, the depth and
width of the excavation should be equal or greater than those
needed for the replaced foundation to meet bearing capacity
and settlement requirements. Figure 4.2 shows the stress dis-
tribution of an applied load from the base of the footing to
the bottom of the replaced zone. The net pressure applied at
the base of the footing is

pn =
P +Wf

Af
− 𝜎

′
D (4.1)

where P = column load applied on the footing
Wf = weight of the footing
Af = cross-sectional area of the footing

𝜎
′
D = effective overburden stress at the base

of the footing

The additional vertical stress at the center and the bottom
of the replaced zone induced by the net pressure at the base of

Δσz

Brz

Bf

pn

θ

Df

hr

P

σz0

σ′D

Figure 4.2 Stress distribution through the replaced zone (modified
from Ye et al., 1994).

the footing can be estimated by a stress distribution method
as follows:

For a rectangular footing:

Δ𝜎z =
pnAf

A′f
=

pnLf Bf

L′f B
′
f

(4.2a)

L′f = Lf + 2hr tan 𝜃 (4.2b)

B′f = Bf + 2hr tan 𝜃 (4.2c)

For a circular footing:

Δ𝜎z =
pnAf

A′f
=

pnd
2
f

(d′f )2
(4.3a)

d′f = df + 2hr tan 𝜃 (4.3b)

For a continuous footing:

Δ𝜎z =
pnBf

B′f
(4.4)

where Af, Lf, Bf, df = area, length, width, diameter of the
footing, respectively

A′f L
′
f, B

′
f, d

′
f = area, length, width, diameter of

the distributed foundation (the area,
length, width, and diameter of the
replaced zone, Arz, Lrz, Brz, and drz
should be greater than those of the
distributed foundation)

hr = thickness of the replaced zone
𝜃 = distribution angle

The total and effective vertical stresses at the bottom of the
replaced zone are

𝜎z = 𝜎z 0 + Δ𝜎z (4.5a)

𝜎
′
z = 𝜎

′
z 0 + Δ𝜎z (4.5b)

where 𝜎z0 and 𝜎
′
z0 are total and effective overburden stresses

of the geomaterial at the bottom of the replaced zone, re-
spectively (total overburden stress should be used under
an undrained condition, while effective overburden stress
should be used under a drained condition).

In an expansive soil, the vertical stress, 𝜎z, at the bottom of
the replaced zone should be higher than the swelling pressure
to prevent the expansion of the soil. However, in a collapsible
soil, the vertical stress, 𝜎z, at the bottom of the replaced zone
should be less than the threshold collapse stress to avoid
possible collapse of the soil. In uncontrolled fill, loose sand
and silt, and soft soil, the vertical stress, 𝜎z, at the bottom of
the replaced zone should be less than the allowable bearing
capacity of the underlying soil. In addition, the design should
ensure that the fill material in the replaced zone has sufficient
bearing capacity and the total settlement of the footing is
smaller than a tolerable value.
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4.2.2 Failure Modes

Figure 4.3 shows possible failure modes of an improved
foundation with a replaced zone. The mode for the general
failure within the replaced zone [Figure 4.3(a)] likely devel-
ops under at least one of the following conditions: (1) the fill
is too weak, (2) the area of the footing is too small, (3) the
embedment depth of the footing is too shallow, and (4) the
applied load is too high. This failure mode can be used to
determine or verify the required strength of the fill if other
parameters are fixed, or to determine the area and/or depth
of the footing if the fill is selected.

The mode of a possible punching failure through a replaced
zone [Figure 4.3(b)] likely occurs when the thickness of the
replaced zone is too thin and the underlying soil is too weak.
This failure mode can be used to determine the required
thickness of the replaced zone. Use of higher strength fill or
geosynthetic(s) can also minimize the chance of this failure.
The use of geosynthetic(s) to prevent punching failure will
be discussed in Chapter 10.

The distributed failure through a replaced zone
[Figure 4.3(c)] is controlled by the strength of the un-
derlying soil. Use of thicker and higher modulus fill or
geosynthetic(s) helps distribute loads to a larger area and
minimizes the chance of the failure of the underlying soil.

The punching failure of the replaced zone into the under-
lying soil happens when the area of the replaced zone is too

small and the underlying soil is too weak. This failure mode
is mostly dominated by the area of the replaced zone.

The ultimate bearing capacities of the footing on the re-
placed zone for all the possible failure modes should be
calculated based on the short-term and long-term strengths
of the soil and fill. The minimum ultimate bearing capacity
among all the calculated values should be selected for the de-
sign. If the minimum allowable bearing capacity is less than
the applied pressure, the design parameters for the dimen-
sions of the footing and dimensions and properties of the
replaced zone should be adjusted until meeting the bearing
capacity requirement.

4.3 DESIGN CONSIDERATIONS

The design of the replaced zone should consider bearing ca-
pacity and settlement requirements as presented by Lawton
(2001) in addition to other requirements (such as swelling,
collapsible, liquefaction, and freezing–thaw weakening po-
tentials) for special problematic geomaterials. The following
parameters should be determined during design:

• Depth of replaced zone
• Length and width of replaced zone
• Thickness of replaced zone
• Fill quality including strength and modulus of fill

In addition to settlement calculations, the design should
examine all possible failure modes as shown in Figure 4.3

Df

Bf

Brz

Brz

Brz Brz

hr

Replaced zone

Df

Bf

hr
Punched

zone

Df

Bf

hr

Df

Bf

hr
θ

(a) General failure within replaced zone (b) Punching failure through replaced zone

(c) Failure of distributed foundation (d) Punching failure of replaced zone

Figure 4.3 Possible failure modes of foundation with replaced zone (modified from
Lawton, 2001).
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by calculating their ultimate bearing capacities and factors
of safety.

4.3.1 General Shear Failure within Replaced Zone

A bearing capacity formula for a homogeneous soil can be
used to estimate the ultimate bearing capacity of the fill:

qult = Nccscdc + 0.5𝛾 ′BfN𝛾
s
𝛾
d
𝛾
+ 𝜎

′
DNqsqdq (4.6)

where c = cohesion of fill
𝛾
′
1 = effective unit weight of fill

𝜎
′
D = effective overburden stress at the

base of the footing
Nc, N𝛾

, Nq = bearing capacity factors of fill
sc, s𝛾 , sq = shape factors
dc, d𝛾 , dq = depth factors

The equations for all the factors are provided in Chapter 2.
Since the methods for punching failure to be discussed in
the next sections were developed by Meyerhof and Hanna
(1978), it is recommended that the Meyerhof formulas for
bearing capacity factors, shape factors, and depth factors in
Chapter 2 be used to be consistent. This bearing capacity is
mainly dominated by the quality of fill and dimensions of the
footing.

4.3.2 Punching Failure through the Replaced Zone

Meyerhof and Hanna (1978) proposed a method to calculate
the ultimate bearing capacity of one strong soil layer over
a weak soil layer. This method can also be used to estimate
the ultimate bearing capacity of the replaced zone over its
underlying soil layer as follows:

qult = qb +
UpPh tan 𝜙1 + Uphrc1 −Wpz

Af
(4.7)

where qb = ultimate bearing capacity of soil be-
neath replaced zone based on dimen-
sions of footing

Up, hr = perimeter length and height of
punched zone

Ph = lateral earth pressure thrust acting
along perimeter surface of punched
zone

Wpz = weight of punched zone
Af = area of footing

c1 and 𝜙1 = cohesion and friction of replaced
zone

The lateral earth pressure thrust acting along the perimeter
surface of the punched zone can be estimated by

Ph = ∫

Df+hr

Df

Ks𝜎
′
z0dz (4.8)

where Ks = coefficient of punching shear
𝜎
′
z 0 = effective overburden stress

If the coefficient of punching shear is constant within the
replaced zone, Equation (4.8) can be simplified as follows:

Ph = Ks

(
𝛾
′
1Df hr + 0.5𝛾 ′1h

2
r

)
(4.8a)

where 𝛾
′
1 is the unit weight of the fill within and above

replaced zone.
The coefficient of punching shear, Ks, can be estimated

based on the chart developed by Meyerhof and Hanna (1978)
in Figure 4.4.

The approximate bearing capacity ratio can be determined
based on the following equations:

q1 = c1Nc1 + 0.5𝛾 ′1BfN𝛾1 (4.9)

q2 = c2Nc2 + 0.5𝛾 ′2BfN𝛾2 (4.10)

Figure 4.4 Coefficient of punching shear (Meyerhof and Hanna,
1978, with permission of Canadian Geotechnical Journal).
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where 𝛾
′
2 = unit weight of in situ soil

q1, q2 = ultimate bearing capacities for a
continuous footing with a width Bf
under a vertical load on the surfaces
of homogeneous thick deposits of
the fill in the replaced zone and the
underlying soil, respectively

c1, c2 = cohesion of the fill and the underly-
ing soil, respectively

Nc1, N
𝛾1 = bearing capacity factors of the fill

Nc2, N
𝛾2 = bearing capacity factors of the un-

derlying soil

4.3.3 Failure of Distributed Foundation

The applied pressure at the base of the footing can be dis-
tributed to the bottom of the replaced zone. The distributed
area can be calculated using Equations (4.2b), (4.2c), and/or
(4.3b) depending on the shape of the footing. The ultimate
bearing capacity of the distributed foundation as a rigid foot-
ing on the underlying soil can be calculated as follows:

qb = Ncc2s
′
cd
′
c + 0.5𝛾 ′2B

′
f N𝛾2s

′
𝛾
d′
𝛾
+ 𝜎

′
z0Nq2s

′
qd
′
q (4.11)

where 𝛾
′
2 = effective unit weight of the underly-

ing soil
s′c, s

′
𝛾
, s′q = shape factors of the distributed foun-

dation
d′c, d

′
𝛾
, d′q = depth factors of the distributed foun-

dation
𝜎
′
z0 = effective overburden stress at the

bottom of the replaced zone

The distribution angle, 𝜃, depends on the modulus ratio of
the replaced zone and the underlying soil, the width ratio
of the replaced zone at the bottom to the footing, and the
ratio of the replaced zone thickness to the footing width. It
should be noted that if the distributed area is greater than
the actual area of the replaced zone at the bottom, the actual
dimensions of the replaced zone should be used. Based on the
Burmister (1958) solution, Giroud and Han (2004) obtained
an approximate formula to estimate the stress distribution
angle from the upper layer to the lower layer based on the
equivalent maximum stress at center as follows:

tan 𝜃 = tan 𝜃0

[
1 + 0.204

(
E1

E2
− 1

)]
(4.12)

where 𝜃0 is the stress distribution angle for a reference uni-
form medium (typically 26.7∘) and E1 and E2 are the moduli
of the upper layer and lower layer, respectively. This formula
is only valid when the width of the upper layer is much larger
than the width of the footing. With a limited width of the

replaced zone, the stress distribution angle in Equation (4.12)
must be adjusted by a factor as follows:

tan 𝜃 = flw tan 𝜃0

[
1 + 0.204

(
E1

E2
− 1

)]
≥ tan 𝜃0 (4.13)

where flw is distribution angle reduction factor considering
the limited area of the replaced zone. More research is needed
to determine this distribution angle reduction factor.

The Chinese Ground Improvement Technical Code (JGJ79-
91) (China Academy of Building Research, 2000) recom-
mended the stress distribution angles as listed in Table 4.1.

It should be pointed out that the ultimate bearing capacity
calculated by Equation (4.11) is at the base of the distributed
foundation. This capacity should be converted to that under
the footing. The following formula can be used to calculate
the ultimate bearing capacity at the base of the footing:

qult =
A′f
Af
(qb − 𝛾

′
1hr) (4.14)

where Af, A
′
f = areas of the footing and the dis-

tributed foundation, respectively
𝛾
′
1 = effective unit weight of fill

4.3.4 Punching Failure of Replaced Zone into
In Situ Soil

When the width of the replaced zone is too small, there is a
possibility that the replaced zone as a rigid footing punches
into the underlying soil. The ultimate bearing capacity of the
punching failure of the replaced zone into the underlying soil
can be calculated as follows (Lawton, 2001):

qult =
Arz

Af
qb +

QU −Wrz

Af
(4.15)

QU = U1Ph1 tan 𝜙i + U1Hci (4.15a)

Table 4.1 Stress Distribution Angle, 𝛉

Fill Material
hr/Bf

a Medium Sand,
Coarse Sand,
Gravel, Cobble,
Aggregate

Clay and Silt
(8 < PI < 14)

Lime-Stabilized
Soil

0.25 20 6 30
≥0.50 30 23 30

aWhen hr /Bf < 0.25, use 𝜃 = 0 except for lime-stabilized soil (𝜃 =
30o); when 0.25 < hr /Bf < 0.50, interpolate between the values for
hr /Bf = 0.25 and hr /Bf ≥ 0.50.

Source: China Academy of Building Research (2000).
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where qb = ultimate bearing capacity of the soil
beneath the replaced zone based on the
dimensions of the replaced zone

QU = shear resistance along the perimeter sur-
face of the replaced zone

U1 = perimeter length of the replaced zone
Ph1 = lateral earth pressure thrust acting along

the perimeter surface of the replaced zone
Wrz = weight of the replaced zone
Arz = area of the replaced zone

ci, 𝜙i = cohesion and friction angle of the replaced
zone (c1 and 𝜙1) or the in situ soil (c2
and 𝜙2)

The lateral earth pressure thrust can be estimated by the
following equation:

Ph1 = Ks1

(
𝛾
′
2Df hr + 0.5𝛾 ′2h

2
r

)
(4.16)

where Ks1 is the coefficient of punching shear around the
perimeter surface of the replaced zone, which can be esti-
mated by assuming q1 = q2 and using the friction angle of the
in situ soil, 𝜙2 in Figure 4.4. However, Ks1 should be equal
or greater than K0. For a normally consolidated in situ soil,
K0 = 1 − sin 𝜙2. QU should be the lesser of the calculated
shear resistance using c1 and 𝜙1 and c2 and 𝜙2.

4.3.5 Minimum Bearing Capacity and Factor of Safety

The minimum ultimate bearing capacity is the least of all
the bearing capacities calculated based on the failure modes
shown in Figure 4.3 under undrained and drained conditions.
The minimum bearing capacity and the corresponding failure
mode control the design in terms of the bearing capacity.
The factor of safety (FS) against the bearing failure can be
calculated as follows:

FS =
qult(min)

p
(4.17)

where qult(min) is the minimum ultimate bearing capacity
considering all failure modes under undrained and drained
conditions and p is the applied pressure under the footing.

The minimum factor of safety should be greater than the
required factor of safety. Otherwise, quality of fill material
and/or dimensions of the replaced zone should be adjusted
until the requirement is met.

4.3.6 Settlement of a Footing on Layered Soils
of Infinite Width

Settlement of a footing on layered soils of infinite width can
be calculated using an elastic layered theory, which is often
used in design of airfields and highways because the lengths
and widths of pavement layers are much larger than those of

a tire contact area. The settlement of a circular footing on a
two-layer soil system as shown in Figure 4.5 is as follows:

S = 𝜌r

pndf
E2

Is (4.18)

where S = settlement at center if the footing is flexi-
ble or average settlement if the footing is
rigid

𝜌r = rigidity factor of the footing (1.0 for a flex-
ible footing or 0.79 for a rigid footing)

pn = net applied pressure
df = diameter of the footing
E2 = elastic modulus of the lower soil layer
Is = settlement influence factor for a circu-

lar, uniform pressure on the surface of
a two-layer elastic medium (Poisson’s
ratios, v1 = 0.2 and v2 = 0.4), which is
provided in Figure 4.6

Figure 4.6 shows that the increase of the modulus ratio re-
duces the settlement influence factor and thus the settlement.
Even though it is possible for an upper soil layer to have an
elastic modulus of 20 times higher than the lower layer, it
is suggested that the modulus ratio should be limited to 20
unless more field test data and experience justify a higher ra-
tio. Clearly, the increase of the thickness of the upper layer,
which has a higher modulus than the lower layer, can reduce
the settlement as well.

4.3.7 Settlement of a Footing on a Replaced Zone
with Limited Area

Elastic Solution for Circular Footing on Replaced Zone It
is clear that a replaced zone has a limited area to be economic;
therefore, Equation (4.18), which was developed based on in-
finite area, may not be accurate for calculating the settlement
of a footing on a replaced zone if the area of the replaced zone
is small. To develop the full reduction in the settlement as
that with the infinite area, Lawton (2001) suggested the area
of the replaced zone should be large enough to cover 95%
the applied load within the bottom area of the replaced zone.

E1

E2

pn

df

hr

Figure 4.5 Footing on an infinite two-layer system.



DESIGN CONSIDERATIONS 123

0

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0.8

0.9

0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1 1.1 1.2 1.3 1.4 1.5 1.6 1.7 1.8 1.9 2

Se
tt

le
m

en
t 

In
flu

en
ce

 F
ac

to
r,

 I
s

hr/df

1

5

10

20

E1/E2

50

Figure 4.6 Settlement Influence Factors (Burmister, 1958).

Based on this suggestion, Lawton (2001) proposed the fol-
lowing condition for the full reduction in the settlement:

For a rectangular footing:

Lrz ≥ Lf + 2hr tan 𝜃s (4.19a)

Brz ≥ Bf + 2hr tan 𝜃s (4.19b)

For a circular footing:

drz ≥ df + 2hr tan 𝜃s (4.19c)

where 𝜃s is the distribution angle corresponding to the area to
cover 95% applied load. Based on the design chart provided
in Lawton (2001), the following approximate relationship
can be obtained:

tan 𝜃s = 0.67

(
E1

E2

)0.45

(4.20)

It should be pointed out that the stress distribution angle in
Equation (4.20) is different from that in Equation (4.12). The
relationship in Equation (4.12) was developed based on the
maximum stress at the center of the interface between the up-
per and lower layers while the relationship in Equation (4.20)
was developed based on 95% applied load within the dis-
tributed area.

If the dimension of the replaced zone does not meet the
requirement in Equation (4.19a) and (4.19b) or (4.19c),
the following modification factors should be used to adjust
the settlement influence factor, Is in Equation (4.18) from
Figure 4.6:

I′s = IsIDIhIdrzI𝜈 (4.21)

ID = 1 − 1
1.1(df ∕Df + 1.6)

(4.22)

Ih = 1 + 2
hr
df

[(
E1

E2

)0.1

− 1

]
(4.23)

Idrz =
(
E1

E2

)0.05(drz

df

)−0.2

≥ 1.0 (4.24)

Iv =
1 − 𝜈2

1 − 0.4
(4.25)

where ID = modification factor for the embedment of
the footing

Ih = modification factor for the thickness of the
replaced zone

Idrz = modification factor for the width of the
replaced zone

Except Equation (4.25) suggested by Lawton (2001), the pre-
ceding modification factors were developed by the author
based on the tabulated settlement influence factors for a flexi-
ble, uniform, circular pressure applied onto the replaced zone
provided in Lawton (2001). The accuracy of the approximate
formula is examined by the comparisons shown in Figure 4.7,
in which I′s is calculated using Eq. (4.21) and Is is from Law-
ton (2001).

Empirical Method The settlement of a footing on a
replaced zone may also be estimated using an empirical
method. In the empirical method, a distributed foundation is
first determined by the stress distribution method mentioned
in Section 4.2. The compression of the replaced zone from
the base of the footing to the bottom of the replaced zone
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Figure 4.7 Comparisons of influence factors, Is and Is
′.

can be estimated as follows:

Srz =
pn + Δ𝜎z

2E1
hr (4.26)

Then the distributed foundation is treated as a rigid foot-
ing. The settlement below the distributed foundation can be
estimated using the consolidation index method for clays or
the Schmertmann method for sands (Schmertmann, 1970) as
described in Chapter 2. The total settlement of the footing
is the sum of the compression of the replaced zone and the
settlement below the distributed foundation.

The calculated settlement by the elastic solution or empir-
ical method should be less than the allowable settlement to
meet the performance requirement. Otherwise, quality of fill
material and/or dimensions of the replaced zone should be
adjusted until the requirement is met.

4.4 DESIGN PARAMETERS AND PROCEDURE

4.4.1 Design Parameters

Typical design parameters for overexcavation and replace-
ment include:

• Shape and dimensions of footing (such as width, length
or diameter, and embedment depth)

• Applied load on the footing
• In situ geomaterial conditions, including unit weight,

undrained and drained shear strengths, and the ground-
water table

• Dimensions of the replaced zone, including width,
length or diameter, and thickness

• Quality of replacing fill including unit weight and shear
strength

• Slope angle of excavation pit
• Performance requirements, including the factor of

safety against bearing failure and allowable settlement

The dimensions of a replaced zone and properties of the fill
often depend on the problem to be mitigated. For example,
to increase the bearing capacity and reduce the settlement
of a footing on a soft soil, the replaced zone often needs its
length and/or width of Bf–3Bf and a thickness of 0.5Bf–1.5Bf
as suggested by Lawton (2001). In addition, the thickness
of the replaced zone should be greater than 0.5 m. For an
embankment over a soft soil, Broms (1979) suggested full
and partial replacement of soft soil under the embankment, as
shown in Figure 4.8. The full replacement is done to increase
the bearing capacity and reduce settlement, while the partial
replacement done is mainly to increase the stability of the
side slope.

4.4.2 Design Procedure

The following procedure should be followed for design of
overexcavation and replacement:

1. To gather information about geomaterial conditions, in-
cluding soil types, thicknesses, and properties and depth
of groundwater table.

2. To gather information about foundation type, dimen-
sions, and loading conditions.

3. To gather information about required performance.
4. To evaluate potential problem(s) without replacement;

such as low bearing capacity, excessive settlement,
shrinkage and heave, soil collapse, freez–thaw, and
liquefaction.

5. To develop a trial design section of a replaced zone
including the area and thickness of the replaced zone
and type and properties of fill.

Figure 4.8 (a) Full and (b) partial replacement under an embank-
ment (modified from Broms, 1979).
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6. Depending on the nature of the problem, the follow-
ing steps may be different. Using a foundation on soft
soil as an example, the factors of safety against possi-
ble bearing failures should be examined following the
calculations in Section 4.3.

7. To calculate the settlement of the footing on
the replaced zone following the calculations in
Section 4.3.

8. To compare the calculated performance results in steps
6 and 7 with the required performance. If the results
meet the required performance, the design is complete.
Otherwise, go back to step 5, adjust the design section,
and repeat steps 6 and 7 until satisfactory results are
obtained.

9. Calculate the volumes of excavation and fill material.

4.5 DESIGN EXAMPLE

A 1.0-m-wide square concrete footing is designed to be
embedded at a depth of 1.0 m. The site has 9-m-thick
soft clayey soil from the ground surface and underlain
by a very dense sand layer. The soft soil is a normally
consolidated clay, which has undrained shear strength
of 25 kPa and effective friction angle of 25∘. The
undrained elastic modulus of this clay is 200 times the
undrained shear strength, and the effective elastic mod-
ulus is approximately half of its undrained elastic mod-
ulus. The groundwater table is at the depth of 0.6 m.
The unit weight of the soil above the groundwater table
is 18 kN/m3, while that below the groundwater table is
20 kN/m3. The column load applied on this footing is
150 kN and the concrete unit weight is 23.6 kN/m3.
Overexcavation and replacement are adopted to in-
crease the bearing capacity and reduce the short-term
and long-term settlements. The backfill material for the
replaced zone is a well-graded gravel, which has a unit
weight of 20 kN/m3, friction angle of 38∘, and elastic
modulus of 50,000 kPa after compaction. The designed
replaced zone is 1.0 m thick, 2.0 m long, and 2.0 m
wide. The required factor of safety against bearing fail-
ure is 3.0, and the tolerable settlement including imme-
diate and consolidation settlements is 25 mm. You are
required to: (1) calculate the ultimate bearing capacity
and factor of safety of the foundation without replace-
ment; (2) calculate the ultimate bearing capacity and
factor of safety of the foundation after replacement;
and (3) calculate the settlement of the foundation af-
ter replacement. See Example Figure 4.1 for the cross
section and parameters.

Example Figure 4.1 Design cross section and parameters.

Solution

1. Applied bearing pressure: This example has a high
groundwater table, which is not necessarily favorable
for overexcavation and replacement. However, it is
sometimes done in practice and requires dewatering
and/orshoring.Thisexamplewasprepared toprovide
a comprehensive design with a complicated problem.

Applied pressure at the base of the footing is

p =
P +Wf

Af
− uD =

150 + 1 × 1 × 1 × 23.6
1 × 1

− 0.4 × 9.81 = 170kPa

2. Bearing capacity and factor of safety without re-
placement: The ultimate bearing capacity of the
footing on the in situ soil is

qult = cNcscdc + 0.5𝛾 ′BfN𝛾
s
𝛾
d
𝛾
+ 𝜎

′
DNqsqdq

The effective overburden stress at the base of the
footing is

𝜎
′
D = 0.6 × 18 + 0.4 × 20 − 0.4 × 9.81 = 15kPa

In the short term, 𝜙u = 0; therefore, Nc = 5.14,
N
𝛾
= 0, Nq = 1, and Kp = 1. The shape factors and

depth factors can be calculated as follows:

sc = 1 + 0.2Kp

Bf

Lf
= 1 + 0.2 × 1 × 1

1
= 1.2

sq = 1 + 0.1Kp

Bf

Lf
= 1 + 0.1 × 1 × 1

1
= 1.1

dc = 1 + 0.2
√

Kp

Df

Bf
= 1 + 0.2 × 1 × 1

1
= 1.2

dq = 1 + 0.1
√

Kp

Df

Bf
= 1 + 0.1 × 1 × 1

1
= 1.1
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Hence, the ultimate bearing capacity of the foot-
ing on the in situ soil in the short term is

qult = cuNcscdc + 𝜎
′
DNqsqdq

= 25 × 5.14 × 1.2 × 1.2 + 15 × 1

× 1.1 × 1.1 = 203 kPa

In the long term,

Nq = tan2

(
45∘ + 𝜙

′

2

)
e𝜋 tan 𝜙

′

= tan2

(
45∘ + 25∘

2

)
e𝜋 tan 25∘

= 10.66

N
𝛾
= (Nq − 1) tan(1.4𝜙′) = 6.77

Kp = tan2

(
45∘ + 25∘

2

)
= 2.46

The shape factors and depth factors are

s
𝛾
= sq = 1 + 0.1Kp

Bf

Lf
= 1 + 0.1

× tan2

(
45∘ + 25∘

2

)
× 1

1
= 1.25

d
𝛾
= dq = 1 + 0.1

√
Kp

Df

Bf
= 1 + 0.1

× tan

(
45∘ + 25∘

2

)
× 1

1
= 1.16

Hence, the ultimate bearing capacity of the foot-
ing on the natural soil in the long term is

qult = 0.5𝛾 ′BfN𝛾
s
𝛾
d
𝛾
+ 𝜎

′
DNqsqdq

= 0.5 × (20 − 9.81) × 1 × 6.77 × 1.25 × 1.16

+ 15 × 10.66 × 1.25 × 1.16 = 278 kPa

qult(long term) > qult(short term); therefore, the
short term controls. The factor of safety is

FS = 203
170

= 1.20 < 3.0

therefore, overexcavation and replacement are
necessary.

3. Bearing capacity and factor of safety after replace-
ment:
General failure within the replaced zone. Since

the replaced zone consists of gravel, only a drained
analysis is needed. The ultimate bearing capacity
based on this failure mode (i.e., c′1 = 0, 𝜙′1 = 38∘)

can be calculated as follows:

Nq1 = tan2

(
45∘ +

𝜙
′
1

2

)
e𝜋 tan 𝜙

′
1

= tan2

(
45∘ + 38∘

2

)
e𝜋 tan 38∘ = 48.9

N
𝛾1 = (Nq1 − 1) tan(1.4𝜙′1)

= (48.9 − 1) × tan(1.4 × 38∘) = 64.1

s
𝛾
= sq = 1 + 0.1Kp

Bf

Lf
= 1 + 0.1

× tan2

(
45∘ + 38∘

2

)
× 1

1
= 1.42

d
𝛾
= dq = 1 + 0.1

√
Kp

Df

Bf
= 1 + 0.1

× tan

(
45∘ + 38∘

2

)
× 1

1
= 1.21

qult = 0.5𝛾′1BfN𝛾1s𝛾d𝛾 + 𝜎
′
DNq1sqdq

= 0.5 × (20 − 9.81) × 1 × 64.1 × 1.42 × 1.21

+ 15 × 48.9 × 1.42 × 1.21 = 1805 kPa

The factor of safety is

FS = 1805
170

= 10.61 > 3.0 (OK)

Punching failure through the replaced zone. Since
the punching failure through the replaced zone into
the soft soil, undrained (i.e., short term) and drained
(i.e., long term) analyses are needed.

For the short term:

Replaced zone ∶ Nq1
= 48.9, N

𝛾1 = 64.1

Soft soil ∶ Nc2 = 5.14 Nq2
= 1.0

The bearing capacity of a continuous footing on
the surface of the replaced zone is

q1 = c1Nc1 + 0.5𝛾′1BfN𝛾1 = 0 + 0.5

× (20 − 9.81) × 1 × 64.1 = 326 kPa

The bearing capacity of a continuous footing on
the surface of the soft soil is

q2 = c2Nc2 = 25 × 5.14 = 129 kPa

q2

q1
= 129

326
= 0.39 ϕ1 = 38∘ → Ks = 7.0
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from Figure 4.4. The ultimate bearing capacity of the
punching portion on the underlying soft soil can be
calculated as follows:

sc = 1 + 0.2Kp

Bf

Lf
= 1 + 0.2 × 1 × 1

1
= 1.2

sq = 1 + 0.1Kp

Bf

Lf
= 1 + 0.1 × 1 × 1

1
= 1.1

dc = 1 + 0.2
√

Kp

Df + hr
Bf

= 1 + 0.2 × 1 × 2
1
= 1.40

dq = 1 + 0.1
√

Kp

Df + hr
Bf

= 1 + 0.1 × 1 × 2
1
= 1.20

𝜎
′
z0 = 0.6 × 18 + 1.4 × 20 − 1.4 × 9.81 = 25 kPa

qb = cuNc2scdc + 𝜎
′
z0Nq2sqdq = 25 × 5.14 × 1.2

× 1.40 + 25 × 1 × 1.1 × 1.20 = 249 kPa

Ph = Ks(0.5𝛾 ′1h
2
r + 𝛾

′
2Df hr) = 7.0× [0.5× (20− 9.81)

× 12 + 18 × 0.6 × 1 + (20 − 9.81) × 0.4 × 1]

= 140 kN∕m

Wpz = (20 − 9.81) × 1 × 1 × 1 = 10kN

qult = qb +
UpPh tan 𝜙1 + Uphrc1 −Wpz

Af

= 249 + 4 × 1 × 140 × tan 38∘ + 0 − 10
1 × 1

= 676 kPa

For the long-term:

q1 = 326kPa

Nq2 = 10.66

N
𝛾2 = 15.89

q2 = 0.5𝛾2BfN𝛾2 = 0.5 × (20 − 9.81)

× 1 × 15.89 = 81kPa

q2

q1
= 81

326
= 0.25 𝜙1 = 38o → Ks = 4

s
𝛾
= sq = 1 + 0.1Kp

Bf

Lf
= 1 + 0.1

× tan2

(
45∘ + 25∘

2

)
× 1

1
= 1.25

d
𝛾
= dq = 1 + 0.1

√
Kp

Df + hr
Bf

= 1 + 0.1

× tan

(
45∘ + 25∘

2

)
× 2

1
= 1.31

qb = 0.5𝛾2BfN𝛾2s𝛾d𝛾 + 𝜎
′
z0Nq2sqdq

= 0.5 × (20 − 9.81) × 1 × 15.89 × 1.25 × 1.31

+ 25 × 10.66 × 1.25 × 1.31 = 570 kPa

Ph = Ks(0.5𝛾 ′1h
2
r + 𝛾

′
1Df hr) = 4 × [0.5 × (20 − 9.81)

× 12 + 18 × 0.6 × 1 + (20 − 9.81) × 0.4 × 1]

= 80 kN∕m

qult = qb +
U1Ph tan 𝜙1 + U1hrc1 −Wpz

Af

= 570 + 4 × 1 × 80 × tan 38∘ + 0 − 10
1 × 1

= 809 kPa

qult(long term) > qult(short term), therefore, the
short-term controls, that is, qult = 676 kPa.

The factor of safety is

FS = 676
170

= 3.98 > 3.0, (OK)

Failure of distributed foundation. For a well-
graded gravel and hr/Bf ≥ 0.5, the distribution angle
is 30o based on the Chinese Ground Improvement
Technical Code (JGJ79-91). The distributed width
and length at the base of the replaced zone are

L′f = B′f = Bf + 2hr tan 𝜃 = 1 + 2 × 1

× tan 30∘ = 2.15m > Brz

Use
L′f = B′f = 2m

The effective overburden stress at the base of the
distributed foundation is

𝜎
′
z0 = 0.6 × 18 + (1.0 + 1.0 − 0.6)

× (20 − 9.81) = 25kPa

For the short term:

s′c = 1 + 0.2Kp

B′f
L′f
= 1 + 0.2 × 1 × 2

2
= 1.2

s′q = 1 + 0.1Kp

B′f
L′f
= 1 + 0.1 × 1 × 2

2
= 1.1
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d′c=1 + 0.2
√

Kp

Df + hr
B′f

=1 + 0.2 × 1 × 2
2
= 1.20

d′q=1 + 0.1
√

Kp

Df + hr

B′f
=1 + 0.1 × 1 × 2

2
=1.10

The ultimate bearing capacity at the base of the
distributed foundation is

qb = cuNc2s
′
cd
′
c + 𝜎

′
z0Nq2s

′
qd
′
q = 25 × 5.14 × 1.2

× 1.2 + 25 × 1 × 1.1 × 1.1 = 216kPa

The ultimate bearing capacity at the base of the
footing is

qult =
L′f B

′
f

Lf Bf
(qb − 𝛾

′
1hr) =

2.0 × 2.0
1.0 × 1.0

× (216 − 10.89 × 1.0) = 819kPa

For the long term:

s′
𝛾
= s′q = 1 + 0.1Kp

B′f
L′f
= 1 + 0.1

× tan2

(
45∘ + 25∘

2

)
× 2

2
= 1.25

d′
𝛾
= d′q = 1 + 0.1

√
Kp

Df + hr

B′f
= 1 + 0.1

× tan

(
45∘ + 25∘

2

)
× 2

2
= 1.16

The ultimate bearing capacity at the base of the
distributed foundation is

qb = 0.5𝛾 ′2B
′
f N𝛾2s

′
𝛾
d′
𝛾
+ 𝜎

′
z0Nq2s

′
qd
′
q

= 0.5 × (20 − 9.81) × 2.0 × 15.89 × 1.25

× 1.16 + 25 × 10.66 × 1.25 × 1.16 = 619 kPa

The ultimate bearing capacity at the base of the
footing is

qult =
L′f B

′
f

Lf Bf
(qb − 𝛾

′
1hr) =

2.0 × 2.0
1.0 × 1.0

× (619 − 10.89 × 1.0) = 2435kPa

qult(long term) > qult(short term)

therefore, the short-term controls, that is, qult =
819 kPa.

The factor of safety is

FS = 819
170

= 4.83 > 3.0 (OK)

Punching of replaced zone into the in situ soil.
The length and width of the replaced zone are used
as those of the footing for the bearing capacity cal-
culation, Lrz = 2m and Brz = 2m.

For the short term:
q2

q1
= 1 𝜙2 = 0∘ → Ks ≥ 1 − sin 𝜙2 = 1

sc = 1 + 0.2Kp
Brz

Lrz
= 1 + 0.2 × 1 × 2

2
= 1.2

sq = 1 + 0.1Kp
Brz

Lrz
= 1 + 0.1 × 1 × 2

2
= 1.1

dc = 1 + 0.2
√

Kp

D′f
Brz

= 1 + 0.2 × 1 × 2
2
= 1.2

dq = 1 + 0.1
√

Kp

D′f
Brz

= 1 + 0.1 × 1 × 2
2
= 1.1

qb = cuNc2scdc + 𝜎
′
z0Nq2sqdq = 25 × 5.14 × 1.2

× 1.13 + 25 × 1 × 1.2 × 1.1 = 215kPa

Ph1=Ks(0.5𝛾′2h
2
r + 𝛾

′
2Df hr)=1 × [0.5 × (20 − 9.81)

× 12 + 18 × 0.6 × 1 + (20 − 9.81) × 0.4 × 1]

= 20 kN∕m

QU1 = U1Ph1 tan 𝜙1 + U1hrc1 = 4 × 2 × 20

× tan 38∘ + 0 = 125kN

QU2 = U1Ph1 tan 𝜙2 + U1hrc2

= 0 + 4 × 2 × 1 × 25 = 200kN

QU = min(QU1,QU2) = 125kN

Wrz = (20 − 9.81) × 2 × 2 × 1 = 41kN

qult = qb
Arz

Af
+

QU −Wrz

Af

= 215 × 2 × 2
1 × 1

+ 125 − 41
1 × 1

= 946 kPa
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For the long term:
q2

q1
= 1 𝜙1 = 25∘ → Ks = 3.7

s
𝛾
= sq = 1 + 0.1Kp

Brz

Lrz
= 1 + 0.1

× tan2

(
45∘ + 25∘

2

)
× 2

2
= 1.25

d
𝛾
= dq = 1 + 0.1

√
Kp

D′f
Brz

= 1 + 0.1

× tan

(
45∘ + 25∘

2

)
× 2

2
= 1.16

qb = 0.5𝛾 ′2BrzN𝛾2s𝛾d𝛾 + 𝜎
′
z0Nqsqdq

= 0.5 × (20 − 9.81) × 2 × 15.89 × 1.25 × 1.16

+ 25 × 10.66 × 1.25 × 1.16 = 619 kPa

Ph1=Ks(0.5𝛾 ′2h
2
r + 𝛾

′
2Df hr)=3.7×[0.5×(20−9.81)

× 12 + 18 × 0.6 × 1 + (20 − 9.81) × 0.4 × 1]

= 74 kN∕m

QU1 = U1Ph1 tan 𝜙1 + U1hrc1

= 4 × 2 × 74 × tan 38∘ + 0 = 462kN

QU2 = U1Ph1 tan 𝜙2 + U1hrc2

= 4 × 2 × 74 × tan 25∘ + 0 = 276kN

QU = min(QU1,QU2) = 276kN

qult = qb
Arz

Af
+

QU −Wrz

Af

= 619
2 × 2
1 × 1

+ 276 − 41
1 × 1

= 2710 kPa

qult(long term) > qult(short term), therefore, the
short-term controls, that is, qult = 946 kPa.

The factor of safety against this failure mode is

FS = 946
170

= 5.57 > 2.0 (OK)

In summary, the minimum ultimate bearing ca-
pacity of the footing on the replaced zone, qult = 676
kPa, due to possible punching failure through the re-
placed zone and its corresponding factor of safety is
FS = 4.77, which is higher than the required factor
of safety of 3.0; therefore, the design is acceptable
based on the bearing capacity requirement.

4. Settlement calculation after replacement: The net
applied pressure at the bottom of the footing for
settlement calculation is

pn = p − 𝜎
′
D = 170 − 15 = 155kPa

The equivalent diameter of the footing and the
replaced zone is

df =

√
4Af

𝜋
=
√

4 × 1 × 1
3.14

= 1.13 m

drz =
√

4Arz

𝜋

=
√

4 × 2 × 2
3.14

= 2.26 m

The following dimension ratios can be obtained:

Df

df
= 1

1.13
= 0.89

hr
df
= 1

1.13
= 0.89

drz

df
= 2.26

1.13
= 2.0

For immediate (short-term) settlement

Eu2 = 200 × 25 = 5000kPa, 𝜈2 = 0.5

E1

Eu2
= 50, 000

5000
= 10 → tan 𝜃s = 0.67

(
E1

Eu2

)0.45

= 0.67(10)0.45 = 1.89

therefore, the required width of the replaced zone
for full reduction in settlement is df + 2hr tan 𝜃s =
1.13 + 2 × 1 × 1.89 = 4.91 m > 2 m → the solution
for limited width of a replaced zone is needed:

E1

E2
= 10 and

hr
df
= 0.89 → Is = 0.29

(center) from Figure 4.6 for an infinite width
condition. Due to the limited width of the replaced
zone, the following modification factors can be
determined:

ID = 1 − 1
1.1(df∕Df + 1.6)

= 1 − 1
1.1(1∕0.89 + 1.6)

= 0.67

Ih = 1 + 2

(
hr
df

)[(
E1

E2

)0.1

− 1

]
= 1 + 2 × (0.89) × (100.1 − 1) = 1.46
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Idrz =
(
E1

E2

)0.05(drz

df

)−0.2

= (10)0.05 × 2−0.2

= 0.98 < 1.0 (Idrz = 1.0 is used)

Iv =
1 − 𝜈2

1 − 0.4
= 1 − 0.5

1 − 0.4
= 0.83

The adjusted settlement influence factor consid-
ering the above factors is

I′s = IsIDIhIdrzIv

= 0.29 × 0.67 × 1.46 × 1.0 × 0.83 = 0.24

The immediate settlement is

Si =
pndf
Eu2

I′s =
155 × 1.13

5000
× 0.24 = 0.008 m = 8 mm

For consolidation (long-term) settlement

E2 =
Eu2

2
= 2500kPa, 𝜈2 = 0.3 (assumed)

E1

E2
= 50, 000

2500
= 20 → tan 𝜃s

= 0.67

(
E1

E2

)0.45

= 0.67(20)0.45 = 2.58

therefore, the required width of the replaced zone
for full reduction in settlement is df + 2hr tan 𝜃s =
1.13 + 2 × 1 × 2.58 = 6.29 m > 2 m → the solution for
limited width of a replaced zone is needed:

E1

E2
= 20 and

hr
df
= 0.89 → Is = 0.21

(center) from Figure 4.6 for an infinite width condition.
Due to the limited width of the replaced zone, the
following modification factors can be determined:

ID = 1 − 1
1.1(df ∕Df + 1.6)

= 1 − 1
1.1(1∕0.89 + 1.6)

= 0.67

Ih = 1 + 2

(
hr
df

)[(
E1

E2

)0.1

− 1

]
= 1 + 2 × (0.89) × (200.1 − 1) = 1.62

Idrz =
(
E1

E2

)0.05(drz

df

)−0.2

= (20)0.05 × 2−0.2

= 1.01 > 1.0 (Idrz = 1.01 is used)

Iv =
1 − 𝜈2

1 − 0.4
= 1 − 0.3

1 − 0.4
= 1.17

The adjusted settlement influence factor consid-
ering the above factors is

I′s = IsIDIhIdrzIv

= 0.21 × 0.67 × 1.62 × 1.01 × 1.17 = 0.27

The consolidation settlement is

Sc =
pndf
E2

I′s =
155 × 1.13

2500
× 0.27 = 0.019 m = 19 mm

The total settlement without including the sec-
ondary settlement

St = Si + Sc = 8 + 19 = 27 mm

Assuming the footing is rigid, the average settle-
ment of the footing is

S = 𝜌rSt = 0.79 × 27 = 21 mm (OK)

4.6 CONSTRUCTION

4.6.1 Selection of Fill

Fill material for replacement should be better than in situ
geomaterial in terms of strength and modulus. It should
not contain organic matter and should not be problematic
(such as expansive soil and frozen soil in a cold region).
Commonly used fills include sand, gravel, rockfill, lime or
cement-stabilized soil, and slag. Low-plasticity clay is some-
times used to replace collapsible (e.g., loess) or expansive
soil. For any selected fill, its physical and mechanical prop-
erties should be determined for design and QC/QA purposes.
The key parameters include optimum moisture content, max-
imum dry unit weight, cohesion, friction angle, and the elas-
tic modulus or compression index. For the mitigation of col-
lapsible soil, collapsible potential of the selected fill should
be evaluated. For the mitigation of expansive soil, the expan-
sion and shrinkage potentials of the selected fill should be
evaluated. For the mitigation of frozen soil, frozen potential
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of the selected fill should be evaluated. In situ liquefiable soil
may be excavated and reused as fill after compaction. If slag
is used, its long-term durability and possible environmental
impact should be evaluated.

4.6.2 Excavation

Excavation is an important part of this ground improvement
method. A well-developed excavation plan should include at
least but not limited to the following aspects:

• Ensure least amount of in situ soil is removed.
• Maintain stability of excavation pit.
• Cause the least disturbance to existing soil and sur-

rounding substructures (e.g., pipes and utility lines) or
superstructures (e.g., buildings).

• Have a well-thought-out plan for disposal of excavated
soil and delivery of fill material.

• Remove water, especially inside the excavation pit, un-
der a high groundwater table condition. Design of de-
watering will be discussed in Chapter 6.

When open land is available, excavation with slope is
preferable. Typical slope angles ranging from 2(H):1(V) to
4(H) to 1(V) are used, which depend on geomaterial condi-
tions, groundwater conditions, and excavation depths. How-
ever, where there is limited space, vertical excavation with
internal support, such as timber shoring with struts, sheet
piles, and the like, is commonly used.

Base soil before the placement of a foundation should not
be overexposed to water, which will reduce soil strength and
increase soil compressibility. If the excavation pit will be
exposed for a certain time (e.g., 6 h or longer), the last layer
of soil (at least 0.3 m thick) should be removed right before
the placement of the foundation.

4.6.3 Placement and Compaction

Appropriate compaction equipment should be selected based
on the type of fill material and the condition of the site
(e.g., space available for compaction may be limited.) Fill
material should be placed and compacted in lifts. The lift
thickness and number of passes depend on geomaterial type
and properties and compaction equipment. Details on fill
compaction can be found in Chapter 3.

4.7 QUALITY CONTROL AND ASSURANCE

4.7.1 Locations and Dimensions

The locations, elevations, and dimensions of an excava-
tion trench and a replaced zone should be verified during

excavation and before placement of fill. Any deviation should
be within a tolerable limit; otherwise, it should be corrected.

4.7.2 Compacted Fill

Fill material received at a site should be verified. For granu-
lar fill, grain size distribution tests should be conducted. For
cement or lime-stabilized fill, a mix design should be veri-
fied by making and curing specimens in at least 7 days and
conducting unconfined compressive tests.

During compaction, moisture content and dry unit weight
of compacted fill should be verified for each lift against spec-
ifications. Nuclear or nonnuclear gauge should be used to
make these measurements. For granular fill, sand cone test
is often useful for determining the fill density. For cement
or lime-stabilized fill, specimens can be cored after at least
7 days curing. The cored specimens are sent to laboratory
for determining their unconfined compressive strengths. Dy-
namic cone penetrometer (DCP) test may be performed to
evaluate the strength and stiffness of fill material.

4.7.3 Performance Evaluation

To evaluate the performance of overexcavation and replace-
ment, plate loading test may be performed. For a replaced
zone over soft soil, the plate loading test can determine the
ultimate bearing capacity and the elastic modulus of the re-
placed zone over soft soil. To evaluate the benefit of the
replacement, a plate loading test on in situ soil without re-
placement should be performed as well. For a replaced zone
over collapsible or expansive soil, a plate loading test should
be performed first to a design load and continue after flooding
with water to observe potential plate movement.

PROBLEMS

4.1. List three possible geotechnical problems that are suit-
able for overexcavation and replacement.

4.2. What are the benefits by replacing soft soil with higher
strength and stiffness fill?

4.3. Explain why overexcavation and replacement method
is suitable for shallow ground improvement.

4.4. What are possible problems if the depth of excavation
is below the groundwater table?

4.5. If the replaced zone has the same width as the footing,
will this replaced zone have any benefits? Why?
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4.6. Under what kind of condition will the punching failure
through the replaced zone likely happen?

4.7. Explain why an increase of the replaced zone modulus
can reduce the vertical stress applied on top of the soft
soil.

4.8. What is the main limitation of the layered elastic the-
ory used to analyze a replaced foundation?

4.9. What are the benefits of widening the replaced
zone?

4.10. What are the benefits of deepening the replaced
zone?

4.11. A 3-m-long and 2-m-wide rectangular concrete foot-
ing embedded at 1.5 m deep in a uniform soft soil is
subjected to a 600-kN column load. The unit weight
of the soil above or below a groundwater table is 19
kN/m3 and the groundwater table is at a depth of 2 m.
What are the total and net applied pressures at the base
of the footing?

4.12. In Problem 4.11, if the groundwater table rises to a
depth of 1 m, what are the total and net applied pres-
sures at the base of the footing?

4.13. In Problem 4.12, if the soft soil has an undrained
shear strength of 20 kPa, what is the factor of safety
against bearing failure? If the required factor of safety
is 3.0, does the calculated factor of safety meet the
requirement?

4.14. A circular concrete footing of 1.5 m in diameter has
an embedment depth of 0.6 m in a uniform loose sand.
The column load on the footing is 300 kN. The loose
sand has a unit weight of 16 kN/m3 and a friction
angle of 26∘. The groundwater table is 10 m below the
ground surface. The required factor of safety is 3.0.
Calculate the ultimate bearing capacity and factor of
safety against bearing failure. If a replaced zone of
2.5 m in diameter and 1.0 m thick granular fill with unit

weight of 20 kN/m3, cohesion of 0, and friction angle
of 40∘ is constructed under the footing, what are the
ultimate bearing capacity and factor of safety against
bearing failure?

4.15. In problem 4.14, if the loose sand and the granular fill
have elastic moduli of 10 MPa and 50 MPa, respec-
tively, calculate the settlements of the footing on the
loose sand without and with replacement using the elas-
tic layered theory with settlement influence factors.

4.16. Use the empirical method based on stress distribution
and the Schmertmann approach to calculate the set-
tlement in the design example. Assume a distribution
angle of 30∘.
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CHAPTER 5

Deep Replacement

5.1 INTRODUCTION

5.1.1 Basic Concepts

Deep replacement methods improve the ground to a great
depth by partially excavating or displacing problematic ge-
omaterials, which are replaced with better-quality and/or
densified fill or concrete in a column form, as shown in
Figure 5.1. The columns and the surrounding geomaterial
form a composite ground or foundation to carry vertical loads
and/or shear forces. Since both the fill in the columns and the
material around the columns are geomaterials, the term “soil”
is mostly used for the surrounding material in this chapter to
avoid confusion.

Excavation of geomaterials from the ground can be
accomplished in two ways: (1) by injecting water into the
ground, turning the geomaterial into slurry, and flushing it
out from the hole [Figure 5.1(a)] and (2) by drilling a hole
in the ground [Figure 5.1(g)]. Displacement of soils in the
ground can be achieved in at least four ways: (1) by injecting
air into the ground [Figures 5.1(b) and 5.1(c)], (2) by driving
a steel casing into the ground [Figure 5.1(e) and 5.1(f)],
(3) by driving a reverse flight displacement auger into the
ground [Figure 5.1(d)], and (4) by dropping a tamper to
penetrate into the ground [Figure 5.1(h)]. The excavation
method has little effect on the surrounding soil while the
displacement method has more significant effect on the
surrounding soil, depending on soil type. For cohesionless
and/or unsaturated soils, the displacement process may den-
sify the surrounding soil. However, for saturated cohesive
soils, the displacement process may cause disturbance to the
surrounding soil, including heaving and lateral movement.
The displacement method is not suitable for sensitive soils.
The vibro-compaction method, which densifies in situ soils
by driving a vibrating probe into the ground, is considered
as a deep compaction method and has been discussed in

Chapter 3. In current practice, more vibro-compaction
involves using backfill materials like a deep replace-
ment method. However, the key difference is that vibro-
compaction relies on the densified in situ soils, while deep
replacement relies on using columns together with the
surrounding soil to form a composite foundation. Different
installation procedures are available for deep replacement, as
shown in Figure 5.1. Displacement of soils and densification
of columns may involve the densification of surrounding soil,
which is similar to vibro-compaction. An excavation method
is mostly suitable for cohesive soils, while a displacement
method is suitable for both cohesive and cohesionless soils.

The technologies involving excavation include vibro-
replacement by vibro-flotation and rammed aggregate
columns. The columns installed by vibro-replacement (also
called the wet method) are commonly referred to as stone
columns or granular piles. Rammed aggregate columns are
installed by removing soil with an auger and then backfilling
aggregate followed by tamping. During the tamping process,
there is some degree of displacement toward the surrounding
soil. These technologies backfill granular fill from the top
of holes; therefore, their installation procedure is often
referred to as top feeding and the columns installed using
this procedure are called top-fed columns.

The technologies involving displacement include vibro-
casing, vibro-probe, reverse flight displacement, and dy-
namic replacement. The vibro-casing method, commonly
referred as the sand compaction column or pile method, drives
a steel casing down into the ground with a vibrator to displace
the soil, backfills granular fill (mainly sand but sometimes ag-
gregate) through the casing, and then densifies the fill by a
repeated extraction and penetration process. The vibro-probe
technology (also called the dry method) can be used with
pressurized air to displace the soil, introduce granular fill
through a central tube or a side tube, and then densify the
fill by vibration of the probe. Instead of granular fill, a mix-
ture of cement, fly ash, and gravel or low-strength concrete is
sometimes used. The columns formed by the cement, fly ash,
and gravel mixture are often called as CFG columns, while
those formed by concrete are called vibro-concrete columns.
The vibro-casing or vibro-probe method introduces fill from
the bottom of holes; therefore, this installation procedure is
often referred to as bottom feeding. The reverse flight dis-
placement method displaces soils by a specially made auger
and then replaces the displaced soils by grouting. The grout
can be designed and prepared at different strength and mod-
ulus based on the needs for a project; therefore, these types
of columns are referred to as controlled modulus (stiffness)
columns or auger displacement columns. Dynamic replace-
ment, even though the word “replacement” is used, is a special
displacement method. Granular fill is pushed into the ground
by repeated dropping of a tamper to displace soft soil. In this
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Figure 5.1 Various deep replacement methods.

construction, granular fill is backfilled into a crater generated
by the deep dynamic compaction. Details about the deep dy-
namic compaction can be found in Chapter 3.

The deep replacement methods form columns after instal-
lation. Granular fill or concrete has been mostly used as
the backfill material. Therefore, the columns installed by
deep replacement methods are either granular or concrete
columns. “Granular column” is a general term, which in-
cludes stone columns, rammed aggregate columns, and sand
compaction columns in this book. Since columns have higher
strength and stiffness, they carry more loads than the sur-
rounding soils. In addition, granular fill has higher perme-
ability than the surrounding soil. As a result, the columns can
increase bearing capacity, reduce settlement, increase stabil-
ity, and accelerate consolidation of soft foundations. When
columns are formed by granular fill, their load capacities
highly depend on the strength of the fill and the confining
stress of the surrounding soil. In soft soil, granular columns
may not have sufficient capacities to support loads. Concrete
columns or CFG columns may be used instead. Alternatively,
geosynthetic encasement may be used outside the columns
to provide lateral confinement and increase their capacities
as shown in Figure 5.1(f). This technology has drawn more
attention in recent years and will be discussed in this chapter.

In recent years, new types of deep replacement columns
have been developed, such as hollow concrete columns
(Liu et al., 2003), multiple stepped columns (Liu, 2007a),
X-shape (Liu, 2007b) or Y-shape (Chen et al., 2010)
concrete columns, and grouted stone columns (Liu, 2007a).
Most of these new columns are concrete columns, which
have higher strength and stiffness, but different shapes have
been used to reduce the amount of concrete to create more
efficient and economic solutions.

Based on the stiffness, Han and Ye (1991) and Han
(2012) classified the columns into three types: (1) flexible
columns, (2) rigid columns, and (3) semirigid columns.
Flexible columns (e.g., stone columns and sand compaction
columns) have relatively lower load capacities and stiffness
while rigid columns (e.g., vibro-concrete columns) have
higher load capacities and stiffness. Semirigid columns have
the load capacities and stiffness between flexible and rigid
columns. An important characteristic of semirigid columns
is that the capacities and stiffness of these columns vary
with the type and properties of the replacing material in or
around the columns, such as the stiffness of geosynthetic
reinforcement for geosynthetic-encased granular columns
and the mixture ratio for controlled modulus (stiffness)
columns.
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5.1.2 Suitability

Since deep replacement has a variety of installation technolo-
gies and column types, it can be used to improve almost all
types of geomaterials. However, for individual technologies,
they have different suitability.

The vibro-replacement technology is mostly used
for cohesive soils with undrained shear strength higher
than 15 kPa. The same method used for cohesionless soils is
so-called vibro-compaction, which is discussed in Chapter 3.
Figure 5.2 shows the soils suitable for vibro-compaction and
vibro-replacement. The typical depth of vibro-replacement
is 10–15 m.

The vibro-displacement technology is suitable for insen-
sitive cohesive soils with undrained shear strength ranging
from 15 to 60 kPa when it is used to install stone columns.
It can also be used to install vibro-concrete columns (VCC).
Vibro-concrete columns are most suitable for very soft clays
and organic soils that may not be able to provide sufficient
lateral confinement to stone columns. The typical depth of
vibro-concrete columns is 10–15 m.

Controlled modulus (stiffness) column technology is suit-
able for various geomaterial conditions, such as loose sands,
uncontrolled fill, soft clays and silts, and organic soils in-
cluding peat. Typical depth of controlled modulus (stiffness)
columns is 10–20 m.

Sand compaction column technology is suitable for co-
hesionless and cohesive soils. However, their functions for
ground improvement are different. When sand compaction
columns are installed in cohesionless soils, they function as
vibro-compaction. When sand compaction columns are in-
stalled in cohesive soils, they function as deep replacement.
This technology has been used to a depth of up to 70 m.

Encased granular column technology is used for very soft
soils and organic soils with undrained shear strength as low
as 5 kPa. The typical depth of the columns is 5–10 m.

Rammed aggregate column technology is suitable for soft
to stiff clays, loose silt and sand to dense sand, and un-
controlled fill. The favorable condition for soft clays is
to have an undrained shear strength higher than 15 kPa.
High-groundwater table and cohesionless soils may make
construction difficult. Soft clays and loose sands may require
casing for hole stability. Rammed aggregate columns have
been mostly used to improve geomaterials within a depth of
10 m.

Dynamic replacement is suitable to improve saturated co-
hesive soils and soft organic soils. Granular columns in-
stalled by dynamic replacement can reach a depth up to 8 m,
but the diameter of the columns is rather large, depending on
the diameter of a tamper. This technology has been mostly on
land; however, it is used off shore to improve shear resistance
of soft seabed (Chu et al., 2009).

5.1.3 Applications

Columns with surrounding soils to form a composite ground
or foundation can increase bearing capacity, reduce and ac-
celerate settlements, increase shear strength for slope sta-
bility, and increase resistance to liquefaction. Most of the
deep replacement columns can be used to support industrial,
residential, retail buildings, storage tanks, embankments and
walls, bridge abutments, roadway widening, wind turbines,
and utilities and pipelines.

5.1.4 Advantages and Limitations

Sand compaction columns have the following advantages
(Barksdale, 1987): (1) use of lower cost material (often less
expensive than stone), (2) fast construction, (3) fully sup-
ported hole by a casing during construction, and (4) limited
intrusion by surrounding soil. However, sand compaction
columns have the following disadvantages: (1) friction angle

Figure 5.2 Soils suitable for vibro-compaction and vibro-replacement. (Bauman and
Bauer, 1974, with permission from Canadian Geotechnical Journal).
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of sand lower than that of stone, (2) casing penetration and
extraction inducing smear to surrounding soil, and (3) insuf-
ficient permeability as vertical drains during earthquake.

Stone columns have been widely used worldwide for sev-
eral decades. This technology has a long track record of
successful applications. Most design methods for granular
columns were developed based on stone columns. Installa-
tion of stone columns is fast and easy. They have higher
strength and stiffness than sand compaction columns but
lower values than concrete columns. Installation of stone
columns by bottom feeding does not generate spoil; however,
that by top feeding generates spoil, which is not environmen-
tally friendly.

Rammed aggregate columns have a relatively rapid instal-
lation procedure if holes are stable, have a high level of com-
paction, can prestress surrounding soil, can provide uplift
force with preinstalled anchor bars, and have an easy QC/QA
procedure. However, rammed aggregate columns have lim-
ited improvement depth and are difficult to be installed in
clean sands with a high groundwater table.

All the granular columns can provide drainage. However,
they are not suitable for very soft soil with undrained shear
strength lower than 15 kPa due to excessive bulging at low
confining stresses near ground surface.

Vibro-concrete columns have higher strength and modu-
lus because of the use of concrete. The installation process
is quick and does not produce spoil because it is a displace-
ment method by pressured air. They are more expensive than
granular columns.

Controlled modulus (stiffness) columns can have strength
and modulus according to project needs. Their strengths
and moduli are higher than those of granular columns. They
are installed fast with real-time monitoring and without any
vibration and spoil. There is no issue of hole collapse. It has
a low mobilization cost. However, they are more expensive
than granular columns. Installation may be difficult in soils
with rocks and boulders.

Geosynthetic-encased granular columns can be used in
very soft soil with undrained shear strength lower than 15 kPa
and as low as 5 kPa. Geosynthetic encasement increases the
stiffness of columns as compared with granular columns.
However, geosynthetic-encased columns are more expensive
and slower to install as compared with granular columns
without geosynthetic.

5.2 PRINCIPLES

5.2.1 Functions

Granular and concrete columns have served at least
one of the following functions: densification, load bear-
ing, reinforcement, stress distribution, and drainage in
geotechnical applications. The function of densification

is mostly done during the installation of columns and not
significant when the soil is saturated and cohesive. This func-
tion has been discussed in Chapter 3 for vibro-compaction
and a brief discussion is included in this section. Other
functions are served by the columns during their service.

Due to the higher strength and stiffness (or modulus) of
granular and concrete columns as compared with surround-
ing soils, columns often serve as load-bearing elements car-
rying a large portion to most of the load from superstructures
and transmit it to a deep competent layer or through side fric-
tion as piles; therefore, it is also referred to as a pile effect.
This effect increases the bearing capacities and reduces the
settlements of the soft soils.

Similar to steel-reinforced concrete, columns can also
serve as reinforcements to soft soils in the composite foun-
dation in which soft soils are the matrix. In the composite
foundation, columns and soils work together to share the
applied load and provide shear resistance against sliding.

Column-reinforced composite foundations have higher
equivalent strengths and stiffness, which help distribute ver-
tical loads to a wider area and reduce the distributed vertical
stresses onto the soft soils. This is the function of stress
distribution. As a result, possible failure of the underlying
soft soil is prevented and its deformation is reduced.

It is obvious that granular columns can serve as drainage
paths to soft soils. Concrete columns can also accelerate the
dissipation of excess pore water pressure in soft soils (Zheng
et al., 2011). Han and Ye (2001) found that the acceleration
of consolidation of stone column-reinforced composite foun-
dations is attributed to the drainage of the columns and the
reduction of the vertical stresses on soft soils. The acceler-
ation of consolidation of the composite foundations by low
permeable columns is mainly attributed to the reduction of
the vertical stresses on soft soils.

5.2.2 Densification

The basic principle of densification is the rearrangement of
particles into a denser state (i.e., the void ratio of geomate-
rial decreases). As a result, the modulus, strength, and resis-
tance to liquefaction of the geomaterial are increased, while
the permeability and collapsibility are reduced. Chapter 2
describes the principles of soil compaction and influence
factors. The first part of Chapter 3 discusses shallow com-
paction of unsaturated disturbed soil or fill. Chapter 3 also
discusses deep and intermediate compaction, which mostly
improves initially undisturbed unsaturated or saturated ge-
omaterials. In general, there are four principles of densifi-
cation: (1) densification under static or kneading pressure,
(2) densification under dynamic loading (vibration or im-
pact), (3) densification due to liquefaction, and (4) densifi-
cation due to consolidation. Static or kneading pressure is
effective for densifying cohesive geomaterial. Vibration or
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impact is effective for densifying unsaturated cohesionless or
collapsible geomaterial. Vibration or impact can also be used
to densify saturated cohesionless geomaterial by inducing
liquefaction to the material. Saturated cohesive geomaterial
is difficult to be densified immediately under pressure, vibra-
tion, and/or impact; however, saturated cohesive geomaterial
can be improved by consolidation that dissipates excess pore
water pressure.

5.2.3 Load Transfer Mechanisms

Equal Stress versus Equal Strain In geotechnical analy-
ses, there are two ideal loading and displacement condi-
tions: equal strain and equal stress. The equal strain condition
exists under rigid loading (e.g., rigid footing), while equal
stress exists under flexible loading (e.g., tire pressure). In a
column-reinforced soft foundation, columns carry a higher
stress than the soil under an equal strain (also equal settle-
ment on the columns, Scl and the soil, Ssl) condition due to
the modulus difference between columns and the surround-
ing soil (Figure 5.3). The ratio of the stress on the column
(𝛥σc) to that on the soil (𝛥σs) is defined as the stress con-
centration ratio (n), which is often used to describe the load
transfer between columns and soft soils. However, under an
equal stress condition, the columns and the soil carry the
same stress (i.e., the stress concentration ratio is equal to 1)
but have different settlements (i.e., Ssl > Scl). As a result,
there is a differential settlement between the columns and the
soil. A column-supported embankment not only has a stress
concentration ratio greater than 1.0 but also has a differential

settlement (e.g., Han and Gabr, 2002; Huang et al., 2009).
Therefore, a column-supported embankment has a condition
between equal strain and equal stress.

Unit Cells and Stress Concentration Ratio Unit cell,
which consists of one column and its surrounding soil, is
often used to analyze a column-reinforced soft foundation.
One-dimensional (1D) unit cell, which does not allow
lateral deformation of the column as shown in Figure 5.4(a),
has been mostly assumed by many researchers in their
theoretical developments and analyses in the past (e.g., Han
and Ye, 2001, 2002; Xie et al., 2009a, 2009b). Han and Ye
(2001) pointed out that an increase of a lateral stress from
the column affected the variation of the excess pore water
pressure in the surrounding soil. Castro and Sagaseta (2011)
and Jiang et al. (2013) found that the unit cell allowing
the column to have lateral deformation, 𝛿h as shown in
Figure 5.4(b) affected the settlement and the consolidation
rate of the column-reinforced soft foundation.

When a 1D unit cell is under an equal vertical strain con-
dition, it has the following relationship:

𝜀z =
Δ𝜎c

Dc
=
Δ𝜎s

Ds
(5.1)

where 𝜀z = vertical strain at a depth of z
𝛥𝜎c = vertical stress on the column
𝛥𝜎s = vertical stress on the soil
Dc = constrained modulus of the column
Ds = constrained modulus of the soil

Ssl Scl Ssl Ssl
Scl Ssl

Figure 5.3 (a) Equal strain-rigid loading versus (b) equal stress-flexible loading.

Scl = Ssl Scl = Ssl

Figure 5.4 (a) One-dimensional unit cells without and (b) with lateral deformation
of column.
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Stress concentration ratio is defined as the ratio of the stress
on the column to that on the soil, that is,

n1D =
Δ𝜎c

Δ𝜎s
=

Dc

Ds
(5.2)

where n1D is the stress concentration ratio under a 1D
condition.

Therefore, the stress concentration ratio is equal to the
constrained modulus ratio of the column to the soil under
an equal vertical strain condition.

When a unit cell under an equal vertical strain condition
allows the column to have lateral deformation, it has the
following relationship:

𝜀z =
Δ𝜎cz − 𝜈(Δ𝜎cx + Δ𝜎cy)

Ec
=
Δ𝜎sz − 𝜈(Δ𝜎sx + Δ𝜎sy)

Es
(5.3)

n3D ≠
Ec

Es
(5.4)

where

𝜀z = vertical strain at a depth of z
Δ𝜎cx, Δ𝜎cy, Δ𝜎cz = stresses on the column in the x, y, z

directions, respectively
Δ𝜎sx, Δ𝜎sy, Δ𝜎sz = stresses on the soil in the x, y, z direc-

tions, respectively
Ec = elastic modulus of the column
Es = elastic modulus of the soil

n3D = stress concentration ratio consider-
ing lateral deformation of the column
(i.e., a 3D condition)

Therefore, the stress concentration ratio is not equal to the
elastic modulus ratio of the column to the soil under an equal
vertical strain condition when column lateral deformation
is allowed. Since the column under a concentrated stress
deforms laterally toward the surrounding soil, the column
with the lateral deformation carries less vertical stress but the
surrounding soil carries more vertical stress than that in the
1D unit cell, respectively. As a result, the stress concentration
ratio considering column lateral deformation is lower than
that without considering lateral deformation, that is,

n3D < n1D (5.5)

Figure 5.5 shows that the stress concentration ratio with
no lateral deformation (i.e., 1D elastic column) at the end of
consolidation was equal to the elastic modulus ratio of the
column to the soil. The stress concentration ratio with a 3D
elastic column (i.e., allowing lateral deformation) was lower
than that with no lateral deformation.

Since columns and soils have different stress–strain rela-
tionships, the stress concentration ratio, n, is not constant and
depends on the properties of columns and soils and the stress
or strain level as shown in Figure 5.6. Figure 5.6 shows that

Figure 5.5 Stress concentration ratio under different conditions.
(after Castro and Sagaseta, 2011, with permission from Elsevier).

the stress concentration ratio first increases with the strain
and then decreases with the strain after the column yields.
The increase of the stress concentration ratio indicates the
stress transfer from the soil to the column while the decrease
of the ratio indicates the stress transfer from the column to the
soil. For flexible columns, the columns and the soft soil may
yield a similar strain level. For semirigid and rigid columns,
however, the columns often fail first before the soil mobi-
lizes its strength. Figure 5.5 shows that the foundation with
elastic-plastic columns had a much lower stress concentra-
tion ratio than that with elastic columns because the columns
yield at a lower stress. Figure 5.5 also shows that the stress
concentration ratio increased with time due to consolidation.
These findings are the same as those of Han and Ye (2001)
and Jiang et al. (2013).

Granular columns typically have stress concentration ra-
tios from 1.0 to 5.0 while concrete columns have the ratios
more than 10.0 when they are under rigid loading plates or
in geosynthetic-reinforced column-supported (GRCS) em-
bankments (Han, 2012). Castro et al. (2013) showed that the
stress concentration ratio for geosynthetic-encased granular
columns was up to 8.5, which was higher than that for gran-
ular columns without geosynthetic encasement. In addition,
the stress concentration ratio increases with the stiffness of
the geosynthetic.

Composite Foundation In design of pile foundations, all
loads are carried by piles and surrounding soils do not share
any load. Different from pile foundations, columns and soils,
which form a composite foundation, share the applied loads
and deform together. Most theories developed so far for com-
posite foundations are based on rigid loading and equal strain
conditions.
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Figure 5.6 Stress concentration ratio at different strain: (a) stress–strain relationship
and (b) stress concentration ratio.

Under rigid loading, the stress distribution on the columns
and the soil can be simplified as shown in Figure 5.7. Based
on the force equilibrium, the following relationship can be
established:

Δ𝜎z A = Δ𝜎s(Ae − Ac) + Δ𝜎c Ac (5.6)

where Δ𝜎z = average vertical stress applied on the com-
posite foundation

Ae = influence area (also called effective or tribu-
tary area) of one column

Δ𝜎s = vertical stress on the soil
Δ𝜎c = vertical stress on the column
Ac = cross sectional area of the column

Dividing Equation (5.6) by Ae on both sides yields

Δ𝜎z = Δ𝜎s(1 − as) + Δ𝜎cas (5.7)

Δσz

Δσc

Δσs

h Es Ec

Ae – Ac

Ac

Ae

Figure 5.7 Stress distribution model.

where as is the area replacement ratio, defined as the ratio of
the column cross-section area to the influence area.

Considering the stress concentration ratio (i.e.,
n = Δ𝜎c∕Δ𝜎s), Equation (5.7) can be rewritten as

Δ𝜎z = [(1 − as) + nas] Δ𝜎s = [1 + (n − 1)as] Δ𝜎s (5.8)

The stress on the soil is

Δ𝜎s = 𝜇 Δ𝜎z (5.9)

𝜇 = 1
1 + (n − 1)as

(5.10)

where 𝜇 is the stress reduction factor.
Equation (5.10) shows that the stress reduction factor is less

than 1, and an increase of the stress concentration ratio and/or
the area replacement ratio reduces this factor. In other words,
less stress is applied on the soil.

Assume the deformations of the column and the soil are
one dimensional and equal, that is,

𝜀c = 𝜀s = 𝜀z (5.11)

where 𝜀c = vertical strain of the column
𝜀s = vertical strain of the soil
𝜀z = average vertical strain

Dividing Equation (5.7) by Equation (5.11) results in

Eeq = Es(1 − as) + Ecas (5.12)

where Eeq = equivalent modulus of the composite foun-
dation

Es = soil modulus
Ec = column modulus

The above equation can also be expressed as

Eeq = [1 + (n − 1)as]Es (5.13)
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Figure 5.8 Stress transfer in column-supported embankment (modified from Simon and
Schlosser, 2006).

Stress Transfer Stress transfer between columns and soil in
the composite foundation depends on the rigidity of loading,
the rigidity of columns relative to soil, and the end-bearing
condition. Simon and Schlosser (2006) clearly illustrated
the load transfer and deformations in column-supported em-
bankments in Figure 5.8, which is considered an intermediate
condition between flexible loading and rigid loading. In this
illustration, the column is relatively rigid but deformable and
the bearing layer is not firm. There exist two equal settlement
planes in the system, one in the embankment fill and one
in the soft soil, if the embankment height is higher than the
critical height (hc). Based on the field measurements, Chen
et al. (2010) reported the critical heights in the embankments
were in the range of 1.0–1.5 times the clear spacing of the
columns. Based on the model and field tests, Filz et al. (2012)
developed a relationship of the critical height with the diag-
onal clear spacing and the diameter of the columns. Due to
the relative difference between the column settlement (Scl)
and the soft soil settlement (Ssl), the negative shear stress
(τ) (often referred as negative skin friction) develops along
the column between the upper and lower equal settlement
planes, but the positive shear stress develops below the lower
equal settlement plane. The negative shear stress increases
the average vertical stress (σc) in the column and reduces the
average vertical stress (σs) in the soft soil, which is higher
than the initial overburden stress (σz0) but lower than the
average vertical stress (σf ) with fill surcharge. Figure 5.8
also shows that the stress concentration ratios at different
depths are different. The vertical stresses above the column
and the soil at the upper equal settlement plane are equal,
while the highest stress concentration on the column exists at
the lower equal settlement plane. If the bearing layer is firm,
the lower equal settlement plane will be at the top of the bear-
ing layer. Under such a condition, all the shear stress will be
negative. The above load transfer mechanism was included
in the analytical model proposed by Chen et al. (2008). If

the column is flexible, low stress concentration occurs on the
column, the column may bulge, and less shear stress will de-
velop between the column and the soil to a limited depth.

Under flexible loading, the vertical stresses on the top of
the column and the soil are equal. However, the soil deforms
more than that of the column because of their difference in
the moduli. This behavior is similar to that under fill loading.
Therefore, the stress transfer between rigid columns and soil
is similar to that below the fill in Figure 5.8.

Under rigid loading, the column and the soil deform
equally in the vertical direction on the top; therefore, there
is no shear stress between the column and the soil. If the
bearing layer is firm, the differential settlement between
the column and the soil will be minimal; therefore, the
vertical stresses in the column and the soil remain constant
with depth. However, if the bearing layer is soft, a rigid
column may penetrate into the soft bearing layer. As a
result, positive shear stress will develop between the column
and the soil. If the column is flexible, the stress transfer is
dominated by lateral confinement. Near the ground surface,
since the overburden stress and the confining stress are low,
the flexible column will bulge within a certain depth. As
a result, the deeper portion of the column may not provide
much resistance to the applied load.

5.2.4 Failure Modes

Columns have been mostly used to carry vertical loads.
Sometimes, they are used to increase the shear resistance
of soft soils. Under certain circumstances, columns are sub-
jected to horizontal loads or movement, for example, during
excavation or under embankments. The failure modes of the
columns under different loading conditions are different.

Columns under a vertical compressive load transmit the
load through the surrounding soil by side friction or lateral
confinement. The possible failure modes are illustrated in
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(d)(b) (c)(a)

(2-3)dc
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Figure 5.9 Possible failure modes of individual columns subjected to vertical loads: (a) crushing, (b) shear,
(c) punching, and (d) bulging (modified from Barksdale and Bachus, 1983; Han and Ye, 1991).

Figure 5.9. Columns may crush when the applied load is
higher than the strengths of the concrete columns. This fail-
ure more likely happens to relatively brittle concrete columns
with an end-bearing condition. The shear failure may happen
to granular columns. The punching failure may happen to
short granular or concrete columns without an end-bearing
layer. Bulging failure more likely happens to granular
columns in soft soils within the top portion of two to three
times the diameter of the column. Rammed aggregate piers
have been used to provide uplift resistance by preinstalling
a steel plate at the bottom of the pier (Farrell et al., 2008).

Several researchers (e.g., Hughes and Withers, 1974;
Mckelvey et al., 2004; Najjar et al., 2010) investigated the
column critical length, below which the column length
does not provide any additional bearing capacity. From
these studies, it can be concluded that the critical lengths of
flexible columns (i.e., granular columns) mostly range from
four to six times the column diameter.

Columns under a horizontal load or movement provide
shear resistance or bending moment and may fail under shear,
bending, or rotation. Shear failure may happen to granular
columns. Bending failure may happen to concrete columns
especially when no steel reinforcement is included. Rotation
may happen to short concrete columns in soft soils. Rigid
inclusions can be installed inside columns to increase the
shear and bending resistance of columns (Zheng et al., 2009).
For geosynthetic-encased columns, another possible failure
mode is bursting of geosynthetic reinforcement.

5.3 DESIGN CONSIDERATIONS

In general, granular column-reinforced foundations are de-
signed as composite foundations while concrete columns are
designed as piles. In the composite foundation design, a unit
cell concept is often used for simplification. This section ad-
dresses the following design issues: (1) general rules (such
as backfill material, area of improvement, pattern, area re-
placement ratio, and depth of improvement, and diameter of
column), (2) bearing capacity, (3) settlement, (4) consolida-
tion, (5) stability, and (6) liquefaction.

5.3.1 General Rules

Backfill A rating system has been developed by Brown
(1977) to judge the suitability of backfill material for
vibro-replacement based on the settling rate of the backfill
in water and project experience using the suitability number
Table 5.1:

SN = 1.7

√
3

(D50)2
+ 1
(D20)2

+ 1
(D10)2

(5.6c)

Where D50, D20, and D10 are particle sizes of 50%, 20%, and
10% finer, respectively, in a unit of mm.

Patterns Three patterns of columns as shown in
Figure 5.10 have been commonly used in practice. When the
center-to-center spacing (s1) is equal to s2 in Figure 5.10(a),
it becomes a square pattern. When s1 is equal to s2 in
Figure 5.10(b), it becomes an equilateral triangular pattern.
Rectangular and triangular patterns are commonly used for
most foundations while the radial pattern is most suitable
for circular or ring foundations (e.g., tank foundations).

Diameter of Column The diameter of columns depends on
the equipment used to install the columns. Table 5.2 provides
the typical column diameters used in practice.

Area Replacement Ratio When columns are installed,
the area replacement ratio is defined as the ratio of the
cross-sectional area of a column to the tributary area of the
column, as shown in Figure 5.10, that is,

as =
Ac

Ae
= C

(
dc

s

)2

(5.7)

Table 5.1 Suitability of Backfill

Suitability
Number 0–10 10–20 20–30 30–40 >50

Rating Excellent Good Fair Poor Unsuitable

Source: Brown (1977).
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(a)

Tributary area, Ae

Ac

dc

Ass2

s2

s1s1

(b) (c)

Figure 5.10 Typical patterns of compaction probe points or columns: (a) rectangular,
(b) triangular, and (c) radial.

Table 5.2 Typical Diameters of Columns

Column Type Equipment for Installation Diameter (m)

Sand compaction columns Casing 0.6–0.8
Stone columns Vibro-probe 0.5–1.2
Rammed aggregate columns Auger and rammer 0.7–0.9
Vibro-concrete columns Vibro-probe 0.5–0.6 (shaft) and 0.6–0.9 m

(head and base)
Controlled modulus (stiffness) columns Reverse flight auger 0.3–0.5
Geosynthetic-encased columns Closed casing or open casing with auger 0.7–0.9

where as = area replacement ratio
Ac = cross sectional area of the column
Ae = tributary area of the column
dc = diameter of the column
s = center-to-center spacing between columns in

a square or equilateral triangular pattern
C = constant (𝜋/4 or 0.785 for a square pattern or

𝜋∕(2
√

3) or 0.907 for an equilateral triangular
pattern)

Area replacement ratios for granular columns without geo-
synthetic encasement typically range from 0.1 to 0.4. Larger
ratios are used for very soft or loose soil. Geosynthetic-
encased granular columns are typically designed with area
replacement ratios from 0.1 to 0.2 (Alexiew and Thomson,
2013). Concrete columns are typically installed with area
replacement ratios of 0.05–0.15, based on the cross sectional
area of column shafts.

Depth of Improvement Depth of improvement should be
determined based on site conditions, soil properties, and per-
formance requirements. The following rules may be followed
in the determination:

• When a firm stratum exists at a relatively shallow depth,
the depth of improvement should reach this stratum.

• When a firm stratum exists at a relatively deep depth,
the depth of improvement should be determined to meet

performance requirements, such as bearing capacity,
settlement, slope stability, and liquefaction.

• Typical depth of improvement ranges from 5 to 15 m.

Area of Improvement The area of improvement should be
determined based on site conditions and importance of su-
perstructures. In general, the area of improvement should
be larger than footprints of footings. Under a general con-
dition, one to two rows of columns may be installed outside
of a footing. On a liquefiable soil site, two to four rows of
columns may be installed outside of a footing.

5.3.2 Densification Effect

The densification effect by vibro-compaction is discussed in
Chapter 3. The method for determining the required spacing
of granular columns to reduce the void ratio of a soil from its
initial value to the target value is presented in Section 3.7 of
Chapter 3. Readers are encouraged to review that section to
understand the principles and design of granular columns for
this application. Sand compaction columns can also be used
to densify cohesionless soil by driving a vibratory casing to
displace the surrounding soil. The method for volume change
by vibro-compaction with backfill can be used to analyze
the densification effect on the surrounding soil. In addition,
Figure 5.11 can be used to estimate the SPT N values midway
between sand compaction columns (N1) and in the center of
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(a)  (b)

Figure 5.11 SPT N values after installing sand compaction columns: (a) midway between columns and (b) center of
columns (modified from Kensetsu Kikai Chosa Co.).

sand compaction columns (N2). The SPT N values depend
on the initial SPT N values (N0), the area replacement ratio
(as), and the location (between or in the center of columns).
It is shown that an increase of the initial SPT N value (N0)
or the area replacement ratio (as) increases the SPT N value
after installation (N1 or N2). In addition, the SPT N value in
the center of the columns (N2) is higher than that midway
between columns (N1).

Kensetsu Kikai Chosa Co. suggested the average weighted
SPT N value including the sand compaction column and the
surrounding soil as follows:

Neq = asN2 + (1 − as)N1 (5.8)

where Neq = average weighted (equivalent) SPT N value
N1 = SPT N value in the surrounding soil
N2 = SPT N value in the sand compaction column

5.3.3 Bearing Capacity

Granular Columns Brauns (1978) proposed a simplified
method to estimate the ultimate bearing capacity of an indi-
vidual stone column in saturated soft soil under an undrained
condition based on an axisymmetric model as shown in
Figure 5.12. This method considers a passive shear failure
from the column to the surrounding soil. It is assumed:
(1) the interface between the column and the soil is smooth,
(2) no circumferential (hoop) stress exists, and (3) no
self-weight is considered for the column and the soil. Based

Figure 5.12 Individual column failure mode.

on the force equilibrium, it results in the following formula:

𝜎r =
(
Δ𝜎s +

2cu

sin 2Ψ

)(
1 +

tanΨp

tanΨ

)
(5.9)

where 𝜎r = lateral stress from the surrounding soil
Δ𝜎s = vertical stress on the soil
cu = undrained shear strength of the soil
Ψp = passive failure plane angle within the column

(i.e., Ψp = 45∘ + 𝜙c∕2)
Ψ = failure plane angle within the soil
𝜙c = friction angle of the column

Considering the passive shear failure of the column, it has

Δ𝜎c = 𝜎rKp (5.10)
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Table 5.3 Ultimate Bearing Capacity of Individual Stone Column

cu (kPa) Soil Type K′ K′ Kp Reference

19.4 Clay 4.0 25.2 Hughes and Withers (1974)
19.0 Clay 3.0 15.8–18.8 Mokashi et al. (1976)
— Clay 6.4 20.8 Brauns (1978)
20.0 Clay 5.0 20.0 Mori (1979)
— Clay 5.0 25.0 Broms (1979)
15.0 to 40.0 Clay — 14.0–24.0 Han (1992)
— Clay — 12.2–15.2 Guo and Qian (1990)

Source: Ye et al. (1994).

where Kp is the passive earth pressure coefficient, that is,
tan2Ψp.

In Equation (5.9) σr changes with the failure plane angle,
Ψ. The maximum lateral resistance can be solved by deter-
mining the critical angle from the following mathematical
operation:

𝜕𝜎r

𝜕Ψ
= 0 (5.11a)

Δ𝜎s

2cu
tanΨp = −

tanΨ
tan 2Ψ

−
tanΨp

tan 2Ψ
−

tanΨp

sin 2Ψ
(5.11b)

From Equation (5.11b), the critical angle,Ψ, can be solved,
and then it is input into Equations (5.9) and (5.10) to obtain
the ultimate bearing capacity of the column with the vertical
stress (𝛥𝜎s) on the surrounding soil.

If the vertical stress on the surrounding soil is equal to zero,
Equation (5.11b) can be simplified into

tanΨp = 1∕2 tanΨ(tan2Ψ − 1) (5.12)

The friction angles of stone columns mostly range from
35∘ to 45∘ (Greenwood, 1970; Munfakh et al., 1983). If 𝜙c is
assumed to be 38∘ (a typical value),Ψ = 61∘ and the ultimate
bearing capacity of the individual stone column is

qult,c = 20.75cu (5.13)

Other solutions were also obtained by different researchers.
From most of the solutions, below is a common equation for
the lateral soil resistance:

𝜎r = 𝜎r0 + Klcu (5.14)

where 𝜎r0 = lateral soil stress induced by the overburden
stress

Kl = constant obtained by different researchers

The ultimate bearing capacity of the individual stone col-
umn can be expressed as follows:

qult,c = (𝜎r0 + Klcu)Kp = K′Kpcu (5.15)

where K′ is a constant considering the effect of 𝜎r0, which is
not significant at a shallow depth.

Table 5.3 shows the constants (K′Kp) from different re-
searchers, which range from 12 to 25. The lower value is
used for granular columns with a low friction angle (such as
sand compaction columns), while the higher value is used for
granular columns with a high friction angle (such as rammed
aggregate columns). It is recommended that the following
formula be used to approximately estimate the ultimate bear-
ing capacity of an individual stone column:

qult,c = 20cu (5.16)

Since granular columns and the surrounding soil mobilize
their strengths at a similar strain level, the ultimate bearing
capacity (qult ) of a granular column-reinforced composite
foundation can be estimated as follows:

qult = qult,cas + qult,s(1 − as) (5.17)

where qult,s is the ultimate bearing capacity of the surround-
ing soil, which can be estimated as 5cu as suggested by
Barksdale (1987).

Concrete Columns The ultimate load capacity (Qult,c) of
a single concrete column can be estimated using the same
method for a single rigid pile, that is,

Qult,c = fsAs + qtAt (5.18)

where fs = side friction
qt = toe resistance
As = surface area of the column
At = toe cross-sectional area of the column

For some concrete columns, for example, VCC, the toe area
is larger than the column shaft area.

The side friction under an undrained condition can be esti-
mated by the α method, that is,

fs = 𝛼cu (5.19a)

where α is the interface reduction factor, mostly ranging from
0.5 to 1.0. A smaller value may be used for a replacement
method but a larger value may be used for a displacement
method.
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The side friction under a drained condition can be esti-
mated by the 𝛽 method, that is,

fs = 𝛽i𝜎
′
z0 (5.19b)

where 𝛽i = K tan 𝛿i
𝜎
′
z0 = effective overburden stress

K = coefficient of lateral earth pressure, typically
ranging from 0.5 to 1.0 K0 (a smaller constant
may be used for a replacement method but a
larger value may be used for a displacement
method)

K0 = coefficient of lateral earth pressure at rest
𝛿i = interface friction angle, mostly equal to 0.8 to

1.0 times the soil effective friction angle, 𝜙′

The toe resistance under an undrained condition is

qt = N∗
c cu ≈ 9cu (5.20a)

The toe resistance under a drained condition is

qt = 0.5dcN∗
𝛾
+ 𝜎

′
DN∗

q (5.20b)

where dc = diameter of column
𝜎
′
D = effective overburden stress at the depth of

the column toe

N∗
𝛾
, N∗

q are provided in Table 5.4

The ultimate load capacity of an individual column should
be limited by the unconfined compressive strength of the
concrete, that is,

Qult,c ≤ quAc (5.21)

where qu = unconfined compressive strength of the con-
crete (typically 20 MPa at 28 days)

Ac = cross-sectional area of the column head

The ultimate load capacity (qult) of a concrete column-
reinforced composite foundation can be estimated using the
method proposed by Poulos (2001) for a piled raft foundation
as shown in Figure 5.13, which is the lesser of the following
two load capacities: (1) the sum of the load capacities of
the raft and all the concrete columns and (2) the sum of the
load capacities of the equivalent pier and the raft outside
the periphery of the pier (the capacity of the equivalent pier

qult,s qult,s

Qult,p

Qult,c

Figure 5.13 Concrete column-reinforced composite foundation.

can be estimated as an individual column using the methods
discussed above):

Qult =
∑

Qult,ci + qult,sAsr (5.22a)

Qult = Qult,p + qult,sAso (5.22b)

where Qult,ci = individual column ultimate load capacity
qult,s = ultimate bearing capacity of soil
Asr = area of soil under the raft
Qult,p = ultimate load capacity of the equivalent

pier (the same above procedure used to cal-
culate the ultimate load capacity of the pier
by treating the pier as an individual col-
umn)

Aso = area of soil outside the periphery of the pier

In the preceding calculations, the α method should be
used to calculate the side friction under an undrained con-
dition (𝛼 = 1 for an equivalent pier) while the β method
should be used under a drained condition. Undrained shear
strength should be used to calculate the toe resistance under
an undrained condition while effective friction angle should
be used under a drained condition.

5.3.4 Settlement

Granular Columns Han (2010) summarized the methods
for calculating the settlement of granular column-reinforced
foundations, including (1) the stress reduction method

Table 5.4 N∗
𝜸
and N∗

q

𝜙
′(∘) 20 22 24 26 28 30 32 34 36 38 40 42 44 46

N∗
𝛾

3.3 4.3 5.8 7.4 10 14 19 24 32 48 66 90 120 180
N∗

q 13 16 21 26 33 42 54 69 90 130 170 220 290 400

Sources: Vesic (1975) and Vesic (1977).
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(Aboshi et al., 1979), (2) the improvement factor method
(Priebe, 1995), and (3) the elastic-plastic method (Pulko and
Majes, 2005 and Castro and Sagaseta, 2009).

Stress Reduction Method The settlement of a natural
foundation under a large loading area (i.e. the width of the
loading area is at least three times the thickness of the soft
soil) is

S = mv,sΔ𝜎zh (5.23)

where mv,s = coefficient of volume compressibility natural
soil

Δ𝜎z = additional vertical stress
h = thickness of soil layer

When the loading area is relatively small (i.e., the width of
the loading area is less than three times the thickness of the
soft soil), Equation 2.53 or 2.54 should be used to estimate
the settlement instead.

The coefficient of volume compressibility of soil can be
determined from consolidation tests as discussed in Chapter
2 or by the following relationship:

mv,s =
1

Ds
=
(1 + vs)(1 − 2vs)

Es(1 − vs)
(5.24)

where Ds = constrained modulus of soil
Es = elastic modulus of soil
vs = Poisson’s ratio of soil

The constrained modulus of soil can also be estimated for
a normally consolidated soil by

Ds =
2.30(1 + e0)𝜎′z0

Cc
(5.25)

where e0 = initial void ratio of the soil
𝜎
′
z0 = effective overburden stress

Cc = compression index of the soil

Near the ground surface, the soil is likely overconsolidated.
Under such a condition, the recompression index, Cr, should
be used instead of Cc if the total stress is less than the pre-
consolidation stress.

The settlement of a composite foundation based on the
compression of the soil is

S′ = m′
v,sΔ𝜎s h = m′

v,s𝜇 Δ𝜎z h (5.26)

where m′
v,s = coefficient of volume compressibility of soil

after column installation
𝜇 = stress reduction factor, as defined in

Equation (5.10)
Δ𝜎z = additional vertical stress
h = thickness of soil layer

The settlement ratio of the composite foundation to the
natural foundation is

S′

S
=

m′
v,s

mv,s
𝜇 (5.27)

For soft soils, their coefficients of volume compressibility
before and after column installation do not change much. As-
sume m′

v,s = mv,s and then Equation (5.27) can be simplified
into

S′

S
= 𝜇 (5.28)

or

S′ = 1
1 + as(n − 1)

S (5.29)

Barksdale and Bachus (1983) developed an empirical de-
sign chart as shown in Figure 5.14 to determine the stress
concentration ratio, which can be approximated as follows
for the average ratio (Han, 2010):

n = 1 + 0.217

(
Ec

Es
− 1

)
(5.30)

where Ec = elastic modulus of the column
Es = elastic modulus of the soil

Based on field data, the modulus ratio (Ec∕Es) should be
limited to 20. The typical stress concentration ratio for gran-
ular columns under rigid loading ranges from 2 to 4; however,
that under embankment loading ranges from 1 to 2.

Improvement Factor Method Priebe (1995) proposed
a basic improvement factor method to calculate the set-
tlement of stone column-reinforced soft foundations by a

Figure 5.14 Stress concentration ratio versus modulus ratio.
(modified from Barksdale and Bachus, 1983).



DESIGN CONSIDERATIONS 147

Figure 5.15 Improvement factor versus area replacement ratio.
(drawn from Priebe, 1995).

vibro-replacement method considering rigid and incom-
pressible columns with a bulging over the column length as
follows:

S′ = 1
If
, If = 1 + as

[
5 − as

4
(
1 − as

)
tan2(45∘ − 𝜙c∕2)

− 1

]
(5.31)

where If = improvement factor, which is also shown in
Figure 5.15

𝜙c = friction angle of the column material

Priebe (1995) also suggested the consideration of the col-
umn compressibility and overburden stress in addition to the
basic improvement factor. The formulas and design charts for
such consideration, referred to as a modified improvement
factor method, can be found in Priebe (1995). However, the
basic improvement factor method is more commonly used in
practice.

Elastic-Plastic Method Pulko and Majes (2005) and Cas-
tro and Sagaseta (2009) proposed the methods to calcu-
late the settlement of the granular column-reinforced soft
foundation based on elastic-plastic constitutive models. In
their methods, the soft soil is assumed to be linearly elas-
tic while the granular columns are assumed to be linearly
elastic–perfectly plastic following the Mohr–Coulomb fail-
ure criterion with a constant dilatancy angle. The plasticity
starts with the upper portion of the column and can extend
deeper to the whole length of the column with an increase of
the applied load. This method is theoretically sound but more
complicated for use in practice.

Among all the preceding methods, Priebe (1995) is still
a favorable method to estimate the settlement of stone
column-reinforced soft foundations in practice (McCabe
and Egan, 2010).

Figure 5.16 Equivalent pier in the piled raft method: (a) column
group and (b) equivalent pier.

Concrete Columns The settlement of soft foundations im-
proved by end-bearing concrete columns should not be an
issue in most cases. However, if concrete columns are not
end bearing, the settlement may become an issue. The set-
tlement of concrete column-reinforced soft foundations can
be estimated using the method for piled rafts or pile groups.
Horikoshi and Randolph (1999) and Poulos (2001) proposed
simplified design methods to calculate the settlement of piled
rafts, which are based on pile–raft interaction. Horikoshi and
Randolph (1999) used the equivalent pier concept for the
piled raft method as shown in Figure 5.16. To ensure the
suitability of this method, a Rf factor should be calculated
first, which is Rf = (Ncls/Lc)0.5, where Ncl is the number of
columns, s is the center-to-center spacing of columns, and Lc
is the column length). If the Rf factor is less than 2, the equiv-
alent pier approach is suitable. In this method, the equivalent
modulus can be calculated by

Eeq = Es + (Ec − Es)
Atc

Ag
(5.32)

where Eeq = equivalent modulus of the pier
Atc = total cross-sectional area of all individual

columns
Ag = total area of the column group, including

all individual columns and the soil between
columns

The stiffness of the pier–raft system in Figure 5.16(b) can
be calculated by

Kpr =
Peq + Pr

Spr
=

Keq + Kr(1 − 2𝛼pr)

1 − (Kr∕Keq)𝛼2
pr

(5.33)

where Kpr = stiffness of the pier–raft system
Peq = load carried by the equivalent pier
Pr = load carried by the raft
Spr = settlement of the pier–raft system
Keq = stiffness of the equivalent pier
Kr = stiffness of the raft on the soil
𝛼pr = pier–raft interaction factor
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The settlement of the column-reinforced soft foundation,
S′ or Spr, can be calculated as the total applied load (i.e., P =
Peq + Pr) divided by the stiffness of the pier-raft system, Kpr.

The stiffness of the raft on the soft soil without columns
(assuming a rigid raft) is

Kr =
Pr

S
=

EsAr

(1 − 𝜈
2
s )BrIs

(5.34)

where Pr = load carried by the raft
S = settlement of the raft
Ar = area of the raft
Br = width or diameter of the raft
Is = influence factor (0.88 for a square raft or

0.79 for a circular raft)
𝜈s = Poisson’s ratio of the soil

The pier–raft interaction factor is

𝛼pr = 1 −
ln(rr∕req)
ln(rm∕req)

(5.35)

where rr = radius of the equivalent raft in a circular shape
req = radius of the equivalent pier
rm = maximum influence radius of an individual

pile, which can be determined as follows:

rm = Crc + {0.25 + 𝜉[2.5𝜌(1 − 𝜈s) − 0.25]}Lc (5.36)

where 𝜉 = GL∕Gb
𝜌 = Gavg∕GL
GL = shear modulus of the soil at the base of

columns
Gb = shear modulus of the soil below the base of

columns
Gavg = average shear modulus of the soil within the

length of columns
Lc = length of the columns
rc = radius of the column
C = 0 if Lc/rc > 5 or 5 if Lc/rc ≤ 5

The stiffness of the equivalent pier is

Keq = GLreq

⎡⎢⎢⎢⎢⎢⎣

4𝜂(
1 − 𝜈s

)
𝜉

+ 𝜌 ⋅
2𝜋
𝜁

⋅
tanh(𝜇LLeq)

𝜇LLeq
⋅

Leq

req

1 + 1
𝜋𝜆

⋅
4𝜂

(1 − 𝜈s)𝜉
⋅

tanh(𝜇LLeq)
𝜇LLeq

⋅
Leq

req

⎤⎥⎥⎥⎥⎥⎦
(5.37)

where 𝜂 = req,b∕req
req,b = radius of the equivalent pier at the base
Leq = length of the equivalent pier (= Lc)
𝜁 = ln(rm,p/req), rm,p is the maximum influence

radius of the pier calculated by Eq. (5.36)
using req instead of rc.

𝜇LLeq =
√

2∕(𝜉𝜆)(Leq∕req)

𝜆 = Eeq∕GL

For a uniform equivalent pier, 𝜂 = 1.
The stress distribution method for pile groups included in

AASHTO (2006) may also be used for this purpose. Readers
are referred to AASHTO (2006) for details.

5.3.5 Consolidation

Granular Columns Han and Ye (2001) developed a sim-
plified solution for the consolidation rate of a free-draining
stone column-reinforced soft foundation unit cell as shown
in Figure 5.17. The excess pore water pressure in the soft
soil dissipates due to vertical and radial drainages. When the
water reaches the free-draining stone column, it is assumed
to dissipate immediately. It is also assumed that the stone
column and the soil deform one dimensionally at the same
strain, that is,

𝜕es

1 + es
=

𝜕ec

1 + ec
(5.38)

where es is the void ratio of the soil and ec is the void ratio
of the column.

The pressure 𝛥σz is applied instantaneously on the top of
the cell and shared by the column and the soil as follows:

Δ𝜎sAs + Δ𝜎cAc = Δ𝜎zAe (5.39)

where Δ𝜎s = average vertical stress in the soil
Δ𝜎c = average vertical stress in the column

Figure 5.17 Consolidation model with a free-draining stone
column.
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From Equation (5.38), the following relationship can be
obtained:

𝜕𝜎
′
s =

mv,c

mv,s
𝜕𝜎

′
c (5.40)

where 𝜎
′
s = average effective stress in the soil

𝜎
′
c = average effective stress in the column

mv,c = volumetric compressibility of the column in
the vertical direction, and

mv,s = volumetric compressibility of the soil in the
vertical direction

Combining Equations (5.39) and (5.40) and considering
the total stress in the soil 𝜎s = 𝜎

′
s + u result in the following

equation:

𝜕𝜎
′
s

𝜕t
= −

mv,c

mv,s

As

Ac

𝜕𝜎s

𝜕t
= −

mv,cAs

mv,cAs + mv,sAc

𝜕u
𝜕t

(5.41)

where u is average excess pore water pressure in the soil.
Based on the basic concept that the volume change of

the soil is equal to the water discharge from the soil, the
following equation can be obtained.

kr

𝛾w

(
1
r
𝜕u
𝜕r
+ 𝜕

2u
𝜕r2

)
+

kv

𝛾w

𝜕
2u
𝜕z2

=
mv,smv,c(1 − as)

mv,c(1 − as) +mv,sas

𝜕u
𝜕t

(5.42)

crm

(
1
r
𝜕u
𝜕r
+ 𝜕

2u
𝜕r2

)
+ cvm

𝜕
2u
𝜕z2

= 𝜕u
𝜕t

(5.43)

where

crm = cr

(
1 + n

1

N2
D − 1

)
= cr

(
1 + n

as

1 − as

)

cvm = cv

(
1 + n

1

N2
D − 1

)
= cv

(
1 + n

as

1 − as

)
cr = the coefficient of consolidation of soft soil in the

radial direction, i.e., kr∕(𝛾wmv,s)
crm = the modified coefficient of consolidation of soft soil

in the radial direction
cv = the coefficient of consolidation of soft soil in the

vertical direction, i.e., kv∕(𝛾wmv,s)
kv = permeability of the soil in the vertical direction
kr = permeability of the soil in the radial direction
𝛾w = unit weight of water
u = excess pore water pressure at a distance r
ND = the diameter ratio, defined as the ratio of the influ-

ence diameter (de) to the column diameter (dc = 2rc)
in a unit cell, and

n = stress concentration ratio at the end of consolidation.
This stress concentration ratio can be estimated us-
ing Figure 5.14 but should be limited to not more
than 5.0.

Equation (5.43) is the same as that presented in Chapter 7
in terms of format for vertical drains; therefore, the Terzaghi
one-dimensional solution can be used for the vertical flow
while the Barron solution (Barron, 1948) can be used for the
radial flow.

Terzaghi (1943) suggested the following approximate
relationships for the degree of soil consolidation under
one-dimensional vertical flow:

For Uv = 0 to 52.6%, Uv =
√

4Tv

𝜋

(5.44a)

For Uv > 52.6%, Uv = 1 − 0.81 × 10−1.07Tv (5.44b)

where Uv = average degree of consolidation due to verti-
cal flow, and

Tv = time factor due to vertical flow (i.e., Tv =
cvt∕h2

dr, t is time and hdr is longest drainage
distance due to vertical flow)

Barron (1948) proposed the following solution for the de-
gree of consolidation due to radial flow towards a free-
draining sand drain:

Ur = 1 − e
− 8

F(ND)
Tr
, F(ND) =

N2
D

N2
D − 1

ln(ND) −
3N2

D − 1

4N2
D

(5.45)

where Ur = average degree of consolidation due to radial
flow

ND = diameter ratio (i.e., ND = de∕dc)
de = equivalent diameter of a unit cell
dc = diameter of a sand drain; and
Tr = time factor due to radial flow, (i.e., Tr =

crt∕d2
e ).

The overall degree of consolidation of soil due to vertical
and radial flows can be calculated as follows (Carillo, 1942):

Uvr = 1 − (1 − Uv)(1 − Ur) (5.46)

where Uvr = overall degree of consolidation
Uv = degree of consolidation in a vertical direction
Ur = degree of consolidation in a radial direction

For granular column-reinforced foundations, the modi-
fied coefficient of consolidation of soft soil in the verti-
cal direction, cvm, can be used to calculate the time factor
for Terzaghi’s solution for the degree of one-dimensional
consolidation, as Tvm = cvmt∕h2

dr. The modified coefficient of
consolidation of soft soil in the radial direction, crm, can be
used to calculate the time factor for Barron’s solution (Bar-
ron, 1948) for the degree of radial consolidation as Trm =
crmt∕d2

e .
The modified coefficients of consolidation of soft soil ac-

counts for the contribution of the stress concentration on the
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Figure 5.18 Dissipation of excess pore water pressure (after Han
and Ye, 2001, with permission from ASCE).

columns due to the modulus difference between column and
soil. Figure 5.18 shows that the rate of pore water pressure
dissipation or consolidation is contributed not only by the
drainage of the column but also by the stress reduction on
the soft soil. During the consolidation, the stress on the soil
is transferred to the column so that the stress on the soil
decreases thus the excess pore water pressure in the soil is
released.

Han and Ye (2002) also developed a simplified solution
for consolidation degree of a stone column-reinforced soft
foundation unit cell with smear and well resistance, as shown
in Figure 5.19, as follows:

U = 1 − exp

(
− 8

F′m
Trm

)
(5.47)

Drainage surface

Drainage surface

kvks

kr

re

r

kc

rc
rs z

de

hdr

Δσz

2hdr

Drain well

Figure 5.19 Unit cell model for stone column-reinforced soft
foundation (after Han and Ye, 2002, with permission from ASCE).

F′m =
N2

D

N2
D − 1

(
ln
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NS
+

kr

ks
ln NS −

3
4

)

+
N2

S

N2
D − 1

(
1 −

kr

ks

)(
1 −

N2
S

4N2
D

)

+
kr

ks

1

N2
D − 1

(
1 − 1

4N2
D

)
+ 32

𝜋2

(
kr

kc

)(
hdr

dc

)2

(5.48)

where NS = ds∕dc, the diameter ratio of the smeared zone
to the stone column

ds = diameter of the smeared zone (= 2rs)
dc = diameter of the column (= 2rc)
kr = permeability of the undisturbed surrounding

soil in the radial direction
ks = permeability of the smeared soil in the radial

direction

Baez and Martin (1995) and Boulanger et al. (1998) in-
dicated that the intrusion of native soil into stone columns
during field installation could reach 20% by weight. Field
injection tests indicated the ratio of the permeability of stone
columns to that of the native soil ranging from 15 to 40
while laboratory tests indicated this ratio from 40 to 100. Han
(2010) used the formula for the permeability of a granular
drain with fine contents in the FHWA Highway Subdrainage
Design manual (Moulton, 1980) to estimate the permeability
of granular columns as follows:

k =
2.19(D10)1.478n6.654

p

(P200)0.597
(5.49)

where k = permeability of the granular column (unit:
m/s)

D10 = effective grain size corresponding to 10%
passing the sieve size (unit: mm)

P200 = percentage of particles passing U.S. No. 200
sieve

np = porosity of the stone column = 1 − 𝛾d

𝛾wGs

𝛾d = dry unit weight of the stone column
𝛾w = unit weight of water
Gs = specific gravity

This formula was originally developed for granular bases
and subbases for roadway applications and should be further
verified for stone columns.

Han (2010) used D10 = 5μm for clay particles when stone
columns are installed in clay. Due to the insufficient field data
to separate smear and well resistance effects, Han (2010)
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combined these two effects into the well resistance. As a
result, Equation (5.48) can be simplified into:

F′m =
N2

D

N2
D − 1

(
ln ND −

3
4

)
+ 1

N2
D − 1

(
1 − 1

4N2
D

)

+32
𝜋2

(
kr

kc

)(
hdr

dc

)2

(5.50)

Han (2010) found that the solution considering the well re-
sistance effect better predicted the rate of settlement as com-
pared with the field data than the solution without any well
resistance.

Xie et al. (2009b) derived a solution for the degree of con-
solidation of the stone column-reinforced foundation consid-
ering the variation of the permeability of the surrounding soil
from the interface between the column and the surrounding
soil to the boundary of a unit cell. Determination of such vari-
ations in the field is a challenging task. Xie et al. (2009a)
also considered a step or ramp loading situation, which is
useful to simulate the construction load, such as the filling
of an embankment. In addition to a step or ramp loading,
Wang (2009) developed a solution for the degree of consoli-
dation for the stone column-reinforced foundation subjected
to a cyclic loading, which may be useful to simulate traf-
fic loading. Both Xie et al. (2009a) and Wang (2009) com-
pared their solutions to that of Han and Ye (2002) under an
instantaneous load and resulted in good agreement. All the
above-mentioned solutions were developed based on the as-
sumptions of equal strain and one-dimensional vertical elas-
tic deformation in the column and the soil.

Castra and Sagaseta (2009) developed their solutions con-
sidering lateral deformation of stone columns under a vertical
load. The lateral deformation of the column reduces the load
carried by the column and slows down the rate of consoli-
dation. In addition, Castra and Sagaseta (2009) treated the
stone column as a linearly elastic, perfectly plastic material.
The upper portion of the column can yield under a certain
load and the plastic zone can extend from the top to the bot-
tom of the column when the applied load is increased. They
also developed modified coefficients of consolidation based
on elastic and plastic deformations. However, the Castra and
Sagaseta (2009) solutions did not consider smear and well
resistance effects on the degree of consolidation of the stone
column-reinforced foundation.

Concrete Columns The rate of consolidation of a con-
crete column-reinforced foundation with an end-bearing
condition should not be a design concern because the con-
crete columns carry a majority of the load and the settlement
happens immediately. When concrete columns partially

penetrate into the soft soil, the rate of consolidation can be
an issue. Zheng et al. (2011) showed that the excess pore
water pressure in the soft clay between CFG rigid columns
dissipated rapidly after each embankment loading. Research
is needed to develop a solution for the rate of consolidation of
a concrete column-reinforced foundation with partial column
penetration.

5.3.6 Stability

Granular Columns The most likely failure mode of granu-
lar columns under embankments is shear failure. In practice,
it is common to use equivalent parameters (cohesion, ceq, and
friction angle, ϕeq) for granular column-reinforced soft foun-
dations in stability analysis. The equivalent parameters for
the composite foundation are estimated based on the area av-
erage of these parameters from granular columns and the soft
soil (e.g., Cooper and Rose 1999, Abusharar and Han, 2011)
as follows:

ceq = cs(1 − as) (5.51)

𝜙eq = arctan[as tan𝜙c + (1 − as) tan𝜙s] (5.52)

where cs = soil cohesion
𝜙s = soil friction angle
𝜙c = column friction angle
as = area replacement ratio
ceq = equivalent cohesion
𝜙eq = equivalent friction angle

Under embankment loading as shown in Figure 5.20, nu-
merical analysis using the strength reduction method showed
that the factor of safety of an embankment over an individual
granular column-reinforced foundation was approximately
90% that of the embankment over a composite foundation
with the equivalent parameters under an undrained condition
(Abusharar and Han, 2011).

Zhang et al. (2013) confirmed Abusharar and Han’s (2011)
finding for an undrained condition; however, they found that
under a drained condition, the factors of safety calculated
by the individual column and equivalent area methods are
almost the same.

Priebe (1978) proposed a method to account for the effect
of stress concentration ratio, n, on the equivalent friction
angle:

𝜙eq = arctan[𝜔f tan𝜙c + (1 − 𝜔f ) tan𝜙s] (5.53)

𝜔f =
asn

1 + as(n − 1)
(5.54)

Typically, the value of 𝜔f is within a range of 0.4–0.6.
However, Zhang et al. (2013) found that the consideration
of the effect of stress concentration ratio is not conservative
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Figure 5.20 Stability of granular column-supported embankments: (a) individual column and (b) equivalent area
(modified from Abusharar and Han, 2011 with permission from Elsevier).

because the stress concentration ratio approaches 1.0 at the
state of failure.

Concrete Columns The most likely failure modes of con-
crete columns under embankments are rotational and bend-
ing failure. Zheng et al. (2010) investigated numerically the
stability of embankments over rigid column-reinforced foun-
dations. They found that the bending moments and shear
forces in the rigid columns increased with the increase of
the embankment load. The bending failure happened pro-
gressively on the rigid columns. In the soft soil, after the
bending failure of the column at a certain depth, the portion
of the column above the failure location would rotate and still
provide resistance to the stability of the embankment. In the
relatively firm soil, the second bending failure might occur in
the upper portion of the column. Further research is needed
to develop simplified solutions for analyzing the stability of
rigid column-supported embankments.

5.3.7 Liquefaction

The columns installed in liquefiable soil may have the follow-
ing three effects: (1) increase cyclic resistance ratio (CRR)
by densfying the soil, (2) reduce cyclic stress ratio (CSR) by
stiffer columns, and (3) dissipate excess pore water pressure
quickly by granular columns.

The increase of CRR can be considered by increasing the
SPT N value as shown in Figure 5.11 or back-calculated from
the increased relative density, Dr.

Seed and Booker (1977) proposed a simple radial consol-
idation analytical model to analyze the dissipation of excess
pore water pressure through gravel drains. The governing
equation for free-draining gravel drains is as follows:

kr

𝛾wmv,s

(
𝜕

2u
𝜕r2

+ 1
r
𝜕u
𝜕r

)
= 𝜕u

𝜕t
−

𝜕ug

𝜕Ncyc

𝜕Ncyc

𝜕t
(5.55)

where u = excess pore water pressure
ug = pore water pressure generated by the alternat-

ing shear stresses
Ncyc = number of cycles of alternating shear stress

The limitations of this method are: (1) it assumes infinite
column permeability and (2) mv,s is constant. Research shows
that mv,s remains constant until the ratio of excess pore water
pressure to effective stress reaches 0.6 (Baez, 1995). The
number of cycles, N1cyc, for liquefaction can be obtained by
solving Equation (5.55).

At the same shear strain, columns carry more shear stresses
than the soil due to their stiffness difference as shown in
Figure 5.21. Under the same shear force, the soil is subjected
to lower shear stress. As a result, the chance for the soil to be
liquefied is reduced.

Based on the shear strain compatibility, Baez (1995) sug-
gested a shear stress reduction factor KG for a granular
column-reinforced foundation as follows:

KG =
𝜏s

𝜏

= 1
RG[as + (1 − as)∕RG]

(5.56)

where KG = shear stress reduction factor (i.e., ratio of
shear stress in soil with granular columns to
that in soil without granular columns)

𝜏s = shear stress in soil between granular columns
𝜏 = average shear stress in the granular column

composite foundation
RG = shear modulus ratio (i.e., Gc/G)
Gc = shear modulus of granular columns
G = shear modulus of soil

Figure 5.21 Shear stresses in the column and the soil.
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Baez and Martin (1993) reported that RG ranges from 2
to 7. Before the liquefaction analysis, the CSR of the soil
induced by earthquake should be reduced as follows:

CSRs = CSR ⋅ KG (5.57)

However, recent research shows that the deformation of
columns and soil may not necessarily be compatible during
the motion induced by earthquake. Based on numerical re-
sults, Rayamajhi et al. (2014) proposed a revised shear stress
reduction factor, KGr, as follows:

KGr =
1

RG[asR𝛾
+ (1 − as)∕RG]

(5.58)

where R
𝛾

is the shear strain ratio, which is defined as the ratio
of the shear strain in the column to that in the soil.

Rayamajhi et al. (2014) developed an approximate rela-
tionship between the shear strain ratio and the shear modulus
ratio as follows:

R
𝛾
= 1.04R−0.65

G − 0.04 (5.59)

The comparisons of the calculated shear stress reduction fac-
tors before and after the revision with the numerical results
are shown in Figure 5.22. It is shown that the revised shear
stress reduction factor is higher than the original factor.

5.3.8 Design of Geosynthetic-encased Granular
Columns

The key for the design of geosynthetic-encased granular
columns is how to consider the benefit of geosynthetic
encasement. Raithel and Kempfert (2000) proposed a
method to calculate the settlement of a geosynthetic-encased
granular column-reinforced foundation under a drained
condition while Murugesan and Rajagopal (2010) proposed
a method to calculate the bearing capacity of an individual

Figure 5.22 Comparison of shear stress reduction factor. (modi-
fied from Rayamajhi et al., 2014).

geosynthetic-encased soil column in soft soil under an
undrained condition.

Bearing Capacity In addition to the lateral confinement by
surrounding soil, Murugesan and Rajagopal (2010) consid-
ered additional confinement by geosynthetic encasement for
the ultimate bearing capacity of an individual column due to
possible bulging failure with a bulging length of four times
the column diameter (i.e., 4d) as follows:

qult,c = (𝜎r0 + 4cu + 𝜎r,g)Kp (5.60)

where 𝜎r0 = lateral soil stress induced by the overbur-
den stress at the middle point of the column
bulging length (i.e., 2d, d is the column di-
ameter)

𝜎r,g = additional confining stress by geosynthetic
encasement

Kp = coefficient of passive earth pressure of the
column

The additional confining stress can be calculated by consid-
ering the hoop tensile force in the geosynthetic encasement
as follows:

𝜎r,g =
2Tg

dc
(5.61)

where Tg is the hoop tensile force of the geosynthetic.
The hoop tensile force may be controlled by the geosyn-

thetic elongation at failure (typically 5%) or by the vertical
strain of the column, that is,

𝜀g =
1 −

√
1 − 𝜀a√

1 − 𝜀a

(5.62)

where 𝜀g = hoop strain of the gesoynthetic and 𝜀a = vertical
compressive strain of the column (i.e., the vertical compres-
sion divided by the column bulging length). The vertical
compression is typically limited to 10% the diameter of the
column.

The hoop tensile force can be calculated as Tg = J𝜀g,
where J = tensile stiffness of the geosynthetic. Reduction
factors considering creep, installation damage, and chem-
ical and biological degradation should be considered for
allowable tensile strength of geosynthetic encasement.

The ultimate bearing capacity of an individual column
due to possible punching failure should also be checked if
the column is not end-bearing. The method for the ultimate
bearing capacity of concrete columns discussed in the earlier
section may be used for this calculation.

Once the ultimate bearing capacity of individual
geosynthetic-encased columns is known, the ultimate
bearing capacity of the composite foundation can be
calculated using Equation (5.17).



154 5 DEEP REPLACEMENT

Figure 5.23 Unit cell model for a geosynthetic-encased column.
(Raithel and Kempfert, 2000).

Settlement The proposed method by Raithel and Kempfert
(2000) for the settlement of a geosynthetic-encased granular
column-reinforced foundation is based on a unit cell con-
cept as shown in Figure 5.23. Different from a unit cell for
a column-reinforced foundation without geosynthetic, this
model considers the contribution of geosynthetic encasement
by providing additional confinement to the column.

Following are the assumptions for this development:

• The loading size is much larger than the thickness of the
soft soil; therefore, the applied additional stress does not
decrease with depth.

• The settlements on the top of the column and the soft
soil are equal.

• No settlement is below the toe of the column.
• The column is at an active earth pressure state.
• Before loading, the soil is at an at-rest state. For an exca-

vation installation method, the earth pressure coefficient
of the soil is Ko,s = 1 − sin𝜙s (𝜙s = friction angle of the
soil). For a displacement installation method, a larger
earth pressure coefficient, K∗

o,s, should be used.
• The geosynthetic encasement has linearly elastic

behavior.
• The granular column is incompressible (i.e., its volume

is constant).
• The design is based on a drained condition.

The radial stresses in the column and the soil are con-
tributed by the overburden stresses of the column and the soil
and the additional stresses on them as follows:

𝜎r,c = Δ𝜎cKa,c + 𝜎z0,cKa,c

=
(

1
as
Δ𝜎z −

1 − as

as
Δ𝜎s

)
Ka,c + 𝜎z0,cKa,c (5.63)

𝜎r,s = Δ𝜎sK0,s + 𝜎z0,sKo,s (5.64)

where 𝜎z0,c = overburden stress of the column
𝜎z0,s = overburden stress of the soil
Δ𝜎c = additional vertical stress in the column
Δ𝜎s = additional vertical stress in the soil
Ka,c = active earth pressure coefficient in the col-

umn
K0,s = at-rest earth pressure coefficient in the soil

(K∗
0,s, should be used if a displacement in-

stallation method is used)

Raithel and Kempfert (2000) assume that the geosynthetic
encasement has linearly elastic behavior with tensile stiff-
ness, J. The hoop tensile force is

Tg = J
Δrg

rg
(5.65)

where Δrg = radius increase of the geosynthetic encase-
ment

rg = radius of the geosynethtic encasement

The compatibility of the radial deformation requires

Δrc = Δrg + (rg − rc) (5.66)

The radius of the geosynthetic encasement, rg, can be
smaller, equal, or larger than the radius of the steel instal-
lation casing, rc, for the column installation. In most cases,
rg = rc (Alexiew, 2013).

The radial stress on the geosynthetic encasement equiva-
lent to the hoop tensile force is

𝜎r,g =
Tg

rg
= J

Δrg

r2
g

= J
Δrc − (rg − rc)

r2
g

(5.67)

where rc = radius of the column
Δrc = radius increase of the column

The radial stress difference between the column and the
soil is

Δ𝜎r = 𝜎r,c − 𝜎r,s − 𝜎r,g (5.68)
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The radial displacement, Δrc, can be calculated based on
Ghionna and Jamiolkowski (1981) for a radially and axially
loaded hollow cylinder:

Δrc =
Δ𝜎r

E∗

(
1
as
− 1

)
rc (5.69)

E∗ =
(

1
1 − vs

+ 1
1 + vs

1
as

)
Es (5.70)

Es =
(1 + vs)(1 − 2vs)

1 − vs
Ds (5.71)

where Ds = constrained modulus of the soil, which is
equal to 1/mv,s

mv,s = coefficient of soil volumetric compressibility
Es = elastic modulus of the soil
vs = Poisson’s ratio of the soil

Substituting Equations (5.67) and (5.68) into
Equation (5.69) results in the following equation:

Δrc =

𝜎r,c − 𝜎r,s +
(rg − rc)J

r2
g

asE
∗

(1 − as)rc
+ J

r2
g

(5.72)

Since the radial stress difference results in the column
expansion, the settlement of the soft soil, Ssl, can be obtained
according to Ghionna and Jamiolkowski (1981) as follows:

Ssl =
[Δ𝜎s

Ds
− 2

E∗

(
vs

1 − vs

)
Δ𝜎r

]
h (5.73)

where h is the thickness of the soil or length of the column.
Based on the constant volume assumption, the following

equation for the settlement of the column can be obtained:

Scl =

[
1 −

r2
c(

rc + Δrc

)2

]
h (5.74)

Based on the equal strain assumption for the column and
the soil (i.e., Scl = Ssl = S′), the following equation can be
established:

Δ𝜎s

Ds
− 2

E∗

(
vs

1 − vs

)
Δ𝜎r = 1 −

r2
c

(rc + Δrc)2
(5.75)

Substituting Equation (5.72) into Equation (5.75) results
in an equation with only one unknown, Δ𝜎s, which can
be solved mathematically. Raithel and Kempfert (2000)
pointed out that Ds is stress dependent; therefore, the above
equation should be solved by iterations. The settlement
of the geosynthetic-encased column foundation, S′, can
be calculated using Eqs. (5.72) and (5.74). However, this
procedure is complicated and requires the development of a

program. Approximately, a constant Ds value may be used
for a soil sublayer at the corresponding vertical stress level as
shown in Equation (5.25) (for a normally consolidated soil).
Near the ground surface, the soil is likely overconsolidated.
Under such a condition, the recompression index, Cr, should
be used instead of Cc, if the total effective stress is less than
the preconsolidation stress.

The improvement factor for a geosynthetic-encased col-
umn foundation is

If =
Δ𝜎z h

DsS′
(5.76)

Based on measured data, Raithel et al. (2005) obtained the
improvement factors for granular columns with or without
geosynthetic encasement as shown in Figure 5.24. It is shown
that the gesoynthetic encasement increases the improvement
factor and the geosynthetic encasement with higher stiffness
has a higher improvement factor.

From the field-measured settlement, Raithel and Kirchner
(2008) found that the geosynthetic-encased columns reduced
the secondary settlement after primary consolidation. They
proposed a reduction factor to estimate the secondary settle-
ment of the geosynthetic-encased column as follows:

S
𝛼
= R

𝛼
C
𝛼𝜀

hp log

(
t
tp

)
(5.77)

where R
𝛼
= creep reduction factor

C
𝛼𝜀
= coefficient of secondary volumetric compres-

sion, i.e., C
𝛼𝜀
= C

𝛼
∕(1 + ep)

C
𝛼
= coefficient of secondary compression

ep = void ratio of soil at the end of primary consol-
idation

hp = soil thickness at the end of primary consoli-
dation

tp = time of primary consolidation

Based on the field data, Raithel and Kirchner (2008) sug-
gested that R

𝛼
ranges from 0.25 to 0.50.

Selection of geosynthetic encasement Alexiew et al.
(2012) suggested that the geosynthetic encasement should
have the following characteristics:

• No joint or seam
• High tensile stiffness
• Low creep reduction factor
• High permeability
• Limited installation damage
• High chemical and biological resistance

Typical tensile stiffness of geosynthetic encasement ranges
from 1500 to 6000 kN/m and typical ultimate hoop tensile
strength ranges from 100 to 400 kN/m.
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Figure 5.24 Improvement factors for geosynthetic-encased columns. (Raithel et al., 2005).

5.4 DESIGN PARAMETERS AND PROCEDURE

5.4.1 Granular Columns

Design Parameters Depending on applications, geotechni-
cal problems, and installation methods, the following design
parameters are typically needed:

• Soil type (cohesionless or cohesive soil)
• Thickness and depth of problematic soil
• Depth of groundwater table
• Initial void ratio or relative density of cohesionless soil
• Undrained shear strength for short-term design and ef-

fective friction angle for long-term design for cohesive
soil

• Consolidation coefficient of cohesive soil
• Coefficient of volume compressibility of soil
• Coefficient of volume compressibility of column
• Magnitude and area of load or magnitude of earthquake
• Target void ratio or relative density of soil for cohesion-

less soil
• Required allowable bearing capacity
• Tolerable settlement
• Gradation of backfill for columns
• Friction angle of backfill for columns
• Pattern and spacing of columns
• Diameter of columns
• Area of improvement
• Type of installation method (replacement or displace-

ment)

• Frequency of penetration, compaction, and extraction
(sand compaction column)

• Duration of compaction for cohesionless soil
• Ground subsidence for cohesionless soil

Design Procedure The design procedure for granular
columns in cohesionless soil mostly involves the density
increase of the soil after installation of columns. The
following procedure may be followed for design of granular
columns in cohesionless soil in addition to the design of
vibro-compaction discussed in Chapter 3:

1. Based on geotechnical profile and potential problem,
determine whether densification is possible. The most
important parameters are fine content and percent of
clay particles.

2. If the soil is deemed suitable for densification, estimate
the initial void ratio or relative density.

3. Assume the diameter of columns based on installation
equipment or typical value.

4. Based on the performance requirement (e.g., bearing
capacity, settlement, liquefaction, and global slope sta-
bility), select a target void ratio, relative density, or SPT
N value.

5. Based on the required relative density or SPT value,
estimate the required spacing of columns as discussed
in Chapter 3 or area replacement ratio using Figure 5.11
for sand compaction columns.
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6. Considering the strengthening or stiffness effect of the
columns, calculate the reduced shear stress inducing
liquefaction using Equations (5.57) and (5.58).

7. The procedures for the increased allowable bearing ca-
pacity, the reduced settlement, and the increased factor
of safety of slope stability are similar to those for granu-
lar columns in cohesive soil, which are presented below.

The design procedure for granular columns in cohesive
soils involves bearing capacity, settlement, rate of consoli-
dation, and global slope stability. The typical procedure is as
follows:

1. Based on undrained shear strength of cohesive soil,
calculate the ultimate bearing capacity of natural soil
as 5cu (cu is undrained shear strength of soil).

2. Based on undrained shear strength of cohesive soil,
calculate the ultimate bearing capacity of individual
columns using Equation (5.15) or (5.16).

3. Calculate the ultimate bearing capacity of the composite
foundation by considering ultimate bearing capacities
of natural soil and individual columns, and the area
replacement ratio using Equation (5.17).

4. Based on the coefficient of volumetric compression,
calculate the settlement of the natural soil using
Equation (5.23).

5. Based on the column–soil modulus ratio or column
friction angle, calculate the stress reduction factor or
improvement factor and then calculate the settlement
of the composite foundation using Equation (5.29) or
(5.31).

6. The degree of consolidation of a composite foundation
can be estimated using the Han and Ye solution con-
sidering well resistance using Equation (5.47). In this
calculation, the permeability of the column should be
estimated first, possibly using the FHWA highway
drainage method Equation (5.49).

7. The factor of safety against global slope failure can
be calculated using the individual column method or
equivalent area method. When the equivalent area
method is used for undrained analysis, a reduction
factor of 0.9 should be applied to the calculated value.

5.4.2 Concrete Columns

Concrete columns are mostly used for cohesive soils. The
design of concrete columns is similar to pile–raft or pile
group design.

Design Parameters The design parameters for concrete
columns typically include:

• Thickness and depth of problematic soil
• Depth of groundwater table

• Soil undrained shear strength for short-term and effec-
tive friction angle for long-term design

• Elastic modulus of soil
• Elastic modulus of column
• Properties of end-bearing soil
• Magnitude and area of load
• Required allowable bearing capacity
• Tolerable settlement
• Pattern and spacing of columns
• Diameter and length of columns
• Area of improvement
• Type of installation method (excavation or displace-

ment)

Design Procedure The design procedure for concrete
columns is mostly focused on bearing capacity and settle-
ment. Their methods are similar to those for pile–raft systems
or pile groups. The typical design procedure is as follows:

1. Based on undrained shear strength of cohesive soil,
calculate the ultimate bearing capacities of individ-
ual columns under an undrained condition using the α
method for the side friction, i.e., Equation (5.19a) and
the bearing capacity factor of 9 for the toe bearing ca-
pacity, i.e., Equation (5.20a).

2. Based on effective friction angle of cohesive soil or
sand, calculate the ultimate bearing capacities of indi-
vidual columns under a drained condition using the β
method for the side friction, i.e., Equation (5.19b) and
the friction angle-dependent bearing capacity factor for
the toe bearing capacity Equation, i.e., (5.20b).

3. Calculate the ultimate bearing capacities for an equiva-
lent pier under undrained and drained conditions.

4. Calculate the ultimate bearing capacities for a pier–raft
system under undrained and drained conditions using
Equation (5.22).

5. Use the piled raft method to calculate the settlement
of the concrete column-reinforced foundation using
Equations from (5.32) to (5.37).

5.4.3 Geosynthetic-encased Granular Column

Design Parameters The design parameters for
geosynthetic-encased granular columns typically include:

• Thickness and depth of problematic soil
• Depth of groundwater table
• Undrained shear strength of soil
• Effective friction angle of soil
• Elastic modulus and Poisson’s ratio of soil
• Elastic modulus of column
• Magnitude and area of load
• Tolerable settlement
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• Pattern and spacing of columns
• Diameter and length of columns
• Area of improvement
• Tensile strength and stiffness of geosynthetic encase-

ment
• Type of installation method (excavation or displace-

ment)

Design Procedure

1. Based on the undrained shear strength of the soil, cal-
culate the ultimate bearing capacity of the natural soil
under an undrained condition.

2. Based on the undrained shear strength of the soil and the
diameter of the column, the ultimate bearing capacity of
the individual column can be calculated by considering
the lateral confinement by the soil and the geosynthetic
encasement using Equation (5.60).

3. Calculate the ultimate bearing capacity of the compos-
ite foundation based on the ultimate bearing capacities
of the soil and the individual column, and the area re-
placement ratio using Equation (5.17).

4. Based on the soil and column properties, the col-
umn radius, area replacement ratio, and length, the
geosynthetic encasement properties, and the applied
pressure, calculate the radius change of the column
and the settlement of the composite foundation using
Equations (5.63) to (5.76).

5. Based on the coefficient of secondary compression of
the soil and the time for service after the completion of
primary consolidation, estimate the reduced secondary
compression using Equation (5.77).

5.5 DESIGN EXAMPLES

Example 5.1 Bearing Capacity of Granular Columns

Problem

A site consists of 20-m-thick soft clay with an
undrained shear strength of 20 kPa. The groundwater
table is at a depth of 1.0 m. The unit weights of the
soil above and below the groundwater table are 18 and
19 kN∕m3. A square footing with a width of 2.0 m will
be constructed on this site with an embedment depth
of 1.0 m. The applied load of this footing (including
the weight of the footing) is 400 kN. The required

factor of safety against bearing failure is 2.5. Granular
columns of 10 m long are designed in an equilateral
triangular pattern with column spacing of 1.5 m and
column diameter of 0.8 m. Evaluate whether this
design meets the bearing capacity requirement.

Solution

The applied bearing pressure at the base of the footing
is

p =
P +Wf

Af
= 400

2.0 × 2.0
= 100 kPa

The ultimate bearing capacity of a single granular col-
umn is

qult,c = Kcu = 20 × 20 = 400 kPa

The ultimate bearing capacity of a square footing em-
bedded at a depth of 1.0 m in a natural ground under an
undrained condition is

qult,s = cNcscdc + 0.5𝛾′Bf s𝛾d
𝛾
+ 𝜎D′Nqsqdq

= cNcscdc + 𝜎D′Nq

sc = 1 + 0.2(Bf ∕Lf ) = 1 + 0.2(2.0∕2.0) = 1.2

dc = 1 + 0.2(Df ∕Bf ) = 1 + 0.2(1.0∕2.0) = 1.1

qult,s = cNcscdc + 𝜎D′Nq

= 20 × 5.15 × 1.21 × 1.1 + 18 × 1.10 = 154 kPa

The area replacement ratio can be calculated as follow:

as = 0.907

(
dc

s

)2

= 0.907 ×
(0.8

1.5

)2
= 0.26

According to Equation (5.17), the ultimate bearing ca-
pacity of the composite foundation is

qult = 400 × 0.26 + 154 × (1 − 0.26) = 218 kPa

The factor of safety against bearing failure is

FS =
qult

p
= 218

100
= 2.2 < 2.5

Therefore, this design does not meet the bearing ca-
pacity requirement. A closer column spacing should be
used or other column type may be used to increase the
factor of safety.
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Example 5.2 Bearing Capacity of Concrete Columns

Problem

A 5.5 m × 5.5 m square bridge footing is supported by
a group of nine vibro-concrete columns in 10-m-thick
soft soil, which is underlain by a dense sand. The soft
soil has a saturated unit weight of 16 kN∕m3 and an
undrained shear strength of the soil of 20 kPa. The
groundwater table is at the ground surface. The dense
sand has a saturated unit weight of 18.6 kN∕m3 and
an effective friction angle of 36∘. The vibro-concrete
columns are 10 m long and have a shaft diameter
of 0.5 m and a toe diameter of 0.7 m. The uncon-
fined compressive strength of the concrete is 20 MPa.
Example Figure 5.1 shows the layout of the columns.
Calculate the ultimate load capacity of an individual
column and the ultimate bearing capacity of the foun-
dation (ignoring the foundation embedment due to pos-
sible scour) under an undrained condition.

Solution

1. Area of columns and foundations: The cross-
sectional area of the column shaft is

Ac = 3.14 ×
(0.5

2

)2
= 0.196 m2

Example Figure 5.1 Column layout.

The cross-sectional area of the column at the toe is

At = 3.14 ×
(0.7

2

)2
= 0.385 m2

The surface area of the column is

As = 3.14 × 0.5 × 10 = 15.71 m2

2. Ultimate load capacity for the individual col-
umn: The α method is used for the side friction.
Considering a displacement method is used for

the installation of vibro-concrete columns. Select
𝛼 = 0.9. The side friction is

fs = 𝛼cu = 0.9 × 20 = 18 kPa

Since the end-bearing soil is sand, the toe resistance
can be calculated as follows:

qt = 0.5dcN∗
𝛾
+ 𝜎

′
DN∗

q

According to ϕ′ = 36o, N∗
𝛾
= 32 and N∗

q = 90. The
effective overburden stress at the toe is

𝜎
′
D = (16 − 9.81) × 10 = 61.9 kPa

The toe resistance is

qt = 0.5dcN∗
𝛾
+ 𝜎

′
DN∗

q = 0.5 × 0.7 × 32 + 61.9 × 90

= 5582 kPa

The ultimate load capacity of the column is

Qult,c = fsAs + qtAt = 18 × 15.71 + 5582 × 0.385

= 2431 kN

The ultimate bearing capacity of the column is

qult,c =
Qult,c

Ac
= 2431

0.196
= 12381 kPa < 20000 kPa

(compressive strength of concrete) (OK)

3. Ultimate bearing capacity of the foundation: The
ultimate bearing capacity of a shallow foundation on
the undrained soft soil without an embedment is

qult,s = cNcscdc + 0.5𝛾 ′Bf N𝛾
s
𝛾
d
𝛾
+ 𝜎

′
DNqsqdq = cNcsc

sc = 1 + 0.2

(Bf

Lf

)
= 1 + 0.2

(5.5
5.5

)
= 1.2

qult,s = cNcsc = 20 × 5.14 × 1.2 = 123 kPa

The area of the soil under the foundation is

Asr = Ar − NclAc = 5.5 × 5.5 − 9 × 0.196 = 28.5 m2

The ultimate load capacity of the foundation con-
sidering the combined contribution of the individual
columns and the soil is

Qult1 =
∑

Qult,ci + qult,sAsr = 9 × 2431 + 123 × 28.5

= 25393 kN

Considering an equivalent pier that includes nine
columns, the cross-sectional area and the surface
area are

Apt = 4.5 × 4.5 = 20.25 m2

Aps = 4 × 4.5 × 10 = 180 m2
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The side friction of the equivalent pier (select α =
1.0 because the shear mostly occurs between the
soil) is

fps = 𝛼cu = 1.0 × 20 = 20 kPa

The toe resistance of the equivalent pier is

qpt = 0.5BpN∗
𝛾
+ 𝜎

′
DN∗

q = 0.5 × 4.5 × 32 + 61.9 × 90

= 5643 kPa

The ultimate load capacity of the equivalent pier is

Qult,p = fpsAps + qptApt = 20 × 180 + 5643 × 20.25

= 117871 kN

The ultimate load capacity of the foundation con-
sidering the combined contribution of the equivalent
pier and the soil is

Qult2 =Qult,p + qult,sAso = 117871

+123 × (5.5 × 5.5 − 4.5 × 4.5)

= 119104 kN

Since Qult1 < Qult2, Qult = Qult1 = 25393 kN
The ultimate bearing capacity of the foundation is

qult =
Qult

Af
= 25393

5.5 × 5.5
= 839 kPa

Example 5.3 Consolidation Settlement of Granular
Columns

Problem

A 40-m-wide (on the crest) and 1.8-m-high em-
bankment with the fill unit weight of 18 kN/m3 is
constructed over a 5-m-thick soft clay underlain by a
stiff clay. Above the soft soil, there is a 0.3-m-thick
fill, which is provided as a construction platform
and drainage layer. The groundwater table is 1 m
below the ground surface. The soft clay has the
following properties: 𝛾 = 15 kN∕m3, Es = 1.1 MPa,
kr = 3.47 × 10−9 m∕s, and kv = 1.16 × 10−9 m∕s.
The stone columns installed in this project have a
diameter of 0.8 m and a length of 6 m with a square
pattern at spacing of 2.4 m. The dry unit weight,
the specific gravity, the elastic modulus, and Pois-
son’s ratio of the columns are 15.7 kN∕m3, 2.70,
30 MPa, and 0.3, respectively. In the stone columns,

there are 20% clay particles with D10 = 0.005 mm.
Calculate the consolidation settlements with and
without stone columns and the settlement of the
stone column-reinforced foundation at one month
after the construction of the embankment (assuming
instantaneous placement of the embankment).

Solution

1. Settlement of natural ground: The constrained mod-
ulus of the soft soil is

mv,s =
1

Ds
=
(1 + vs)(1 − 2vs)

Es(1 − vs)

= (1 + 0.3) × (1 − 2 × 0.3)
1.1 × (1 − 0.3)

= 0.675 MPa−1

= 0.000675 kPa−1

The settlement of the natural ground is

S = mv,sΔ𝜎zh = 0.000675 × (1.8 × 18) × 5

= 0.109 m = 109 mm

2. Settlement of composite foundation: Since the stone
columns are arranged in a square pattern at spacing
of 2.4 m, the area replacement ratio can be calcu-
lated as follows:

as = C

(
dc

s

)2

= 0.785 ×
(0.8

2.4

)2
= 0.087

The modulus ratio of column to soil is
Ec

Es
= 30

1.1
= 27.3 > 20

Ec∕Es = 20 should be used in the design. As a result,
the stress concentration ratio is

n = 1 + 0.217

(
Ec

Es
− 1

)
= 1 + 0.217 × (20 − 1) = 5.0

The stress reduction factor is

𝜇 = 1
1 + as(n − 1)

= 1
1 + 0.087 × (5.0 − 1)

= 0.742

The settlement of the composite foundation consid-
ering the stress reduction factor is

S′ = 𝜇S = 0.742 × 109 = 81 mm

3. Permeability of stone column: The porosity of the
stone column is

np = 1 −
𝛾d

𝛾wGs
= 1 − 15.7

9.81 × 2.7
= 0.407
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The permeability of the stone column is

kc =
2.19(D10)1.478n6.654

p

(P200)0.597

= 2.19 × 0.0051.478 × 0.4076.654

200.597

= 3.67 × 10−7m∕s

4. Modified coefficients of consolidation of soft soil:
The coefficients of consolidation of soft soil in the
vertical and radial directions are

cv =
kv

𝛾wmv,s
= 1.16 × 10−9

9.81 × 0.000675
= 1.75 × 10−7m2∕s

cr =
kr

𝛾wmv,s
= 3.47 × 10−9

9.81 × 0.000675
= 5.24 × 10−7m2∕s

The equivalent diameter of the unit cell is

de =
√

4s2

𝜋
=
√

4 × 2.42

3.14
= 2.7 m

The diameter ratio is

ND =
de

dc
= 2.7

0.8
= 3.4

The modified coefficients of consolidation of soft
soil in the vertical and radial directions are

cvm = cv

(
1 + n

as

1 − as

)
= 1.75 × 10−7

(
1 + 5.0 × 0.087

1 − 0.087

)
= 2.61 × 10−7m2∕s

crm = cr

(
1 + n

as

1 − as

)
= 5.24 × 10−7

(
1 + 5.0 × 0.087

1 − 0.087

)
= 7.80 × 10−7m2∕s

5. Time factors: The time factors in the vertical and
radial directions are

Tvm =
cvmt

h2
dr

= 2.61 × 10−7 × (30 × 24 × 60 × 60)
52

= 0.027

Trm =
crmt

d2
e

= 7.80 × 10−7 × (30 × 24 × 60 × 60)
2.72

= 0.277

6. Degree of consolidation: The degree of con-
solidation due to the vertical flow according to
one-dimensional Terzaghi consolidation theory is

Uvm =
√

4Tvm

𝜋

=
√

4 × 0.027
3.14

= 0.185

For the radial flow, considering the smear zone as
part of the well resistance

F′m =
N2

D

N2
D − 1

(
ln

ND

NS
+

kr

ks
ln NS −

3
4

)

+
N2

S

N2
D − 1

(
1 −

kr

ks

)(
1 −

N2
S

4N2
D

)

+
kr

ks

1

N2
D − 1

(
1 − 1

4N2
D

)
+ 32

𝜋2

(
kr

kc

)(
hdr

dc

)2

=
N2

D

N2
D − 1

(
ln ND −

3
4

)
+ 1

N2
D − 1

(
1 − 1

4N2
D

)

+32
𝜋2

(
kr

kc

)(
hdr

dc

)2

= 3.42

3.42 − 1

(
ln 3.4 − 3

4

)
+ 1

3.42 − 1

(
1 − 1

4 × 3.42

)
+ 32

3.142
×
(

3.47 × 10−9

3.67 × 10−7

)
×
( 5

0.8

)2

= 1.81

The degree of consolidation due to the radial flow is

Urm = 1 − exp

(
−8
F′m

Trm

)
= 1 − exp

( −8
1.81

0.277
)
= 0.706

The degree of consolidation due to combined verti-
cal and radial flows is

Uvr = 1 − (1 − Uvm)(1 − Urm)

= 1 − (1 − 0.185) × (1 − 0.706) = 0.761

7. Consolidation settlement at one month after con-
struction: The consolidation settlement of the com-
posite foundation at one month after construction is

St = UvrS = 0.761 × 81 = 61 mm
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Example 5.4 Settlement of Geosynthetic-Encased
Granular Columns

Problem

A naturally deposited soft soil site is proposed for land
development. The site consists of a 5-m-thick soft clay
underlain by a firm soil. This soft soil has the fol-
lowing properties: normally consolidated, constraint
modulus, Ds = 1658 kPa, saturated unit weight, 𝛾s =
15.0 kN∕m3, Poisson’s ratio, vs = 0.3, and effective
friction angle, 𝜙′s = 20∘. The groundwater table is at
the ground surface. The elevation of this site will be
raised by 3-m fill, which has a unit weight of 𝛾f =
18.0 kN∕m3. Geosynthetic-encased sand columns of
0.5 m in diameter are proposed in a triangular pat-
tern with spacing of 1.2 m to minimize the settle-
ment. The sand columns have a unit weight, 𝛾c =
19.0 kN∕m3 and an effective friction angle, 𝜙′c = 34∘.
The tensile stiffness of the geosynthetic encasement
is J = 3000 kN∕m. The diameter of the geosynthetic
encasement has the same diameter as the installa-
tion pipe. Calculate the settlement without ground im-
provement, the settlement with ground improvement
by geosynthetic-encased sand columns, and the im-
provement factor.

Stress and Modulus of Soft Soil

1. Modulus of soft soil: The effective overburden stress
of the soft soil is estimated at the middepth of the soil
layer, that is, z = 2.5 m.

𝜎
′
z0,s = (𝛾s − 𝛾w)z = (15.0 − 9.81) × 2.5 = 13.0 kPa

The elastic modulus of the soil is

Es =
(1 + vs)(1 − 2vs)

1 − vs
Ds

= (1 + 0.3) × (1 − 2 × 0.3)
1 − 0.3

× 1658 = 1232 kPa

2. Settlement of the natural ground: The applied stress
by the fill is

Δ𝜎z = 𝛾f H = 18 × 3 = 54 kPa

The settlement of the natural ground is

S =
Δ𝜎z

Ds
h = 54

1658
× 5 = 0.163 m = 163 mm

3. Settlement of the foundation improved by
geosynthetic-encased columns: The area re-
placement ratio is

as = C

(
dc

s

)2

= 0.907 ×
(0.5

1.2

)2
= 0.16

The elastic modulus of the soil considering the effect
of the columns is

E∗ =
(

1
1 − vs

+ 1
1 + vs

1
as

)
Es

=
( 1

1 − 0.3
+ 1

1 + 0.3
× 1

0.16

)
× 1232

= 7776 kPa

The coefficients of lateral earth pressure in the soil
and the column are

K0,s = 1 − sin𝜙′s = 1 − sin 20∘ = 0.658

Ka,c = tan2

(
45∘ −

𝜙
′
c

2

)
= tan2

(
45∘ − 34∘

2

)
= 0.283

The effective overburden stress in the column at the
mid-depth of the soil layer is

𝜎
′
z0,c = (𝛾c − 𝛾w)z = (19 − 9.81) × 2.5 = 23.0 kPa

The lateral stress in the column is

𝜎r,c =
(

1
as
Δ𝜎z −

1 − as

as
Δ𝜎s

)
Ka,c + 𝜎

′
z0,cKa,c

=
( 1

0.16
× 54 − 1 − 0.16

0.16
Δ𝜎s

)
× 0.283

+ 23.0 × 0.283

= 103.4 − 1.51Δ𝜎s

The lateral stress by the soil is

𝜎r,s = Δ𝜎sKo,s + 𝜎
′
z0,sKo,s = Δ𝜎s × 0.658

+13.0 × 0.658 = 0.658Δ𝜎s + 8.54

The radius change of the column after subjected to
the fill loading is

Δrc =

𝜎r,c − 𝜎r,s +
(rg − rc)J

r2
g

asE
∗

(1 − as)rc
+ J

r2
g

=
103.4 − 1.51Δ𝜎s − 0.658Δ𝜎s − 8.54 + 0

0.16 × 7776
(1 − 0.16) × 0.25

+ 3000

0.252

=
94.9 − 2.17Δ𝜎s

53813
= 0.00176 − 0.0000403Δ𝜎s
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The lateral resistance provided by the geosynthetic
encasement is

𝜎r,g = J
Δrc − (rg − rc)

r2
g

= 3000 ×
0.00176 − 0.0000403Δ𝜎s

0.252

= 84.7 − 1.94Δ𝜎s

The lateral stress difference between the column and
the soil is

Δ𝜎r = 𝜎r,c − 𝜎r,s − 𝜎r,g = 103.4 − 1.51Δ𝜎s

−0.658Δ𝜎s − 8.54 − 84.7 + 1.94Δ𝜎s

= 10.3 − 0.234Δ𝜎s

Based on the equal settlement of the column and the
soil

Δ𝜎s

Ds
− 2

E∗

(
vs

1 − vs

)
Δ𝜎r = 1 −

r2
c

(rc + Δrc)2

Δ𝜎s

1658
− 2

7776
×
( 0.3

1 − 0.3

)
× (10.3 − 0.234Δ𝜎s) =

1 − 0.252

(0.25 + 0.00176 − 0.0000403Δ𝜎s)2

0.000603Δ𝜎s − 0.00113 + 0.000026Δ𝜎s =

1 − 0.0625
(0.25176 − 0.0000403Δ𝜎s)2

1.00113−0.000577Δ𝜎s−
0.0625(

0.25176 −
0.0000403Δ𝜎s

)2
=0

From the above equation, 𝛥𝜎s can be solved as
16.9 kPa.

The radius change of the column is

Δrc = 0.00176 − 0.0000403Δ𝜎s

= 0.00176 − 0.0000403 × 16.9 = 0.0011 m

The settlement of the foundation after the ground
improvement is

S′ =

[
1 −

r2
c(

rc + Δrc

)2

]
h

=
[

1 − 0.252

(0.25 + 0.0011)2

]
× 5 = 0.043 = 43 mm

4. Improvement factor: The improvement factor is

If =
S
S′
= 163

43
= 3.8

From Figure 5.24, the improvement factors, If , for
J = 1000 to 2000 kN/m and 2000 to 3000 kN/m are
2.6 and 3.9, respectively. The improvement factor
for J = 3000 kN∕m is 3.9, which is almost the exact
value as calculated in this example.

5.6 CONSTRUCTION

5.6.1 Sand Compaction Columns

Steel pipe casing has been commonly used to install sand
compaction columns. Typically, the equipment includes a
4.5- to 6-ton hydraulic or electric vibrator attached on the top
of a 0.4- to 0.6-m-diameter steel pipe. The casing should be
slightly longer than the desired depth of the sand compaction
column and have a foldable base, which can be closed during
the penetration but be open during the filling of backfill.
Following is a typical installation procedure (also shown in
Figure 5.25):

1. Position the pipe casing to the desired location, turn on
the vibrator, and check to ensure the equipment func-
tions well.

2. Drive the casing into the ground to the desired depth
(the casing is usually filled with sand to minimize con-
struction time).

3. Fill the casing if not filled prior to being driven.
4. Withdraw the casing with a stroking motion (typically

pulled up 1.8–3 m and then vibrate it back down
1.0–2.0 m) until reaching the top elevation of the
column. During this process, air pressure (typically
250–500 kPa) is applied to the top of the casing to force
the sand out and prevent soft soil from flowing into the
casing.

5. Turn off the power and move the casing to the next
location.

This installation method can also be used to install stone
columns if stone instead of sand is used as the backfill
material.

5.6.2 Stone Columns

In addition to the casing method, top and bottom feed meth-
ods are more commonly used to install stone columns. The
top-feed method requires water for the installation; there-
fore, it is often referred to as a wet method. The top-feed
method for stone column installation is similar to that for
vibro-compaction; however, water is mainly used to exca-
vate soil and maintain the stability of the hole in cohesive
soil instead of inducing liquefaction of cohesionless soil.
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(a)

Figure 5.25 Construction of sequence for sand compaction column: (a) installation and (b) casing tip
movement. (after Tanimoto, 1973), Courtesy of CSIRU Publishing).

The bottom-feed method usually uses air instead of water;
therefore, it is often referred to as a dry method. Both meth-
ods use a vibratory probe. The installation procedure of stone
columns using the top-feed wet method is as follows:

1. Position the probe to the desired location, turn on water
and power, and check water pressure and voltage to
ensure the equipment functions well.

2. Penetrate the probe into the ground at a rate of
0.3–0.5 m/min and observe the variation of electrical
current (reduce the rate of penetration if the current is
too high).

3. Reduce water pressure when the probe is close to the
desired depth to minimize disturbance.

4. Continue the probe to the desired depth and then move
the probe up and down twice without complete removal
from the hole to flush out the hole.

5. Withdraw the probe gradually by adding stone from
the top to fill the hole in 0.6–1.2 m lifts, maintain the
flow of water from the bottom jet to prevent carving or
collapsing of the hole, and then repenetrate the probe
into the stone to densify and force the stone radially into
the surrounding soil until the predetermined amperage
level is reached for each lift or the top elevation of the
column is reached.

6. Turn off the power and water and move the probe to the
next location.

During the installation, spoil is generated. It is important
to properly manage the spoil on site by directing the spoil to
a slurry pond.

The installation procedure of stone columns using the
bottom-feed dry method is similar to that using the top-feed
wet method. The following are two exceptions:

1. Instead of water, air is used to help the penetration of
the probe and maintain the stability of the hole.

2. The stone is supplied through a feeding tube on the side
of the probe to the bottom of the hole.

In this installation, limited spoil is generated. Therefore,
the construction site using the bottom-feed method is much
cleaner than that using the top-feed method.

5.6.3 Rammed Aggregate Columns

Rammed aggregate columns are installed through a drilling,
backfilling, and ramming process. The ramming equipment
consists of a hydraulic excavator, a hydraulic break rammer,
and a specially designed 45∘ beveled ram (Farrell and Taylor,
2004). The typical installation procedure is as follows:

1. Position the excavator and drill a hole to the desired
depth. Steel casing is sometimes used if the hole cannot
maintain its stability.

2. Fill crushed rock into the hole in lifts. It is important to
form a proper “bottom bulb” prior to constructing the
column. In weak soil, a certain quantity of rock may be
used to stabilize the bottom bulb. Less amount of rock
is used in the later lifts.

3. Apply a high-frequency ramming action of the beveled
ram on each rock lift and densify the rock and force the
rock into the surrounding soil until the top elevation of
the column is reached.

5.6.4 Vibro-Concrete Columns

Vibro-concrete columns are installed by an electrically
driven bottom-feed vibratory probe (Hussin, 1994), which is
the same as that used for installing stone columns. The probe
penetrates into the ground under its weight and vibrations.
The following installation procedure is typically adopted:

1. Penetrate the vibrating probe to a desired depth by dis-
placing or densify surrounding soils.

2. Pump concrete through a supply tube to the tip of the
probe.

3. Repeatedly raise and lower the probe to form a bulb of
concrete at the base.
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4. Continuously pump concrete until the column is formed
up to the ground surface.

5.6.5 Controlled Modulus (Stiffness) Columns

The installation of controlled modulus (stiffness) columns
or auger displacement columns uses a hollow-stem displace-
ment auger with a high torque pull-down rig. The displace-
ment auger includes three parts from the bottom to the top:
(1) constant volume flight to expel cuts upward during pen-
etration, (2) middle displacement part of the same diameter
as the auger and the hole to prevent spoils from escaping and
push them laterally, and (3) flight in the opposite direction to
that in the lower part, which prevents the spoils from collaps-
ing down from the hole to the displacement part.

Below is the typical installation procedure for controlled
modulus (stiffness) columns:

1. Drive the auger into the ground to a desired depth by
applying high torque and downward thrust to displace
in situ soil.

2. After the desired depth is reached, pump grout down
the hole through the hollow stem at moderate pressure
(typically lower than 10 bars) to overcome gravity and
lateral soil resistance at the tip of the auger.

3. Extract the auger gradually by maintaining the rotation
in the direction as that during the penetration to avoid
loss of grout around the hole and the Kelly bar, until
reaching the ground surface.

Grout is typically sand-mix mortar or pea-gravel concrete.
The strength of the concrete, typically ranging from 7 to
21 MPa, is controlled by the amount of cement used in the
mix. Depending on the required strength, the grout typically
has slump ranging from 200 to 300 mm. The rate of pumping
grout is controlled based on the volume. The diameter of the
column is the same or larger than the auger diameter. Steel
reinforcements can be placed into the grouted hole before
grout is hardened to form a steel-reinforced column.

5.6.6 Geosynthetic-encased Granular Columns

Geosynthetic-encased granular columns can be installed
in two methods: the excavation method and the vibro-
displacement method (Raithel et al., 2005). In the exca-
vation method, an open steel pipe is used while in the
vibro-displacement method, a steel pipe with two adjustable
base flaps is used. The base flaps are closed when the pipe
is vibrated down but open when it is withdrawn under
vibration. The following installation sequence is generally
followed:

1. Drive a steel pipe in the ground to a desired depth.
2. Excavate soil inside the pipe (for the excavation method

only).

3. Place a premanufactured geosynthetic tube inside the
hole.

4. Place fill (mostly sand or gravel) into the geosynthetic
encasement.

5. Withdraw the pipe under vibration to densify the soil
inside the geosynthetic encasement.

The excavation method is more suitable when the pipe
penetrates through a high resistance soil or displacement
and vibration are of concern to adjacent structures. The
vibro-displacement method is faster, more economic, and can
densify or prestress surrounding soil without soil disposal.

5.7 QUALITY CONTROL AND ASSURANCE

5.7.1 Locations and Dimensions

Field installation should follow design drawings in terms of
locations, diameters, and lengths of columns. Any deviations
may affect the performance of the composite foundations.
A specification should be developed to define tolerable val-
ues of deviations prior to installation. Column top elevations
should be within 75 mm of the design elevation. Elias et al.
(2004) specifies that the offset of column heads from the cen-
ter design location should not be more than 100 mm and the
lateral offset of the column axis should not exceed 1.5%. For
any 50 consecutively installed columns, the average diame-
ter over the total length should not be smaller than the design
diameter. The diameter of the column at different location
and depth should be calculated based on the amount of fill
material placed and the in-place density. Excavation of a few
randomly selected columns may be conducted to verify ac-
tual column diameters.

5.7.2 Fill Material

For granular columns, maximum particle sizes of fill mate-
rials are typically limited to 100 mm. Larger particles (not
larger than 150 mm) are sometimes used at the bottom of the
column to stabilize the base, especially when the installation
is in very soft soil. Elias et al. (2004) suggested four possible
fill materials for stone columns as shown in Table 5.5. The
fill material should be clean, hard, durable stones free from
organics, trash, or other deleterious materials.

For sand compaction columns, well-graded fine to medium
sand with fines up to 15% but without any particles smaller
than 0.05 mm is commonly used.

Representative samples of grout for controlled modulus
(stiffness) columns or concrete mixes for vibro-concrete
columns should be obtained at the project site for QA/QC
testing. Tests are performed to evaluate workability of fresh
concrete or grout and strength of hardened samples. Worka-
bility is commonly evaluated using slump tests for concrete
and slump or flow cone tests for grout. Strength testing is per-
formed in a laboratory after samples from the field are cured
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Table 5.5 Gradations for Possible Fill Materials

% Passing

Sieve Size (mm) Fill Type 1 Fill Type 2 Fill Type 3 Fill Type 4

100 100 — — —
88 90–100 — — —
75 — 90–100 — —
63 25–100 — 100 —
50 — 40–90 65–100 100
38 0–60 — — —
25 — — 20–100 2
19 0–10 0–10 10–55 —
13 0–5 0–5 0–5 —

Source: Elias et al. (2004).

for certain time periods. Typically, five samples are made
from a single batch of 50 m3 of concrete or grout from each
day’s work. Among five samples, two samples are tested at
an age of 7 days, two at 28 days, and one sample is reserved
for further testing if necessary. Strength testing of concrete
utilizes conventional 150-mm-diameter and 300-mm-high
cylinders. Typical required concrete unconfined compressive
strengths at 7 and 28 days are at least 10 and 20 MPa, re-
spectively. For sand–cement grout, small cylinders of 50 or
75 mm in diameter and two times the diameter in height, but
mostly 50 × 50 × 50 mm3 cubic samples are used. There
is no consensus internationally on which method is preferred,
but cubic samples are easier to prepare and transport.

For geosynthetic-encased columns, in addition to fill mate-
rial, geosynthetic encasement should be evaluated for its ul-
timate tensile strength, tensile stiffness, and their associated
reduction factors for creep, installation, and chemical and bi-
ological degradation. When geosynthetic-encased columns
are used as drainage, the geosynthetic encasement should
also be evaluated against filtration and drainage criteria.

5.7.3 Installation Parameters

Installation parameters are highly dependent on the method
of installation, the type of equipment, and the type of fill
material.

Sand Compaction Columns The key installation parame-
ters for sand compaction columns include:

• Steel casing diameter
• Penetration rate
• Extraction rate
• Compressed air pressure
• Frequency and time of vibration
• Power of vibrator (amps)
• Volume of sand supplied and discharged
• Casing tip elevation

Stone Columns The key installation parameters for stone
columns by the wet or dry method are:

• Power of vibrator (at least 60 kW and 150 kN eccentric
force)

• Penetration rate
• Extraction rate (typically 300–500 mm) increments to

allow fill placement
• Frequency and time of vibration
• Water pressure by wet method or air pressure by dry

method
• Quantity and rate of water supply (for the wet method

only)
• Required amperage for each fill increment
• Volume of stone supplied
• Top and bottom elevations

Rammed Aggregate Columns The key installation param-
eters for rammed aggregate columns are:

• Tamper energy
• Tamping duration
• Number of passes
• Volume of aggregate each lift
• Drill depth
• Top elevation of column

Vibro-concrete Columns The key installation parameters
for vibro-concrete columns by the dry method are similar to
those for stone columns by the dry method. The main differ-
ences are related to the supply of concrete and densification
of concrete in the hole. Following are the unique installation
parameters for vibro-concrete columns:

• Rate of concrete supply
• Pumping pressure
• Frequency and time of vibration
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Controlled Modulus (Stiffness) Columns During the con-
trolled modulus (stiffness) column installation, an onboard
computerized quality control system in the rig has a real-time
continuous monitoring of the installation parameters, includ-
ing (Masse et al., 2004, 2012)

• Speed of rotation
• Rate of advancement and withdrawal of auger
• Torque, pull-down, down-pressure, drilling energy
• Depth of column
• Time of installation
• Pressure and volume of grout

A sensor is mounted to the mast drilling head at the top of
the concrete line to monitor grout pressure. Any loss of grout
pressure during installation may be an indication of soft or
loose soil existing in the ground.

Geosynthetic-encased Columns The key installation pa-
rameters for geosynthetic-encased columns are:

• Steel casing diameter
• Penetration rate
• Extraction rate
• Frequency and time of vibration
• Power of vibrator
• Volume of fill supplied and discharged
• Casing tip elevation
• Diameter and length of geosynthetic encasement

5.7.4 Performance Evaluation

Time for Field Evaluation Performance evaluation of gran-
ular columns in cohesionless soil can be performed right after
the completion of installation. However, performance evalu-
ation of granular columns in cohesive soil should be done in
2 (for low plasticity soil) to 4 weeks (for high plasticity soil)
after the completion of installation to allow the dissipation of
excess pore water pressure and the recovery of soil strength.

Performance evaluation of concrete columns should be
done at 4 weeks after the completion of installation to allow
the curing of concrete or grout.

Soil Sampling and Penetration Tests Soil sampling and
penetration tests (SPT and CPT) have been commonly
used to evaluate surrounding soils before and after ground
improvement. These tests can determine the degree of
improvement or disturbance caused to the surrounding
soils during the installation. Soil densification increases
the density, strength, and modulus of the soil. However,
disturbance reduces the density, strength, and modulus
of the soil. In the surrounding soil, soil sampling, SPT,
and CPT should be performed at the centroid point of a

Figure 5.26 Locations for penetration tests: (a) square pattern and
(b) triangular pattern.

column pattern as shown in Figure 5.26. CPT may be used
in the center of sand compaction columns but should not be
used in the center of stone columns or rammed aggregate
columns. SPT may be used in all types of granular columns.
SPT and CPT should not be used for concrete columns.
Cored samples are sometimes taken in concrete columns to
evaluate the integrity, strength, and modulus of the columns.

Plate Loading Tests Plate loading tests are typically re-
quired to determine the bearing capacity and settlement of an
individual column and the composite foundation as shown in
Figure 5.27. Three types of loading tests may be performed:
(1) individual column test, (2) individual column composite
foundation test, and (3) multiple column composite founda-
tion test. The individual column test should be performed
with a rigid loading plate having the same size as the col-
umn. The loading plate for an individual column composite
foundation test should have the same tributary area as a unit
cell. For a multiple column composite foundation test, the
area of the loading plate should be equal to the number of
columns under the plate multiplied by the tributary area of
the unit cell. For all the tests, the test column(s) should be
surrounded by at least a row of columns to be representative.

For an individual column test, the ASTM D1143 Standard
Test Methods for Deep Foundations under Static Axial Com-
pressive Load may be followed. If a test column is evaluated,
the load should be applied until the failure of the column. If
a project column is evaluated, the applied load is limited to
1.5 times the required service load. For composite foundation

Figure 5.27 Loading tests of column foundations: (a) individual
column test, (b) individual column foundation test, and (c) multiple
column composite foundation test.
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tests, the ASTM D1196 Standard Test Method for Nonrepet-
itive Static Plate Load Tests of Soils and Flexible Pavement
Components, for Use in Evaluation and Design of Airport
and Highway Pavements may be used.

Other in situ test methods, such as pile integrity tests and
dynamic load tests (e.g., Statnamic) have also been used to
evaluate concrete columns in practice.

PROBLEMS

5.1. List the key differences between the vibro-replacement
and vibro-displacement methods to install stone
columns.

5.2. A site has a soft silty clay with an undrained shear
strength of 19 kPa. Is this site suitable for the
vibro-replacement method?

5.3. Explain the main reasons why granular columns likely
bulge near the ground surface.

5.4. What are the main functions of columns in ground
installed by deep replacement methods?

5.5. What are the differences for a column-reinforced soft
foundation under plane strain and plane stress condi-
tions? What condition is for columns under an em-
bankment?

5.6. What is the definition of unit cell? Why is it commonly
used in practice?

5.7. Discuss the differences between 1D unit cell and unit
cell with lateral column deformation.

5.8. Define stress concentration ratio in a column-
reinforced foundation.

5.9. If soil and columns are both elastic and their con-
strained moduli are 3 and 30 MPa, what is the 1D stress
concentration ratio? If columns can deform laterally,
will the stress concentration ratio change? How?

5.10. Is stress concentration ratio constant? If not, how does
the ratio change with load and time?

5.11. What is the composite foundation?
5.12. Columns with a diameter of 0.8 m are arranged in a

square pattern at spacing of 2.0 m, what is the area
replacement ratio? If the same columns are arranged
in a triangular pattern at the same spacing, what is the
area replacement ratio?

5.13. A rigid loading plate in a dimension of 1.5 m × 1.5 m
is placed on a column-reinforced foundation. Columns
in a diameter of 0.5 m are arranged in a square pattern
at spacing of 1.5 m × 1.5 m. The center of the plate
coincides with the center of one column. When the ap-
plied load on the plate is 150 kN, the measured average
pressure on the soil is 50 kPa. Calculate the average
pressure on the column, the stress concentration ratio,
and stress reduction factor.

5.14. In Problem 5.13, if the elastic modulus of the soil
is 4.2 MPa, calculate the equivalent modulus of the
composite foundation.

5.15. Explain why columns under an embankment may
be subjected to down-drag forces. Is the stress con-
centration ratio of the column-reinforced foundation
under the embankment constant with depth? If not,
explain why.

5.16. List possible failure modes of single columns in soil
under vertical loading. Will they depend on strength
or stiffness of the columns?

5.17. A contractor has a backfill material with the following
gradation:

Particle Size (mm) Percent of Passing

25 100
19 65
12.5 30
4.75 10

Evaluate the suitability rating of this backfill material.
5.18. A natural ground consists of an 8-m-thick loose

cohesionless deposit over bedrock. The initial void
ratio of this deposit is 0.845 and the required average
void ratio after improvement is 0.650. Granular
columns are selected for this improvement, and they
are arranged in an equilateral triangular pattern at
column spacing of 2.0 m. All the columns are seated
on the bedrock. Assume the ground surface remains
the same after ground improvement. Determine the
required column diameter. Hint: use the method
discussed in Section 3.7 of Chapter 3.

5.19. In Problem 5.18, if there is 40 mm heave after
ground improvement, what is the required column
diameter?

5.20. A site consists of a cohesionless soil, which has an
initial SPT N value of 6. Sand columns with an area
replacement ratio of 0.15 are proposed for ground im-
provement. Estimate the SPT N values midway be-
tween columns and in the center of columns after
ground improvement.

5.21. Stone columns are installed in saturated clay with an
undrained shear strength of 25 kPa. The friction angle
of the backfill is 40o. Use the Brauns (1978) method
to estimate the ultimate bearing capacity of a single
stone column without any vertical stress on the sur-
rounding soil.

5.22. A 3 m × 3 m square concrete footing is constructed on
a granular column-reinforced soft clay. The undrained
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shear strength of the clay is 20 kPa, the saturated
unit weight of the clay is 17.2 kN/m3, and the
groundwater table is at the ground surface. Under the
footing on the ground surface, there are four 6-m-long
granular columns with a diameter of 0.7 m, which
are arranged at spacing of 2.0 m in a square pattern.
The friction angle of the granular backfill is 38∘.
Estimate the ultimate bearing capacity of the granular
column-reinforced composite foundation.

5.23. A 5.0-m-long vibro-concrete column (VCC) with an
average diameter of 0.55 m is installed in a saturated
soft clay with an undrained shear strength of 15 kPa,
a saturated unit weight of 17.4 kN/m3, and a ground-
water table at the ground surface. The VCC is seated
on a saturated stiff clay with an undrained strength
of 75 kPa and a saturated unit weight of 18.5 kN/m3.
Estimate the ultimate load capacity of the VCC under
an undrained condition.

5.24. In Problem 5.23, if the effective friction angles of the
saturated soft clay and the stiff clay are 22∘ and 34∘,
estimate the ultimate load capacity of the VCC under
a drained condition.

5.25. A 3 m × 3 m square concrete footing with an embed-
ment depth of 1 m is constructed on a VCC-reinforced
soft clay, which has a groundwater table at 1 m from
the ground surface. The undrained shear strength of the
clay is 15 kPa and the unit weights of the clay above
and below the groundwater table are 17.5 and 18.5
kN/m3, respectively. Under the footing, there are four
5-m-long VCC with an average diameter of 0.55 m,
which are seated on a stiff clay and arranged at spac-
ing of 2.0 m in a square pattern. The stiff clay has an
undrained shear strength of 75 kPa and a saturated unit
weight of 19.1 kN/m3. Estimate the ultimate bearing
capacity of the VCC-reinforced composite foundation
under an undrained condition.

5.26. A rigid circular footing with a diameter of 5 m is em-
bedded at a depth of 1.5 m in a 10-m-thick soft soil.
This soft soil is underlain by a dense sand layer (as-
sume no settlement in the sand layer). The groundwa-
ter table is located at a depth of 1.5 m. The drained
elastic modulus of the soil is 4 MPa. The footing is
subjected to a vertical column load of 2500 kN. Gran-
ular columns of 8.5 m long and 1.0 m in diameter are
installed in a square pattern with a spacing of 2.0 m
under and outside the footing as shown in the figure
below. The elastic modulus of the columns is 40 MPa.
Calculate the settlement of the footing on the ground
before and after improvement using the stress reduc-
tion method.

5.27. Granular columns are installed in saturated soft soil.
The elastic moduli of the soil and the columns are
3.5 and 50 MPa. Use the Barksdale and Bachus (1983)
design chart to estimate the stress concentration ratio.

5.28. A large steel-reinforced mat foundation, in a
dimension of 30 m × 30 m, is to be constructed on
6.5-m-thick uniform loose sand, underlain by bedrock.
The thickness of the mat foundation is 0.6 m and it
has an embedment of 0.6 m. The total load applied
on the mat is 30 MN. The average elastic modulus
of the sand is 7.5 MPa and the elastic modulus of the
mat is 30 GPa. Calculate the maximum settlement
of the mat foundation on the natural ground. To
reduce the settlement by 50%, stone columns are
proposed to be installed to the top of the bedrock.
The friction angle of the stone column is 40∘. Use the
improvement factor method to determine the required
area replacement ratio of stone columns.

5.29. A large steel-reinforced mat foundation, in a dimen-
sion of 10 m× 10 m, is to be constructed on 15-m-thick
uniform soft clay, underlain by dense sand. The mat
foundation is 0.5 m thick and is placed on the ground
surface. The applied load on top of the mat founda-
tion is 10 MN. The drained elastic modulus of the soft
clay increases linearly with 1–5 MPa from the base of
the mat foundation to the bottom of the soft clay. The
Poisson’s ratio of the soft clay is 0.3. The elastic mod-
ulus of the dense sand is 40 MPa. Nine vibro-concrete
columns (0.5 m in diameter) are installed in a square
pattern at spacing of 3 m from the center under the
mat foundation. The elastic modulus of the columns is
15 GPa, while the elastic modulus of the mat is 30 GPa.
Calculate the settlement of the mat foundation using
the piled raft method.

5.30. What are the key differences between granular
columns and sand drains in accelerating consolidation
of soft soil?

5.31. The backfill material for granular columns has 5% par-
ticles passing U.S. No. 200 sieve. The effective grain
size corresponding to 10% passing the sieve size is
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4.75 mm. The dry unit weight of the compacted gran-
ular column is 19.5 kN/m3 and the specific gravity is
2.67. Estimate the permeability of the granular col-
umn.

5.32. Free-draining granular columns with a diameter of
0.8 m and an area replacement ratio of 0.15 are used to
accelerate the consolidation of an 8-m-thick soft soil
under an embankment. The soft soil has initial void
ratio of 0.95, drained elastic modulus of 2 MPa, Pois-
son’s ratio of 0.3, and vertical and radial permeability
of 1.0×10−9 m/s and 2.0× 10−9 m/s, respectively. This
soft soil is underlain by a highly permeable sand layer.
The groundwater is at the ground surface. The granular
columns fully penetrate the soft soil into the sand layer.
The steady-state stress concentration ratio is 2.5. Cal-
culate the degrees of consolidation without and with
granular columns in three months.

5.33. In Problem 5.32, the installation of granular columns
induces a smear zone, which is 1.0 m in diameter
and has permeability equal to 50% that of the natural
soil. The permeability of the stone columns is 3.0 ×
10−6 m/s. Calculate the degree of consolidation of the
granular column-reinforced soft foundation consider-
ing smear and well resistance in three months.

5.34. A site consists of a soft soil with an undrained co-
hesion of 20 kPa and an effective friction angle of
23∘. Granular columns with an area replacement ra-
tio of 0.20 are installed to increase the stability of an
embankment against deep-seated failure. The granu-
lar columns have zero cohesion and an effective fric-
tion angle of 38∘. Calculate the equivalent undrained
shear strength and the effective friction angle of the
column-reinforced soft foundation.

5.35. A site consists of uniform medium sand with 5%
fine content. The thickness of this sand layer is
12 m from the ground surface. The minimum and
maximum void ratio values are 0.45 and 0.98, re-
spectively. The groundwater table is at 1.5 m from
the ground surface. The SPT N60 value at a depth
of 6 m is 5. This site is located in a seismic-active
area. The potential earthquake magnitude can be 7.0.
The peak ground acceleration can reach as high as
0.3g. Granular columns are proposed to densify this
possible liquefiable soil (please verify the liquefaction
potential first) to prevent potential liquefaction.
Assume the average diameter of stone columns can
reach 0.75 m, the length of stone columns is 12 m,
and the ground subsides 50 mm after the installation.
The shear modulus ratio of column to sand is 10.
Determine the spacing of granular columns in a square
pattern without and with considering the shear stress
reduction factor.

5.36. Explain how geosynthetic-encased granular columns
are different from traditional granular columns.

5.37. Geosynthetic-encased granular columns are installed
in normally consolidated soft soil with an undrained
shear strength of 10 kPa. The diameter of the columns
is 0.5 m. The total unit weight of the soil is 16 kN/m3

and its effective friction angle is 20∘. The friction angle
of the granular column is 36∘. The geosynthetic en-
casement has an allowable tensile strength at 5% strain
is 20 kN/m. Calculate the ultimate bearing capacity
of a single geosynthetic-encased column considering
possible bulging failure.

5.38. A large oil tank of 75 m in diameter is planned to
be constructed on a normally consolidated soft soil.
The maximum tank load (including self-weight) is 600
MN. The site consists of an 8.5-m-thick soft clay un-
derlain by a bedrock (no deformation is considered).
This soft soil has the following properties: saturated
unit weight, 𝛾s = 15.0 kN/m3, drained elastic modu-
lus, Es = 2.5 MPa, Poisson’s ratio, vs = 0.3, and ef-
fective friction angle, 𝜙′s = 20∘. The tank is embedded
at 1.0 m deep and the groundwater table is at 1.0 m
below the ground surface. Geosynthetic-encased sand
columns of 0.55 m in diameter are proposed in a square
pattern with spacing of 1.2 m to minimize the settle-
ment. The sand columns have a unit weight, 𝛾c =
19.0 kN/m3, and an effective friction angle, 𝜙′c = 34∘.
The tensile stiffness of the geosynthetic casing is J
= 2250 kN/m. The initial diameter of the geosyn-
thetic encasement is 0.55 m. Calculate the settlement
of the tank without and with geosynthetic-encased
sand columns.
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CHAPTER 6

Drainage and Dewatering

6.1 INTRODUCTION

Water can come from the following sources (Figure 6.1):

1. Precipitation
2. Snow melting
3. Seepage from higher ground (e.g., from water inside

dams, lakes, and rivers)
4. Rising groundwater
5. Vapor movements due to temperature and/or humidity

difference
6. Capillary action

Climate change affects the sources from 1 to 5. Capil-
lary action happens most in fine-grained materials. Move-
ment of water in geomaterial can happen by gravity (fast
in coarse-grained materials but slow in fine-grained materi-
als), capillary action (mainly in fine-grained materials), va-
por pressure, or a combination of any of the above actions.

Water is one of the most common causes for failures in
geotechnical engineering. Detrimental effects of water in-
clude but are not limited to:

• Reduction of geomaterial strength and stiffness
• Increase of geomaterial weight
• Generation of excess pore water pressure
• Necessary condition for liquefaction
• Development of uplift force
• Development of seepage force
• Increase of lateral earth pressure
• Expansion of geomaterial
• Collapse of geomaterial
• Erosion of soil particles and rock
• Migration of fines
• Freeze–thaw
• Stripping of asphalt pavement
• Durability cracking of concrete

Removal of water from geomaterials, pavements, or earth
structures can prevent or minimize the above problems. One
easy solution is to properly manage surface water by de-
signing and constructing slopes, ditches, and impermeable
surface layers. Table 6.1 shows the typical requirements for
transverse slopes of pavements, shoulders, and ditches. How-
ever, management of surface water is not always enough to
solve all the problems. Therefore, it is also important to prop-
erly control groundwater.

Different methods are available to control groundwater
(Figure 6.2):

• Drainage
• Dewatering
• Barrier

Both drainage and dewatering remove groundwater from
geomaterials. Drainage removes water by gravity or water
head through permeable layers as shown in Figure 6.2(a).
Dewatering removes water by induced water head differ-
ence from pumps [Figure 6.2(b)] or electric gradients from
electroosmosis. Barrier prevents water from entering ge-
omaterials by installing a low permeable geomembrane
[Figure 6.2(c)], clay liner, or cutoff wall. To prevent or min-
imize capillary rise of water, a large pore granular layer or
geotextile layer may be placed to break the capillary action.
Drainage promotes water movement while barrier prevents
water movement. Therefore, barrier is opposite to drainage.

To ensure long-term drainage, a soil filter may be used
between the drainage layer and the fine-grained geomaterial.
The soil filter allows water to run through but does not allow
soil particles to go through. This function is often referred to
as filtration.

In addition to granular layers for drainage, soil filters for
filtration, and clay layers for barrier, geosynthetics have been
used for the same purposes. The types, functions, and prop-
erties of geosynthetics are discussed in Chapter 2. Nonwoven
and woven geotextiles have apparent advantages for sepa-
ration and filtration between fine-grained geomaterials and
coarse-grained geomaterials. Geocomposites, formed by a
geonet and a geotextile, can provide a drainage path to remove
water entering geomaterials. Geomembranes are mostly used
as barriers for moisture-sensitive geomaterials, such as ex-
pansive soils, to prevent water from entering the soil mass.
Geomembranes have been placed vertically, horizontally, or
in a combination around expansive soil to prevent water intru-
sion into the expansive soil. This application has been used in
limited locations due to the nature of the problems. A technical
book by Steinberg (1998) well documented this application;
therefore, no further discussion will be provided in this book.
Geotextiles and geocomposites utilize their large pores to
break capillary rise in fine-grained geomaterials to prevent
frost heave (Henry, 1996; Han and Jiang, 2013).
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Figure 6.1 Sources of water (FHWA, 1992).

Table 6.1 Typical Transverse Slopes of Pavements,
Shoulders, and Ditches

Feature Pavement Shoulder Ditch

Slope (%) 1.5–4 4–6 25–50

Source: modified from Huang (2004).

(c) Barrier

Gravel backfill Vertical moisture barrier

Pavement surface Base course

Horizontal moisture barrier

(a) Drainage

Pipe

Retaining wall
Retained soil

Drainage fill

Geotextile

Pipe

(b) Dewatering

RiserBase of
Excavation 

Draw-down curveMinimum
distance

Excavation
depth

Well pointLowered
water table

Original water table

Header pipe
to pump

Figure 6.2 (a) Drainage, (b) dewatering, and (c) barrier.

In the following sections, principles of water flow in geoma-
terials, filtration, drainage, and dewatering will be discussed.

6.2 PRINCIPLES OF WATER FLOW
IN GEOMATERIAL

6.2.1 Bernoulli’s Equation

From fluid mechanics, the water head in geomaterial can be
expressed as Bernoulli’s equation as follows:

hw =
u
𝛾w
+ v2

2g
+ Z (6.1)

where
hw = total water head
u = pore water pressure
𝛾w = unit weight of water
v = seepage velocity of water
g = acceleration of gravity
Z = water elevation head

The first, second, and third terms in Equation (6.1) are
referred to as pressure head, velocity head, and elevation
head, respectively.

Since the seepage velocity, v, in geomaterial is often rel-
atively small, the velocity head can be neglected. Hence,
Equation (6.1) can be simplified into

hw =
u
𝛾w
+ Z (6.2)

Figure 6.3 shows the water heads at different locations of a
soil sample. The hydraulic gradient between positions 1 and
2 is defined as follows:

i =
hw1 − hw2

L
=
Δhw

L
(6.3)

where
hw1 = water head at position 1
hw2 = water head at position 2
L = distance between positions 1 and 2

At datum 1, the total water heads at points A, B, and C are
hw1, hw3, and hw2, respectively. Assume the water heads, hw1
and hw2 are known, the water head, hw3, can be solved below.

For an equal rate of water flow from positions 1 to 2 and
positions 1 to 3,

Qw1 = Qw2 (6.4a)

k
hw1 − hw2

L
A = k

hw1 − hw3

L∕2
A (6.4b)

hw3 = hw1 −
1
2
(hw1 − hw2) =

hw1 + hw2

3
(6.4c)

where
Qw1 = quantity of water flow from positions 1 to 2
Qw2 = quantity of water flow from positions 1 to 3
k = soil permeability
A = cross-sectional area of soil sample
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Figure 6.3 Water heads at different locations.

At datum 2, the total water heads at points A, B, and C are
hw1 + Z, hw3 + Z, and hw2 + Z , respectively. Based on the
same procedure, the water head, hw3, can be solved below:

k
(hw1 + Z) − (hw2 + Z)

L
A = k

(hw1 + Z) − (hw3 + Z)
L∕2

A

(6.5a)

hw3 = hw1 −
1
2
(hw1 − hw2) =

hw1 + hw2

2
(6.5b)

The important conclusion from the above exercise is that
the total head depends on the elevation, but the pressure head
does not depend on the elevation.

6.2.2 Flow Net

Flow net is a simplified method to compute the rate of water
flow. Figure 6.4 shows that the soil sample is divided by a
flow net, which consists of flow lines and equipotential lines.

A flow net has the following characteristics:

• Flow lines or streamlines represent flow paths of parti-
cles of water.

• The area between two flow lines is called a flow channel.
• The rate of flow in a flow channel is constant.
• Flow cannot occur across flow lines.
• The velocity of flow is normal to the equipotential line.
• Flow lines and equipotential lines are orthogonal (per-

pendicular) to each other.
• The difference in head between two equipotential lines

is called the potential drop or head loss.
• The boundary of an impervious layer is a flow line.

For computation convenience, a flow net element is often
drawn in a square shape, in which a circle can fit in as shown
in Figure 6.4. For each channel, the rate of flow is

Qwi = Aiki = (Bi ⋅ 1)k
Δhwi

Li
= k

Δhw

Nhd

Bi

Li
(6.6)

Figure 6.4 Flow net of soil sample.
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where
Ai = cross-sectional area of a channel
Bi = distance between two flow lines at location i
Li = distance between two adjacent equipotential

lines,
Δhwi = head loss between two adjacent equipotential

lines
Δhw = total head loss between positions 1 and 2, and
Nhd = number of equipotential drops

Since Bi∕Li = 1, then

Qwi = k
Δhw

Nhd
(6.7)

The total rate of flow for all Nf channels is

Qw = Nf Qwi = k Δhw

Nf

Nhd
(6.8)

Depending on the nature of a problem, a flow net may
be inclined or curved as shown in Figure 6.5. However, the
characteristics of the flow net as listed above still remain.
The “square” shape of an element in a curved flow net is
imaginary, as shown in Figure 6.5(b), in which a circle is
fitted in.

When a soil has different permeability values in the verti-
cal and horizontal directions, the horizontal scale should be
scaled by a factor of

√
kv∕kh and then the flow net is drawn.

The rate of flow can be calculated as follows:

Qw =
√

kvkh

ΔhwNf

Nhd
(6.9)

where

kv = soil permeability in the vertical direction
kh = soil permeability in the horizontal direction

6.2.3 Pore Water Pressure and Uplift Force

Based on Equation (6.2), the pore water pressure can be
calculated as follows:

u = 𝛾w(hw − Z) (6.10)

If there is a head loss, then

u = 𝛾w(hw − Δhw − Z) (6.11)

where Δhw is the water head loss.
Figure 6.6 shows an example of the uplift force analysis.

Head loss per each equipotential line is

Δhw1 =
Δhw

Nhd
(6.12)

The pore water pressure at point a is

ua = 𝛾w(hw − Δhw1 − Z) (6.13a)

(a) Inclined 

(b) Curved 

2

Flow lines
Equipotential line

Bi
Li

∆hw

1

2

Q
w

Bi

∆hw

Nhd

Figure 6.5 Flow nets in different inclinations and shapes: (a) in-
clined and (b) curved.

The pore water pressure at point b is

ub = 𝛾w(hw − 2Δhw1 − Z) (6.13b)

The pore water pressures at other locations can be calcu-
lated in the same manner. Therefore, the total uplift force is

Pu =
1
2
(ua + ub)lab +

1
2
(ub + uc)lbc +

1
2
(uc + ud)lcd

+1
2
(ud + ue)lde +

1
2
(ue + uf )lef (6.14)

where lab, lbc, lcd, lde, and lef are the lengths of the segments
from a to b, b to c, c to d, d to e, and e to f.

6.2.4 Stresses Due to Seepage

Upward Seepage Water flow through a soil mass is called
seepage, which induces stresses in the soil mass. For an
upward seepage (i.e., the water head at point B is higher than
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L

Impermeable

hw

Z

Impermeable

a b c d e f

Datum

a b c d e f

L

ufue
ud

uc
ub

ua

(a) Flow net

(b) Pore water pressure

∆hw

Figure 6.6 Example of uplift force analysis: (a) flow net and (b)
pore water pressure.

that at point A) as shown in Figure 6.7, the total vertical stress,
the pore water pressure, and the effective vertical stress at
point C are

𝜎C = hw𝛾w + z𝛾sat (6.15)

uC =
(

hw + z + z
L
Δhw

)
𝛾w (6.16)

𝜎
′
C = 𝜎C − uC

= (𝛾sat − 𝛾w)z −
Δhw

L
z𝛾w = 𝛾

′z − iz𝛾w (6.17)

If 𝜎′C = 𝛾
′z − iz𝛾w = 0, the soil loses stability. This situa-

tion is generally referred to as boiling, or a quick condition.
It is also called static liquefaction, which is similar to the
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Figure 6.7 Upward seepage through a soil sample.
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Figure 6.8 Downward seepage through a soil sample.

liquefaction due to dynamic loads, such as earthquake. This
situation developing under dams or excavations is often re-
ferred to as piping. The hydraulic gradient at the zero effec-
tive stress is

icr =
𝛾
′

𝛾w
(6.18)

where icr is the critical hydraulic gradient. For most soils,
icr = 0.9–1.0. To avoid this instability, the hydraulic gradient
in the soil should be less than icr.

Downward Seepage The downward seepage is opposite to
the upward seepage (i.e., the water head at point A is higher
than that at point B as shown in Figure 6.8). The total vertical
stress, the pore water pressure, and the effective vertical
stress at point C are

𝜎C = hw𝛾w + z𝛾sat (6.19)

uC = (hw + z − iz)𝛾w (6.20)

𝜎
′
C = 𝜎C − uC = z𝛾 ′ + iz𝛾w (6.21)

Therefore, the downward seepage increases the effective
stress in the soil.

Seepage Force The seepage force due to upward or down-
ward seepage can be expressed as follows:

Ps = (iz𝛾w)A = (i𝛾w)V (6.22)

where V is the volume of soil.

6.3 FILTRATION

6.3.1 Introduction

Basic Concept Filtration is a function of a filter to allow
for adequate liquid flow but limit soil particle loss across
an interface plane. The liquid can be water, leachate from
landfill, or another fluid. Since water is the most common
fluid encountered in geotechnical engineering, it is discussed
in this chapter. Filters can be a granular material or geotextile
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Figure 6.9 (a) Granular filter and (b) geotextile filter.

as shown in Figure 6.9. The filter is placed between two
dissimilar geomaterials of largely different particle sizes.
The use of geotextile significantly reduces the thickness of
the filter as compared with the granular filter. Opening size
of the filter is the key to the filtration performance. Two
basic criteria for a filter are permeability and retention. Three
types of retention are used for different applications (Giroud,
2010):

• Total retention: complete prevention of particle loss
with low permeability (e.g., at a downstream side of a
dam to prevent piping)

• Optimum retention: a balance between adequate liq-
uid flow and limited particle loss (e.g., for most filter
applications)

• Partial retention: slow and progressive loss of particles
(e.g., on a waterfront bank subjected to turbulent and
multidirectional flow)

Most filtration criteria have been developed based on
the optimum retention for filters subjected to nonturbulent,
one-directional flow. Giroud (2010) suggested two additional
criteria for geotextile filters: porosity and thickness criteria.

Suitability Granular and geotextile filters are mostly used
between fine and coarse cohesionless geomaterials. They are
sometimes used between clays and cohesionless soils. How-
ever, most filter criteria have been developed for cohesionless
geomaterials.

Applications Granular and geotextile filters are mostly
used in or for dewatering trenches, wall facing and internal
drainage, roadway base and edge drainage, landfill drainage,
dam toe drainage or drainage behind clay core, liquid reser-
voir with clay liner, silt fence, and rip-rap erosion protection.

Advantages and Limitations Granular and geotextile filters
are easy and inexpensive to install. They are effective to al-
low for adequate liquid flow and retain particles if properly
designed and installed. For most filtration and drainage ap-
plications, geotextile filters have shown cost advantages over
granular filters because of (Holtz et al., 2008):

• Use of lower-cost drainage aggregates
• Possible use of smaller-sized drains

• Possible elimination of collector pipes
• Expedient construction
• Lower risk of contamination and segregation of

drainage aggregate during construction
• Reduced volume of excavation

Filters may become ineffective if their void channels are
clogged by particles, chemical, and biological matter dur-
ing the service life. Filtration is only beneficial when liq-
uid is involved; therefore, it cannot solve any non-liquid-
related geotechnical problems.

6.3.2 Principles

Filtration versus Separation Filtration and separation are
two terms that have been used in geotechnical practice. They
have similarities and differences and sometimes coexist in
the same application. Both filtration and separation deal with
two dissimilar materials. When geosynthetics are placed at
the interface between these two materials they prevent parti-
cles across the interface. As discussed earlier and also shown
in Figure 6.9, a filter is needed when water flows from finer
soils to coarser soils. A separator is needed when the inter-
face is subjected to loading, especially repeated loading, for
example, wheel loading. The separator prevents larger parti-
cles from moving down and smaller particles from moving
up, as shown in Figure 6.10.

When a geosynthetic is used as a filter, it is required to
have proper opening sizes. When a geosynthetic is used as
separator, it is required to have sufficient tensile strengths.
However, when a geosynthetic is used as a filter as well as
a separator, it is required to have proper opening sizes and
sufficient tensile strengths.

When granular particles are directly in contact with the
subgrade, they would penetrate or sink into the subgrade,
especially for a soft subgrade, under wheel loading. On the
other hand, repeated loading often induces excess pore wa-
ter pressure in saturated fine-grained soils. The dissipation
of excess pore water pressure involves water flow in the soil
and possible particle loss during the water flow. (A geosyn-
thetic filter if placed can minimize this particle loss.) When
granular bases are directly placed above fine-grained sub-
grade, fine particles in the subgrade may migrate into base

Figure 6.10 Soil separation: (a) no separator and (b) separator.
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courses and continue moving up to the roadway surface un-
der wheel loading. The loss of fine particles in the subgrade
would weaken its support for the pavement structure and cre-
ate space for base courses to settle in so that depressions
form on the pavement surface. Both repeated loading and wa-
ter flow would cause the intermixing of base and subgrade,
which deteriorate the quality of the base courses and eventu-
ally affect the performance of the roadway. Under such a con-
dition, both separation and filtration are needed to mitigate
this intermixing problem. In summary, filtration is needed
when there is water flow between two dissimilar materials,
while separation is needed when there is a load applied on
two dissimilar materials.

Nonwoven or woven geotextile can be used as a separator
as well as a filter. However, geomembrane can only be used
as a separator but not a filter because no or minimum water
can flow through the geomembrane. Geogrid can also be used
as a separator for coarse aggregate but not a filter because ge-
ogrid aperture sizes are too large to retain fine particles. The
requirements for a geotextile used as a separator or a filter
are different. To ensure the geotextile functions as a sepa-
rator, it must first survive construction by having sufficient
tensile strengths. The serviceability of the geotextile during
the construction depends on the subgrade condition, quality
of base material, and construction equipment. To ensure the
geotextile functions as a filter, it must meet the permeabil-
ity, retention, porosity, and thickness criteria as suggested
by Giroud (2010). To ensure the geotextile functions as a
separator as well as a filter, it should meet all the above
requirements.

Permeability To allow for adequate water flow, a filter must
have sufficient permeability. Giroud (2010) suggested that
the permeability criterion include pore water pressure and
flow rate requirements. Figure 6.11(a) shows that the inclu-
sion of a filter may change the distribution of excess pore wa-
ter pressure. The higher pore water pressure in the soil may
cause disturbance to the soil, which is not desired. There-
fore, the filter should be designed to avoid the buildup of the

Water Water

Water pressure Water pressure

Excess
pore
pressure

No excess
pore
pressure

k k

kf = is kkf > k

z z

with
respect
to the case
without filter

Soil Soil

Filter Filter

(a) Excess pore pressure (b) No excess pore pressure

Figure 6.11 Pore water pressure distribution with a filter: (a) ex-
cess and (b) no excess pore pressure (Giroud, 2010).

Table 6.2 Typical Hydraulic Gradient in Soil Next to a
Filter

Application Hydraulic Gradient, is

Dewatering trench ≤1.0
Vertical wall drainage 1.5
Road edge design ≤1.0
Inland waterway protection ≤1.0
Landfill drainage layer 1.5
Dam toe drain 2.0
Drain behind dam clay core 3 to >10
Liquid reservoir with clay liner > 10

Source: Giroud (2010).

excess pore water pressure in the soil. To achieve this objec-
tive, the permeability of the filter should meet the following
condition (Giroud, 2010):

kf ≥ isk (6.23)

where
kf = permeability of the filter
k = permeability of the soil
is = hydraulic gradient in the soil

Typical hydraulic gradient in soil next to a filter is provided
in Table 6.2.

Retention To limit loss of particles, a granular filter or geo-
textile filter should have a limited maximum opening size.
During water flow, particles can move and arrange them-
selves around the openings of the filter. When particles are
too small as compared with the opening size of the filter,
they will pass through the openings. When particles are suf-
ficiently large, they can build up a stable structure to bridge
over the openings as shown in Figure 6.12. Even though a
geotextile is shown in the figure, the same principle applies

Figure 6.12 Filter bridge formation (Holtz et al., 2008).
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to a granular filter. The particles behind the filter bridge are
retained by the stable structure. This retention is often re-
ferred to as internal stability of the soil. Therefore, the rela-
tive dimension of the maximum particle size to the opening
size of the filter and the internal stability of the soil are the
retention criterion for the filter design. Giroud (2010) sug-
gested that the retention criterion depends on soil density and
coefficient of uniformity.

Porosity and Thickness As mentioned earlier, the optimum
retention allows the loss of limited soil particles. In other
words, a small amount of particles is allowed to pass the
opening. However, it is not desired if the particles are trapped
in the channel to block water flow, as shown in Figure 6.13.
The blockage of water flow by particles is often referred to
as clogging. Similar to clogging, the openings may also be
blocked by larger particles as shown in Figure 6.13, which is
referred to as blinding. Soil clogging and blinding should be
limited in the filter design to ensure the long-term effective-
ness of a filter. In other words, there should be a sufficient
number of openings in the filter. The number of openings is
directly related to the porosity of the filter. Giroud (2010)
pointed out that the opening size of the nonwoven geotextile
also depends on its thickness if there are fewer than 25 con-
strictions (i.e., the size of passage) in the filtration paths. The
constriction is illustrated in Figure 6.14, in which the size
of a constriction is the diameter of the largest sphere pass-
ing through the constriction. The nonwoven geotextile filter
becomes reliable after the number of constrictions is larger
than 25 in any given filtration path within the thickness. For
granular filters, both porosity and thickness criteria are al-
most always met; therefore, there is no need to check these
criteria for granular filters.

Figure 6.13 Clogging and blinding (Bell and Hicks, 1980).

Figure 6.14 Constriction (i.e., passage between fibers) (Giroud,
2010).

In addition to soil clogging, there is possible chemical
and biological clogging. Chemical clogging develops when
chemical residues accumulate inside the channels or on the
opening. Bacteria and/or roots can build up inside the chan-
nels as well. These clogging effects on the reduction of flow
rate should be considered in the filter design.

6.3.3 Design Considerations

Survivability Requirements To provide proper separation
and/or filtration between two dissimilar materials when they
are in contact, geotextiles should have sufficient strength
to survive during construction. AASHTO M288 (AASHTO,
2006) defines three classes of geotextile products based on
their survivability during the construction as presented in
Table 6.3.

The evaluation of the geotextile survivability considers its
separation function. For the separation of subgrade soil with
soaked CBR> 3 or undrained shear strength > 90 kPa, which
is a typical roadway construction condition, Class 2 geotextile
should be used. When the subgrade soil has a CBR of 1–3 or
undrained shear strength of 30–90 kPa, reinforcement of the
subgrade is needed. As a result, Class 1 geotextile or geogrid
should be used. The design of geosynthetics for subgrade
improvement will be discussed in Chapter 10. The required
properties of Class 2 geotextiles are provided in Table 6.4.

Table 6.3 Classifications of Geotextiles in AASHTO
M288 Specifications

Class Description

Class 1 For severe or harsh survivability conditions where
there is a greater potential for geotextile
damage

Class 2 For typical survivability conditions; this is the
default classification to be used in the absence
of site specific information

Class 3 For mild survivability conditions
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Table 6.4 AASHTO M288 Class 2 Geotextile Strength
Requirements

Requirements Test Methods Units 𝜀g < 50% 𝜀g ≥ 50%a

Grab strength ASTM D4632 N 1100 700
Sewn seam strength ASTM D4632 N 990 630
Tear strength ASTM D4533 N 400 250
Puncture strength ASTM D6241 N 2200 1375
a
𝜀g = strain of geotextile.

The required properties of other classes can be found in the
AASHTO M288 specifications (AASHTO, 2006). For rough
estimates, the required strengths of Class 1 geotextiles are
approximately 1.3 to 1.4 times those of Class 2 geotextiles,
while the required strengths of Class 2 geotextiles are 1.3
to 1.4 times those of Class 3 geotextiles. These strength
values ensure the geotextile would not be damaged during the
construction, thus affecting its effectiveness as a separator or
filter. Geotextiles typically have large tolerable tensile strain
before rupture. Strains less and more than 50% have been used
to define the strength requirements of woven and nonwoven
geotextiles, respectively. Details of these test methods can be
found in the ASTM standards.

Lawson (1992) suggested the following equation to ensure
sufficient tear strength for a geotextile to survive during
construction in terms of the maximum stone size (not more
than 100 mm):

Tt ≥ 750(Dmax)0.45

where Tt is the trapezoidal tear strength of the geotextile
measured according to ASTM D4533 (N) and Dmax is the
maximum stone diameter of the granular material placed on
the geotextile (m).

Lawson (1992) also proposed a relationship between the
required geotextile mass per unit area and the stone size and
the stone drop height as follows:

mg ≥ 1200
√

HgDmax

where
mg = geotextile mass per unit area (g/m2) (ASTM

D5261)
Hg = height from which the granular material is

dropped onto the geotextile (m)
Dmax = maximum stone diameter of the granular mate-

rial dropped onto the geotextile (m)

Terzaghi’s Filter Criteria The early filter criteria were pro-
posed by Terzaghi, which include permeability and retention
criteria. The permeability criterion requires

D15f ≥ CD15 (6.24)
where

D15f = filter particle size corresponding to 15% passing
D15 = soil particle size corresponding to 15% passing
C = constant (4 or 5 but 5 is commonly used)

The retention criterion requires

D15f ≤ CD85 (6.25)

where D85 is the soil particle size corresponding to 85% pass-
ing. Terzaghi’s filter criteria are only suitable for granular
filters.

FHWA Filter Criteria Figure 6.15 shows typical filter ma-
terials used for roadway constructions. The permeability of
the filter material ranges from 0.6 m/day to 30 m/day. The
maximum particle size for the filter material is 19 mm.

FHWA (Holtz et al., 2008) developed a comprehensive
filter design procedure for geotextile filters as shown in
Figure 6.16. This design procedure considers steady-state
flow, dynamic flow, and unstable soils. For most applica-
tions, the steady-state flow is considered. The dynamic flow
condition exists in coastal applications, which involves wave
actions. This FHWA filter design procedure includes four cri-
teria: (1) retention, (2) permeability, (3) clogging resistance,
and (4) survivability and endurance.

Under the steady-state flow condition, the soil to be
protected can be coarse grained or fine grained. For a coarse-
grained soil, the coefficient of uniformity is used for the
retention criterion, while for a fine-grained soil only D85
is needed. It is a general requirement that the permeability
of the geotextile filter should be 1.0–10.0 times that of the
soil, depending on the applications and site conditions.
However, the required permittivity of the geotextile depends
on the percent of fines in the soil. Permittivity as discussed
in Chapter 2, is a parameter to evaluate the rate of water
flow through the geotextile perpendicular to the plane of the
geotextile. This parameter is important for the permeability
criterion of filtration. O95 stands for an apparent opening
size (AOS) of a geotextile. This parameter is important for
the geotextile to retain fine particles but still allow water flow
through the geotextile. To minimize the risk of clogging, it
is recommended that the geotextile with the largest available
opening size be used to satisfy the retention criterion. For
woven geotextiles, the percent opening area (POA) should
be greater than 4%. For nonwoven geotextiles, the porosity
of the geotextile should be greater than 50% under the actual
stress condition. The porosity of the geotextile is defined
as follows:

ng = 1 −
mg

𝜌f tg
(6.26)

where
mg = geotextile mass per unit area
tg = geotextile thickness
𝜌f = density of filaments

In addition to retention, permeability, and clogging resis-
tance criteria, FHWA (Holtz et al., 2008) suggests survivabil-
ity and endurance criteria. The survivability requirements for
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Figure 6.15 Typical granular filter and drainage materials (Cedergren et al., 1972).
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Figure 6.16 Flowchart summary of the FHWA filter design procedure (Holtz et al., 2008).
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Table 6.5 AASHTO M288 Subsurface Filtration Geotextile Requirements

Test Methods Units Requirements
(% in situ soil passing No. 200)

<15 15–50 >50
Geotextile Class Class 2

Permittivity ASTM D4491 s−1 0.5 0.2 0.1
AOS ASTM D4751 mm 0.43 0.25 0.22
UV stability ASTM D4355 % % retained strength after 500 h of exposure

geosynthetics to survive construction are discussed earlier
in this section. Ultraviolet (UV) stability is a parameter to
ensure the long-term stability of the geotextile exposed to
UV. Typically, the tensile strengths of geotextile products
would decrease after exposed to UV.

The minimum requirements for a geotextile used as a sep-
arator are provided as follows:

• Class 2 geotextile
• Permittivity = 0.02 s−1

• O95 (AOS) = 0.60 mm
• 50% retained strength after 500 h of exposure to UV

The requirements for a geotextile used as a filter are pro-
vided in Table 6.5.

Giroud’s Filter Criteria Giroud (2010) developed the new
criteria for geotextile and granular filters based on the mech-
anisms of filtration, theoretical analysis, and experimental
data. The new criteria are applicable to cohessionless soils. In
this development, he considered the following four criteria:

• Permeability criterion
• Retention criterion
• Porosity criterion
• Thickness criterion

The permeability criterion was developed based on two re-
quirements: pore water pressure and flow rate requirements.
From these requirements, the following two equations are ob-
tained:

For geotextile filters:

kf ≥ max(isk, k) (6.27)

For granular filters:

kf ≥ max(isk, 25k) (6.28)

The first value in the parenthesis was established based
on the pore water pressure requirement while the second
value was based on the flow rate requirement. Giroud (2010)
pointed out that the Terzaghi permeability criterion was

based on the flow rate requirement. Pore water pressure re-
quirement should also be considered for the permeability
criterion.

Giroud (2010) suggested that the retention criteria depend
on the soil density and the linear coefficient of uniformity.
The linear coefficient of uniformity is defined below based
on the linear line of the central portion of the actual particle
size distribution curve as shown in Figure 6.17:

C′
u =

D′
60

D′
10

=

√
D′

100

D′
0

(6.29)

where the preceding parameters are defined in Figure 6.17.
Giroud (2010) used the concept of opening size for a filter.

For a granular filter, the opening size can be approximated as
follows:

Of ≈
D15f

5
(6.30)

For a geotextile filter, the opening size is

Of = O95 (6.31)

Based on mathematical analyses on the effects of the soil
density and the soil linear coefficient of uniformity, Giroud
(2010) obtained the following equations.

For C′u ≤ 3:

For loose soils (relative density Dr < 35%),

Of ≤ (C′u)0.3D′
85 (6.32)

Figure 6.17 Linear coefficient of uniformity (Giroud, 2010).
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For medium dense soils (35% < Dr < 65%),

Of ≤ 1.5(C′u)0.3D′
85 (6.33)

For dense soils (Dr ≥ 65%),

Of ≤ 2(C′
u)0.3D′

85 (6.34)

For C′u > 3:

For loose soils (Dr < 35%),

Of ≤
9D′

85

(C′u)1.7
(6.35)

For medium dense soils (35% < Dr < 65%),

Of ≤
13.5D′

85

(C′u)1.7
(6.36)

For dense soils (Dr ≥ 65%),

Of ≤
18D′

85

(C′u)1.7
(6.37)

To minimize disturbance of water flow from the soil to the
filter and ensure sufficient channels for water flow even if
some channels are clogged by small particles, Giroud (2010)
suggested geotextile filters should have sufficient porosity as
follows:

For woven geotextiles the percent opening area (POA)
should be

POA ≥ 10% (6.38)

For nonwoven geotextiles, the porosity should be

ng ≥ 0.55 (6.39)

To ensure the reliability of a nonwoven geotextile filter,
the filter should have sufficient thickness, which has the
following constriction number requirement:

Nconst =
mg

𝜌f dfm

√
1 − ng

≥ 25 (6.40)

where mg = geotextile mass per unit area
𝜌f = density of filaments

dfm = diameter of filaments
ng = porosity

Based on the material properties of the geotextile, its open-
ing size can be estimated using the following equation:

Of

dfm
≈ 1√

1 − ng

− 1 +
10ng(𝜌f dfm)

mg
(6.41)

Allowable Long-Term Flow Rate In addition to the filter
criteria, and the survivability and endurance criteria, a de-
sign should evaluate the allowable long-term flow rate for a

geotextile used for filtration. The formula for the allowable
long-term flow rate and the reduction factors considering
creep reduction of void space, adjacent material’s intrusion,
soil clogging and blinding, chemical clogging, and biological
clogging are presented in Chapter 2.

6.3.4 Design Parameters and Procedure

Design Parameters Depending on the criteria used for the
filter design, different design parameters may be needed. The
Giroud filter criteria are most comprehensive and require
most design parameters. For granular filters, the following
design parameters are needed for the Giroud filter criteria:

• Soil gradation
• Soil density
• Soil permeability
• Hydraulic gradient in soil
• Granular filter gradation
• Granular filter permeability.

For geotextile filters, the following parameters are needed
for the Giroud filter criteria:

• Soil gradation
• Soil density
• Soil permeability
• Hydraulic gradient in soil
• Geotextile permeability
• Geotextile apparent opening size, O95
• Geotextile percent opening area, POA
• Geotextile mass per unit area
• Density of filaments
• Diameter of filaments

In addition to the parameters related to the filter design,
the strength parameters and UV stability of geotextiles are
needed for the survivability and endurance considerations.

Design Procedure The design of granular filters and geo-
textile filters can be accomplished in one of the two options:
(1) select a filter candidate and then verify its parameters
against the criteria (if not satisfactory, reselect the candidate
and repeat the procedure) and (2) according to the soil param-
eters, determine the required filter parameters based on the
filter criteria and then select an appropriate filter product. The
design procedure for granular filters in terms of the second
option using the Giroud criteria includes the following steps:

1. Based on the permeability of the soil, determine the
minimum permeability of the filter to meet pore water
pressure and flow rate requirements (a typical hydraulic
gradient value in Table 6.2 may be used).

2. Based on the soil gradation and density, determine the
maximum opening size of the granular filter.
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The design procedure for geotextile filters using the Giroud
method includes one or two more steps in addition to the first
two steps for the granular filter:

1. Determine the minimum percent opening area for wo-
ven geotextiles or the minimum porosity for nonwoven
geotextiles.

2. Determine the required nonwoven geotextile thickness
based on the number of constrictions greater than 25.

A similar procedure can be adopted using the FHWA filter
criteria. However, the FHWA filter criteria do not have the
thickness requirement.

6.3.5 Design Example

Problem

A nonwoven geotextile is needed as a separator as well
as a filter between base course and subgrade soil for a
local roadway construction. The subgrade soil is a CL
clay (D85 = 0.2 mm) and its CBR value is 3.5%. This
separator should also meet the filter criterion (FHWA
filter criteria) to prevent fine particles migrating into
the base course. Please provide the specifications of
this geotextile.

Solution

Based on the AASHTO M288 geotextile specifications,
class 2 geotextile should be used for separation of
subgrade when CBR > 3 (CBR = 3.5 for this case).
Since the product used in this project is nonwoven
geotextile, the elongation at failure is greater than 50%.
The strength property requirements based on AASHTO
M288 are grab strength, Tgrab = 700 N, sewn seam
strength, Tseam = 630 N, tear strength, Ttear = 250 N
puncture strength, and Tpuncture = 1375 N.

Based on the AASHTO M288 separation geotextile
property requirements, other requirements for a geo-
textile separator are permittivity, Ψg = 0.02 s−1, max-
imum apparent opening size, O95 = 0.60 mm, and ul-
traviolet stability (retained strength) = 50% after 500 h
of exposure.

A special requirement for the geoextile in this project
is to meet the filter criterion of the FHWA filter cri-
teria. Since the subgrade is a CL soil, the percent of
fine is greater than 50%. For a nonwoven geotextile,
O95 ≤ 1.8D85, that is, O95 ≤ 0.36 mm. In addition, O95
< 0.30 mm is required by the FHWA design flowchart.
Among all the opening size requirements for the reten-
tion criteria, O95 < 0.30 mm controls.

Considering a local road construction, which is a
less critical application, kg > k and 𝜓g ≥ 0.1 s−1. This
required permittivity is higher than that for separation;
therefore, 𝜓g ≥ 0.1 s−1 should be used.

For clogging resistance, the required porosity for the
nonwoven geotextile is ng ≥ 50%.

6.3.6 Construction

Granular and geotextile filters are often used together with
drainage materials for drainage purposes. Therefore, the con-
struction using these filters will be discussed in the next
section on drainage.

6.3.7 Quality Control and Assurance

For the same reason as that for the construction using granu-
lar and geotextile filters, their quality control and assurance
will also be discussed in the next section.

6.4 DRAINAGE

6.4.1 Introduction

Basic Concept It is well known that water is detrimental
to performance and life of roadways and earth structures in
geotechnical engineering. Removal of water would prevent
damage and failure, maintain performance, and prolong the
life of these structures. Highly-permeable granular, geosyn-
thetic, or combined layers (often called drains) can be in-
stalled to remove water from roadways, earth structures, and
ground as shown in Figure 6.18. Drains are often protected
by filters or have filters as part of the drains to maintain
their long-term effectiveness. In Figure 6.18(a), the subbase
below the granular base serves as a filter. Geotextile filters
have been increasingly used around granular drains due to
their cost and volume advantages as shown in Figure 6.18(b).
Further volume reduction can be achieved by using geocom-
posites to replace granular drains as shown in Figure 6.18(c).
Geocomposites typically consist of a drainage core (such as
a geonet) covered by a geotextile sheet as a filter on one side
or two sides as shown in Figure 6.19. The design of filters
has been discussed in the previous section.

There are four types of drains commonly used in practice:

• Drainage layer or blanket
• Longitudinal drain
• Transverse drain
• Vertical drain

In granular drains, drainable pipes are often included to
collect and discharge water. Vertical drains are often used in
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(b) Geosynthetic drain

Drainage
geocomposite

Asphalt or PCC pavement

Subgrade
DrainDrain

(c) Combined drain

Geotextile

(a) Granular drain

Edge drain

Pavement surface Subbase (filter)

Drainable
base course

Daylighted drainage
blanket

Subgrade

Pipe

Figure 6.18 Different types of drains: (a) granular, (b) geosyn-
thetic, and (c) combined drains.

Figure 6.19 Geocomposite drain.

the ground to dissipate excess pore water pressure induced
by dynamic loading (such as deep dynamic compaction) or
preloading. The use of vertical drains for deep dynamic com-
paction is discussed in Chapter 3, while the use of vertical
drains for preloading is discussed in Chapter 7.

The benefits of good drainage have been recognized in
many geotechnical designs. For example, free-draining fill
is required for mechanically stabilized earth walls, which
will be discussed in Chapter 10. The 1993 AASHTO Guide
for Design of Pavement Structures includes a drainage coef-
ficient to calculate pavement structural capacity. Drainable

aggregate layers have been successfully used in rigid and
flexible pavements. AASHTO (1993) defined the quality of
pavement drainage from excellent (i.e., water is removed
within 2 h) to very poor (water does not drain) based on
the time for water to be removed within the pavement sys-
tem. However, to provide enough drainage capacity neces-
sary for good to excellent drainage, a thick drainable granular
base (typically 100–300 mm thick) is needed. FHWA (1992)
recommended that a drainable base should have a mini-
mum permeability of approximately 300 m/day, which can
remove water from the roadway system within a few hours.
The open-graded bases in Figure 6.15 are good drainage
materials.

Suitability Drains are mostly used above, below, behind, or
inside low permeable materials. For example, drainage bases
are often placed above fine-grained subgrade and below as-
phalt or concrete pavements to remove water from the pave-
ment system. Drainage layers are installed behind the facing
of retaining walls to reduce lateral earth pressure. Vertical
drains are installed in soft clays to accelerate consolidation.

Applications Drains have been used for many different
applications. Figure 6.20 shows a few examples of these
applications. Trench or edge drains [Figure 6.20(a)] have
been commonly used to remove surface runoff water
from roadway systems. Pavement drains [Figure 6.20(b)]
are to remove water entering into pavement foundations
through pavement cracks and joints. Retaining wall drains
[Figure 6.20(c)] are to reduce lateral earth pressures on wall
facing. Chimney drains [Figure 6.20(d)] are often installed
in dams or levees to lower water heads between upper stream
and lower stream. Interceptors or toe drains [Figure 6.20(e)]
are used to minimize seepage forces on slopes. Vertical
drains [Figure 6.20(f)] are to accelerate the dissipation of
excess pore water pressure in soft soil.

Advantages and Limitations Drains are easy and often in-
expensive to install. They are effective to minimize or pre-
vent many water-related geotechnical problems. They can be
used to:

• Reduce soil moisture content, increase soil strength, and
increase soil modulus.

• Accelerate consolidation and settlement.
• Reduce lateral earth pressure.
• Reduce uplift force.
• Reduce the rate of pavement deterioration.
• Minimize or eliminate soil expansion.
• Minimize or eliminate soil collapse.
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Figure 6.20 Examples of drainage applications (modified from Holtz et al., 2008).

• Minimize or eliminate frost heave and freeze–thaw
problems.

• Enhance stability of dams, levees, and slopes.

Vertical drains in soft soils are effective only if there is
surcharge or excess pore water pressure induced by dynamic
loading. Drains cannot be used to solve non-water-related
geotechnical problems. Drains may become ineffective if
they are clogged.

6.4.2 Principles

Steady-State Flow versus Unsteady-State Flow Steady-
state flow is referred to as the condition when all the flow
lines are parallel and they do not interfere with each other.
This condition exists when there is a uniform drainage layer
and the water head difference between the upper and bot-
tom flow lines is the same at all the locations. Unsteady-state
flow is referred to as the condition when the flow lines are
not parallel and they may interfere with each other. This
condition exists when the drainage layer is not uniform and
water head difference is different at different locations. The
unsteady-state flow occurs when the drainage layer does not

have a full storage capacity as shown in Figure 6.21. Un-
der such a condition, there is a drawdown line, which has
a maximum height of water. The design of a drainage layer
should ensure that the thickness of the drainage layer should
be larger than the maximum height of water.

Figure 6.21 Unsteady-state flow and maximum height of water.
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Figure 6.22 Hydraulic gradient of flow parallel to slope.

To describe the unsteady-state flow capacity, a degree of
drainage is defined as a ratio of the volume of drained water
since the infiltration stops to the total storage capacity of the
drainage layer. Fifty percent drainage as an average value is
commonly used in practice.

Hydraulic Gradient The hydraulic gradient of water flow
parallel to a slope as shown in Figure 6.22 can be expressed
as follows:

i =
Δhw

L
= sin 𝛽 (6.42)

where
Δhw = head difference
L = distance parallel to the slope, and
𝛽 = slope angle

When the slope angle is equal to 90∘ (i.e., a vertical flow
as shown in Figure 6.23), the hydraulic gradient i = 1.

Effective Porosity Different soils have different water hold-
ing capacities under gravity. Not necessarily all the water in

Figure 6.23 (a) Horizontal drainage layer and (b) vertical
drainage layer.

the soil drains out under gravity. Effective porosity is used
to describe the gravity-induced drainage potential of water
from a specific soil. The soil effective porosity is defined as
the ratio of the volume of drained water under gravity to the
total volume of the sample, that is,

ne = npWL (6.43)

where
ne = soil effective porosity
np = soil porosity
WL = water loss (%)

Typical water loss values are provided in Table 6.6.

Quality of Drainage The 1993 AASHTO Guide for De-
sign of Pavement Structures specifies the quality of drainage
in Table 6.7. The quality of drainage affects the pavement
design life. Drainage layers can be installed in a pavement
system to improve the quality of drainage so that the pave-
ment life can be extended.

6.4.3 Design Considerations

Drainage for Retaining Wall The rate of water flow into
the drainage layer behind the retaining wall can be estimated
using a flow net as shown in Figure 6.24:

Qwi = kΔhw

Nf

Nhd
(6.44)

The rate of flow out of the drainage layer per unit width is

Qwo = kihdr (6.45a)

where
hdr = thickness of the drainage layer

k = permeability of the drainage layer, and
i = hydraulic gradient in the drainage layer

(i = 1 for a vertical drainage layer)

If a geosynthetic (geotextile or geocomposite) layer is
used as a drainage layer only as shown in Figure 6.24(a),
Equation (6.45a) can be rewritten as follows:

Qwo = 𝜃gi (6.45b)

where 𝜃g = transmissivity of the geosynthetic.

If a geosynthetic layer is used as a filter, as shown in
Figure 6.24(b), the rate of flow through the geosynthetic layer

Table 6.6 Water Loss Values (%)

<2.5% Fines 5% Fines > 5% Fines

Filler Silt Clay Filler Silt Clay Filler Silt Clay

Gravel 70 60 40 60 40 20 40 30 10
Sand 57 50 35 50 35 15 25 18 8

Source: FHWA (1992).
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Table 6.7 Quality of Drainage

Quality of Drainage Water Removed Within

Excellent 2 h
Good 1 day
Fair 1 week
Poor 1 month
Very poor Water will not drain

Source: AASHTO (1993).

into the drainage layer per unit width is

Qw = kiH = (𝜓gtg)
H
tg
(H) = 𝜓H2 (6.46)

where 𝜓g is permittivity of the geosynthetic and tg is the
thickness of the geosynthetic

Figure 6.24 Drainage design for retaining wall.

Pavement Infiltration There are different methods avail-
able to estimate the infiltration rate of surface water through
a pavement. The simplest and rough method is based on an
infiltration ratio (Cedergren et al., 1973), that is,

qwi = 24CinRR (6.47)

where
qwi = pavement infiltration (m/day)
Cin = infiltration ratio (0.33–0.50 for asphalt pave-

ments and 0.50–0.67 for concrete pavements)
RR = rainfall ratio (m/h)

The infiltration ratio, Cin, depends on pavement joints and
cracks. A value of 0.5 may be used for a preliminary design.
The typical rainfall ratio in the United States ranges from 5
to 66 mm/h.

For a pavement section, the rate of water infiltration per
unit width of the pavement in the traffic direction is

Qwi = qwiLR (6.48)

where

LR = drainage length of the pavement section in the
transverse (width) direction

Groundwater Inflow In addition to surface infiltration,
sometimes there is groundwater inflow as shown in
Figure 6.25. The groundwater inflow can be estimated using
the design chart in Figure 6.25. The influence distance, LR1,
of the drain can be estimated as follows:

LR1 = 3.8(hw − h) (6.49)

The inflow above the bottom of the drainage layer can be
determined as follows:

Qw1 =
k(hw − h)2

2LR1
(6.50)

The inflow below the drainage layer, Qw2, can be deter-
mined from Figure 6.25. Therefore, the lateral flow in a sym-
metrical section (i.e., each side of the section has a drain) is

Qwi = Qw1 + Qw2 (6.51)

Steady-State Capacity of Drainage Layer Baber and
Sawyer (1952) proposed the following formula to calculate
the steady-state discharge capacity of the drainage layer as
shown in Figure 6.26:

Qwo = khdr

(
SR +

hdr

2LR

)
(6.52)

where

k = permeability of the drainage layer
hdr = vertical thickness of the drainage layer
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Figure 6.25 Inflow of groundwater (Moulton, 1980).

Figure 6.26 Drainage layer.

SR = slope of the drainage layer
LR = lateral distance of the drainage layer

The steady-state capacity of a drainage layer is the maxi-
mum amount of water the drainage layer can drain out. The
design discharge capacity of the drainage layer should be
greater than the water inflow. If there is only surface wa-
ter infiltration, the discharge capacity should be greater than
qwiLR.

Unsteady-State Capacity of Drainage Layer The
unsteady-state capacity of a drainage layer is the amount of
water the drainage layer can drain out with time after the
infiltration (e.g., rainfall) stops. Casagrande and Shannon
(1952) proposed a simplified method to determine the time
for a 50% degree of drainage as follows:

t50 =
neL2

R

2k(hdr + SRLR)
(6.53)

where ne is the effective porosity (i.e., the porosity occupied
by the drainable water).

Alternatively, Barber and Sawyer (1952) proposed a de-
sign chart to determine the time required for any degree of
drainage. The degree of drainage depends on the time factor,
Tt and the slope factor as follows:

Tt =
khdrt

neL2
R

(6.54)

S1 =
LRSR

hdr
(6.55)
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The 50% drainage approach recommended by FHWA
(1992) can be used to determine the time to drain as follows:

t = T50 ⋅ mF ⋅ 24 (6.56)

mF =
neL2

R

khdr
(6.57)

where
t = time to drain in hours
T50 = time factor
mF = m factor

The time factor, T50, can be determined from Figure 6.27
based on the slope factor, S1, which depends on the resultant
slope, SR, lateral distance, LR, and thickness, hdr, of the
drainage layer.

MaximumHeight of Flow In the drainage design, the max-
imum height of flow should be limited to less than the vertical
thickness of the drainage layer. In landfill design, the maxi-
mum height of liquid flow should be less than 0.3 m. There
are several methods available to estimate this maximum
height of flow. Three of these methods are discussed below:
(1) FHWA (1992), (2) Giroud et al. (1992), and (3) McEnroe
(1993).

Figure 6.28 shows the FHWA (1992) design chart to es-
timate the maximum height of flow. Based on the ratio of
filtration rate to soil permeability and the slope, the LR∕hmax
ratio can be determined. With a known LR, the maximum
height of flow, hmax, can be calculated.

Giroud et al. (1992) developed a solution to estimate the
maximum height of flow as follows:

hmax = jLR

[(4qwi∕k + S2
R)

1∕2 − SR]
2 cos 𝛽

(6.58)
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Figure 6.27 Time factor for 50% drainage (FHWA, 1992).

j = 1 − 0.12 exp

⎧⎪⎨⎪⎩−
⎡⎢⎢⎣log

(
1.6qwi

kS2
R

)5∕8⎤⎥⎥⎦
2⎫⎪⎬⎪⎭ (6.59)

Both FHWA (1992) and Giroud et al. (1992) methods as-
sumed a free drainage condition, that is, the drainage range
is beyond the lateral distance, LR. However, for some appli-
cations, the drainage range may be smaller than the lateral
distance, LR, as shown in Figure 6.29. McEnroe (1993) de-
veloped the solutions based on different drainage range as
follows:

RD =
qwi

ksin2
𝛽

(6.60)

A = (1 − 4RD)0.5 (6.61)

B = (4RD − 1)0.5 (6.62)

For RD <
1
4
:

hmax = LRSR(RD − RDSR + R2
DSR

2)0.5[(
1 − A − 2RD

)
(1 + A − 2RDSR)

(1 + A − 2RD)(1 − A − 2RDSR)

]0.5∕A

(6.63)

For RD =
1
4
:

hmax = LRSRRD(1 − 2RDSR)∕(1 − 2RD) exp{2RD(SR − 1)∕

[(1 − 2RDSR)(1 − 2RD)]}∕(1 − 2RD) (6.64)

For RD >
1
4
:

hmax = LRSR(RD − RDSR + R2
DS2

R)
0.5

exp{(1∕B)tan−1[(2RDSR − 1)∕B]

−(1∕B)tan−1[(2RD − 1)∕B]} (6.65)

If the calculated maximum height of flow is greater than the
required, more drains can be added as shown in Figure 6.30.

Geocomposites Instead of granular drains, geocomposites,
formed by a drainable core (commonly a geonet) wrapped
around by a nonwoven geotextile layer, can be used for
the same drainage purpose. Since geocomposite has higher
drainage capacity than an aggregate layer, a thin geocompos-
ite can serve equally or better than a thick aggregate layer.
The geocomposite drain can be placed between the subgrade
and the base to shorten the drainage path for the base. Since
the geocomposite drain is highly permeable, the effective
drainage distance for the water to leave the pavement system
is the thickness of the base course rather than the width of the
road lane. This shortened drainage distance significantly re-
duces the time to drain. The geocomposite drain can also be
placed between a concrete pavement and a subgrade, a frost
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Figure 6.29 Maximum height of flow at different drainage range.

susceptible soil and a subgrade, or behind a retaining wall
facing or reinforced fill.

To provide equivalent drainage capacity to a 100-mm
free-draining base layer with a transmissivity (i.e., per-
meability multiplied by the thickness) of approximately
30–100 m2/day, the required transmissivity for a geo-
composite drain is approximately 90–300 m2/day due to
unconfined, partially filled flow within the drainage layer
(Giroud et al., 2000; Christopher and Zhao, 2001). In addi-
tion, the geocomposite drain should have enough crushing

LR

β

Drainage
layer

qwi

Drain

hmax

Figure 6.30 Multiple drains in the drainage layer.

resistance to withstand construction and compaction loading
from 480 kPa beneath the base course to as high as 1450 kPa
beneath the asphalt layer, which is higher than the stress on
the geocomposite drain during trafficking (Christopher and
Zhao, 2001).

If the geocomposite drain is placed directly underneath the
pavement and above the subgrade, the drainage only happens
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in the geocomposite. The design parameters, SR, LR, and
hmax discussed earlier refer to those of the geocomposite
drain. The slope and lateral distance of the drainage layer, SR
and LR, are equal to the slope and the drainage width of the
pavement section. Parameter hdr is equal to the thickness of
the geocomposite drain. However, if the geocomposite drain
is placed between the base and the subgrade, the time to
drain includes the time needed for water to drain through the
base and drain along the geocomposite out of the pavement.
The time needed for water to drain through the base can be
calculated using SR = 1 and LR and hdr both equal to the
thickness of the geocomposite. The time for water to drain
along the geocomposite drain is the same as that for the
geocomposite directly underneath the pavement.

The mF factor for a geocomposite can be determined by the
following equation:

mF =
neL2

R

ktg
=

neL2
R

𝜃g
(6.66)

where
ne = effective porosity of the geocomposite layer
k = permeability of the geocomposite layer
𝜃g = transmissivity of the geocomposite layer

The effective porosity is the ratio of the volume of the
drainable water in the geocomposite to the total volume of
the geocomposite.

In order for the geocomposite drain to be effective in a
long term, the nonwoven geotextile around the drainage core
should meet the requirements for filtration. The filter design
is discussed in the previous section.

Pipe Drains Collector and outlet pipes as shown in
Figure 6.31 should be designed to discharge the water
collected from the drainage layer.

The flow capacity of a pipe subjected to gravity flow can
be estimated using the Manning formula (Manning, 1891):

Qwo =
A
nr

R2∕3
h S1∕2

R (6.67)

where
Qwo = flow capacity of the pipe, m3/s
A = cross-sectional area of the water stream, m2

Rh = hydraulic radius = A/WP, m
WP = wetted perimeter, m
SR = slope of pipe in m/m
nr = roughness coefficient for the drain product,

which is provided in Table 6.8

If the flow in the pipe is full, A = πd2
p∕4 and WP = πdp

(dp is the diameter of the pipe).
Lateral inflow to each outlet pipe can be calculated as

follows:
Qw = QwiLo (6.68)

Figure 6.31 Collector and outlet pipes.

where Qwi is the lateral flow per unit width in m3/s/m (may
include infiltration and/or groundwater inflow as calculated
by Eq. (6.51)) and L0 is the distance between outlets in m.

The required diameter of the pipe is

dp =

(
nrQwiL0

0.312S0.5
R

)0.375

(6.69)

Filter Criteria for Drainage Layer When a granular filter
is used, the filter criteria for the drainage layer should also be
examined. It is undesired that the particles from the granular
filter are migrated into the drainage layer. These particles
may be drained out or trapped in the drainage layer to clog the
drain. In this case, the drainage layer is treated as a filter layer
while the granular filter is treated as a soil to be protected by
the drainage layer. The same filter criteria as discussed in the
previous section can be used for this evaluation.

6.4.4 Design Parameters and Procedure

The design parameters for granular and geosynthetic
drainage layers include:

• Soil type and permeability
• Infiltration rate
• Geometry of the system to be drained including

drainage width, length, and slope
• Thickness and properties of drainage layer

Table 6.8 Typical Roughness Coefficient for
Underdrain

Pipe Type nr

Clay drain pipe 0.014–0.018
Concrete drain pipe 0.011–0.015
Asbestos cement pipe 0.011–0.015
Corrugated metal pipe 0.017–0.024
Corrugated plastic pipe 0.020–0.024
Smooth plastic pipe 0.008–0.015

Source: modified from Huang (2004).
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• Required quality of drainage
• Type and size of pipe

The design procedure for granular and geosynthetic
drainage includes the following:

1. Estimate the infiltration.
2. Calculate the hydraulic gradient of the drainage layer.
3. Calculate the discharge capacity of the drainage layer

or the required thickness of the drainage layer.
4. Calculate the required time for drainage.

6.4.5 Design Examples

Problem 1

A geotextile filter is being considered to protect the
stone aggregate drain behind a cantilever retaining
wall, as shown in Example Figure 6.1. The wall
stem is 7.5 m high, retaining a low-plasticity silt with
k = 2.5 × 10-4 m∕s. The candidate geotextile is a
heat-bonded nonwoven geotextile with a permittivity
ψg = 0.01 s-1. What is the factor of safety against water
flow behind the wall?

Weep holes

Geotextile

Aggregate

Wall

7.5 m

Example Figure 6.1

Solution

The flow nets are drawn in Example Figure 6.2. In
this example, the geotextile layer serves as a filter while
the stone aggregate layer serves a drain.

The rate of inflow can be calculated as follows:

Qwi=kΔhw

Nf

Nhd
= 2.5 × 10−4 × 7.5 × 4

3
=0.0025 m2∕s

The required permittivity of the geotextile is:

𝜓reqd =
Qwi

H2
= 0.0025
(7.5)2

= 4.44 × 10−5∕s

The reduction factors (RF) for retaining wall filters
based on Table 2.12 in Chapter 2 are:

RFSCB = 3.0, RFCR = 1.75, RFIN = 1.1,

RFCC = 1.1, RFBC = 1.15

The allowable permittivity is

𝜓allow =
𝜓ult

RFSCBRFCRRFINRFCCRFBC

= 0.01
3.0 × 1.75 × 1.1 × 1.1 × 1.15

= 1.37 × 10−3∕s

The factor of safety against flow is

FS =
𝜓allow

𝜓reqd
= 1.37 × 10−3

4.44 × 10−5
= 30.9 (acceptable)

Weep holes

Aggregate

Wall

7.5 m

Geotextile

Example Figure 6.2

Problem 2

A 7.3 m wide pavement section with a 2.5% grade
(i.e., half of a crowned four lane road) contains
0.30-m–thick base course. The effective porosity
and the permeability of the base course are 20% and
0.30 m/day, respectively. A geocomposite material
with a thickness of 6.1 mm, effective porosity of 69%,
and transmissivity of 618 m2∕day is available to be
placed beneath the base course. Calculate the time to
drain without or with this geocomposite.

Solution

1. Without geocomposite:
The slope factor is

S1 =
LRSR

hdr
= 7.3 × 0.025

0.30
= 0.60
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The time factor, T50, can be estimated from the
chart (Figure 6.27) as 0.3.

The mF factor is

mF =
neL2

R

khdr
= 0.20 × 7.32

0.30 × 0.30
= 115.2 days

The time to drain is

t = T50 × mF × 24 = 0.3 × 115.2 × 24

= 829 hours = 35 days

Or

t50 =
neL2

R

2k(hdr + SRLR)

= 0.2 × 7.32

2 × 0.3 × (0.30 + 0.025 × 7.3)
= 37 days

2. With geocomposite
(a) Time to drain for the base course

The slope factor is

S1 =
LRSR

hdr
= 0.30 × 1

0.30
= 1

The time factor, T50, can be estimated from the
chart as 0.25.
The mF factor is

mF =
neL2

R

khdr
= 0.20 × 0.302

0.30 × 0.30
= 0.20 day

The time to drain is

t1 = T50 × mF × 24 = 0.25 × 0.20 × 24 = 1.2 hours

(b) Time to drain for the geocomposite
The slope factor for the geocomposite layer (hdr =
tg = 0.0061 m) is

S1 =
LRSR

hdr
= 7.3 × 0.025

0.0061
= 30

The time factor, T50, can be estimated from the
chart as 0.01.
The m factor is

mF =
neL2

R

𝜃g
= 0.69 × 7.32

618
= 0.088 day

The time to drain is

t2 = T50 × mF × 24 = 0.01 × 0.088 × 24

= 0.02 hour

(c) The total time to drain

t = t1 + t2 = 1.20 + 0.02 = 1.22 hour

6.4.6 Construction

The installation of a drainage layer and filter involves grad-
ing, trenching, placement of granular or geosynthetic layers
and/or pipes, backfill, and compaction. The following con-
struction procedure is typically adopted:

1. Grade the ground or subgrade to a certain slope based
on design drawings. Sloping is important for effective
drainage of water out of the system.

2. For some applications, trenches are needed, for
example, for edge drains. Trenches should have suffi-
cient widths to accommodate the placement of pipes
and backfill materials. When geotextiles are used as
filters, they should be installed first before backfill
materials are placed.

3. For roadway construction, granular subbase may be
used as a filter between subgrade and base course.
The granular filter can be replaced by a geotextile or
geocomposite. When the geotextile or geocomposite
is placed, it shall be placed in contact with the soils
without wrinkles or folds and anchored on a smoothly
graded surface. The geotextile or geocomposite shall be
placed with the machine direction perpendicular to the
direction of water flow. The geotextile or geocomposite
should be overlapped or seamed at joints. A certain
overlap (typically ranging from 0.3 to 1.0 m) is necessary
depending on the subgrade condition and soft subgrade
requires larger overlaps. If a sewn seam is to be used
for the seaming of the geotextile, the thread used shall
consist of high-strength polypropylene or polyester.

4. Backfill should be placed carefully in a manner that
will not damage or displace geosynthetics and pipes. It
should extend a minimum of 150 mm over the geosyn-
thetic or top of the pipe.

5. Light compaction equipment may be used on top of
the geosynthetic or pipe with a 150 mm cover. Heavy
compaction equipment or traffic is only allowed with
a fill cover of at least 300 mm above the geosynthetic
or pipe.

6.4.7 Quality Control and Assurance

Quality control and assurance should be followed at each
step from construction stakeout, excavation, installation, to
backfilling. ASCE (1998) suggested the following items for
quality control and assurance:

• Inspection of materials and equipment onsite
• Conformance to line and grade
• Longitudinally stretched pipe or geosynthetics having

corrugated core or separated joints
• Deformed or fractured pipes or geosynthetics
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• Proper placement of envelope materials
• Backfill including compaction where required
• Proper placement of structures
• Testing of pipe capacity after backfill, by use of deflec-

tion test
• Site restoration

6.5 DEWATERING

6.5.1 Introduction

Basic Concept Dewatering is to lower an existing ground-
water table by open pumping (sumps, trenches, and pumps),
a well system (well points or deep wells), and the electroos-
mosis method. The most common purpose for dewatering
is for construction excavations. Dewatering for construction
excavations is mostly temporary. There are structures and
highways constructed with permanent dewatering systems,
but they are far less than temporary or construction dewater-
ing systems. Permanent dewatering systems require continu-
ous operation without interruption; therefore, they should be
conservatively designed and maintained.

Dewatering and drainage have similarities but also have
differences. Both methods remove water from soil. Dewa-
tering is to lower a groundwater table from the existing level
to a lower level. However, drainage is to remove water that
enters into a system from the surface, side, or bottom of the
drainage layer. Without a drainage system, the water level
may rise. Drainage mostly relies on gravity while dewatering
mostly relies on pumping.

Sumps, trenches, and pumps as shown in Figure 6.32 are
used in open excavation, can handle a small amount of water
inflow in a small area or relatively impermeable soil, and
lower the groundwater table by a limited depth (mostly 1.5 m
or less). Low power pumps are often used for this operation.

Well points as shown in Figure 6.33 are formed by multiple
closely spaced wells, which are connected by pipes to a
powerful pump. A typical well point system includes well

Figure 6.33 Well points and their components.

points, riser pipes, header pipes, and pumps. Well points can
be a single stage or multiple stages, depending on a required
drawdown depth. Multiple stages of well points can lower a
groundwater table by more than 5–6 m.

In deep wells, pumps are located at the bottom of the wells.
The water is pumped up from the bottom through a pipe
to a discharge point as shown in Figure 6.34. The pumps
used for deep wells are more powerful than those for well
points. Since deep wells can lower the groundwater table at
a greater depth and range, fewer deep wells are installed in
larger spacing. Deep wells have been used alone or combined
with well points.

Electroosmosis creates electric gradients in geomaterial by
installing anode and cathode to induce water flow as shown
in Figure 6.35. The cathode is made in a form of a well point
to collect and discharge the water.

Figure 6.32 Sumps, trenches, and pumps.
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Figure 6.34 Deep well details.

The discharge of a cathode well point can be estimated by
the following equation (Department of the Army, 1983):

Qe = keiesz (6.70)

where
ke = coefficient of electro-osmotic permeability as-

sume 0.98 × 10−4 m∕s∕volt∕m),
ie = electrical gradient between electrodes (volts/m)

Figure 6.35 Dewatering using electroosmosis (after Department of the Army, 1983).

s = effective spacing of well points (m); and
z = depth of soil being stabilized (m).

Typical electric current requirements for electroosmosis
operation range from 15 to 30 amperes per well.

Curtain or cutoff walls are sometimes used to stop or min-
imize seepage into an excavation as shown in Figure 6.36.
Examples of such cutoff walls include deep mixed walls,
grouted walls, and slurry walls. Deep mixing and grouting
methods will be discussed in Chapter 8 of this book.

Suitability The suitability of a dewatering technique
depends on:

• Location, type, size, and depth of excavation
• Thickness, stratification, and permeability of

geomaterials
• Required depth of the groundwater to be lowered
• Potential damage resulting from failure of the dewater-

ing system
• Cost of installation and operation

Figure 6.37 shows the suitability of different dewatering
techniques. Deep wells and well points are suitable for sandy
soils. Vacuum is needed for deep wells and well points to
dewater in silty soils. The electroosmosis technique can be
used for silts, clayey silts, and clayey silty sands, but not
suitable for saline soils (requiring high current) and organic
soils (having possible adverse environmental impact).
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Figure 6.36 Grout curtain or cutoff trench around and excavation (after Department of the Army,
1983).
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Figure 6.37 Suitability of different dewatering techniques (after Department of the Army, 1983).

Applications Dewatering has been mostly used for con-
struction excavations. It has also been used as a permanent
dewatering system for permanent structures and highways.
Dewatering is sometimes used for improving soil properties
and resistance to liquefaction. Chen and Jensen (2013) re-
ported a case history using permanent pumping wells within

the building footprint to lower the groundwater table to elim-
inate the risk of soil liquefaction.

Advantages and Limitations Dewatering systems are easy
to install and can eliminate possible problems associated with
water during excavations and permanent uses. Dewatering
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may induce ground subsidence and cause damage to adjacent
structures. It should be used with caution when there are
nearby existing structures and utilities. Dewatering requires
disposal or recycling of water removed from the ground and
continuous power supplies.

6.5.2 Principles

Theoretical Solutions for Water Flow into a Well The the-
oretical solution for rate of water flow into a well with an
unconfined or confined permeable layer can be derived based
on Darcy’s law. Figure 6.38 shows two simplified models
(i.e., Dupuit-Thiem approximation) for a single well fully
penetrating in a ground with unconfined and confined per-
meable layers. They are symmetrical problems with the well
in the center. The hydraulic gradient of the phreatic level af-
ter pumping (i.e., the drawdown curve) at the height of z (i.e.,
point A) is

i = dz
dr

(6.71)

Assume the hydraulic gradient below the drawdown curve
is the same as that on the drawdown curve. Under the uncon-
fined condition, according to Darcy’s law, the rate of water
flow into the surface, AB, with the height of z is

Qw = kiA = k
(dz

dr

)
(2𝜋rz) (6.72)

A differential equation can be obtained from the preceding
equation:

dr
r
=
(

2𝜋k
Qw

)
z dz (6.73)

From r0 to Ri,

∫

Ri

r0

dr
r
=
(

2𝜋k
Qw

)
∫

hw0

hw1

z dz (6.74)

Thus, the rate of water flow (or discharge) can be solved as
follows:

Qw =
𝜋k(h2

w0 − h2
w1)

ln(Ri∕r0)
= 1.364k

(h2
w0 − h2

w1)
log(Ri∕r0)

(6.75)

h0
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Figure 6.38 Flow of water into a well with an unconfined or confined
permeable layer underlain by an impervious layer.
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The height of the phreatic level after pumping can be ob-
tained as follows:

z2 − h2
w1 =

Qw ln(r∕r0)
𝜋k

(6.76)

Under the confined condition, water only flows into the well
from the permeable layer with a thickness of hdr, hence

Qw = kiA = k
(dz

dr

)
(2𝜋rhdr) (6.77)

∫

Ri

r0

dr
r
=
(

2𝜋khdr

Qw

)
∫

hw0

hw1

dz (6.78)

Qw =
2𝜋khdr(hw0 − hw1)

ln(Ri∕r0)

= 2.729khdr
hw0 − hw1

log(Ri∕r0)
(6.79)

It should be pointed out that under the unconfined condi-
tion, there is a phreatic level, while under the confined condi-
tion, there is a piezometric level. The piezometric level is the
water head of the permeable layer, and it does not represent
the actual groundwater table in the impermeable layer.

Drawdown Curve To ensure no or minimum water to enter
the excavation, the drawdown curve should be below the base
of the excavation. The drawdown curve can be induced by
one-side wells or two-side wells as shown in Figure 6.39,
which often depends on the depth of the permeable stratum.

When a single stage of well points is not sufficient, multiple
staged well points or a deep well can be used to lower the
drawdown curve as shown in Figure 6.40.

Recharge The drawdown of the groundwater table will in-
duce the settlement of the adjacent existing structures. To
avoid or minimize this problem, water is often recharged to

Figure 6.40 Drawdown curve by multiple staged well points or a
deep well.

the ground close to the existing structures so that the ground-
water table close to the structures can be maintained, as
shown in Figure 6.41.

6.5.3 Design Considerations

Selection of Dewatering Technique Selection of a dewater-
ing technique depends on several factors. Table 6.9 provides
some guidelines, which can be used for this selection.

The jet-eductor well point system is also referred to as
the “jet-eductor system,” “ejector system,” or “eductor well
point system,” which is similar to the well point system.
Instead of using vacuum to draw water to the well points, the
eductor system uses high-pressure water and riser units. The
main advantage of the eductor system is that a single pump
station can control many well points so that the water table
can be lowered in one stage as much as 30 m.

Depth of Drawdown The water level should be lowered to
a minimum distance of about 0.5−1.5 m below the base of
the excavation as shown in Figure 6.42.

Figure 6.39 Drawdown curves by (a) one-side and (b) two-side well points.
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Figure 6.41 Drawdown curve with recharge water.

Table 6.9 Summary of Dewatering Techniques

Method Application Guideline

Sumps and ditches Collect water entering an excavation or
structure

Generally lower water level in stable gravel or
well-graded sandy gravel by 1.5 m or less.

Conventional well
point system

Dewater soils that can drained by gravity flow
(gravel or sand)

Most commonly used. Drawdown limited to about
5 m per stage. May use multiple staged well
points for large drawdown.

Vacuum well point
system

Dewater soils with low permeability (silts) Accelerate water flow. Vacuum effect limited to
5 m.

Jet-eductor well
point system

Dewater soils that can be drained by gravity
flow. Usually for large, deep excavations
where large flow is required

Lower water table as much as 30 m from top of
excavation. Particularly suitable for dewatering
shafts and tunnels. Require two header pipes
and two riser pipes or a pipe within a pipe.

Deep well system Dewater soils that can be drained by gravity
flow. Usually for large, deep excavations
where large flow is required

Installed around periphery of excavation. Suitable
for dewatering shafts and tunnels

Electroosmosis Dewater soils that cannot be drained by gravity
flow (silts, clayey silts and sands)

Direct electrical current increases hydraulic
gradient causing flow.

Source: Modified from Department of the Army, 1983.

RiserBase of 
Excavation

Draw-down curveMinimum
distance

Excavation
depth

Well pointLowered
water table

Original water table

Header pipe
to pump

Figure 6.42 Depth of drawdown.

Single Well The rates of water flow from a single well in
unconfined and confined permeable layers can be calculated
using Equations (6.75) and (6.79).

Under the unconfined condition, there is a height of the free
discharge surface, which can be estimated as follows:

hs =
C(hw0 − h0)2

hw0
(6.80)

Ollos proposed a value of C = 0.5 (Hausmann, 1990).
Sichardt (1928) suggested the following formula for the in-
fluence radius:

Ri = C′(hw0 − hw1)
√

k (6.81)
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where
Ri = influence radius (m)
C′ = 3000 for wells or 1500–2000 for single-line

well points
hw0 = height of phreatic level from impermeable

layer before pumping (m)
hw1 = height of the phreatic level at the edge of the

well after pumping (m)
k = permeability of soil (m/s)

Multiwells The rate of water flow (or discharge) with mul-
tiwells in an unconfined permeable layer (each has equal
length and flow capacity) arranged around a point of interest
(i.e., point P in Figure 6.43) can be calculated as follows
(Forchheimer, 1930):

Qw =
𝜋k(h2

w0 − z2)
ln Ri − (1∕Nw) ln(x1x2 · · · xNw)

(6.82)

where Nw is the number of wells.
When there is a circular arrangement of wells as shown in

Figure 6.44, it can be simplified as follows:

Qw =
𝜋k(h2

w0 − z2)
ln Ri − ln aw

(6.83)

Well Penetration The solutions discussed so far are based
on fully penetrating wells, that is, the wells reach the under-
lying impermeable layer. In reality, the wells may not reach
an impermeable layer. In other words, they are partially pen-
etrating. The rate of water flow, Qw, calculated for a fully
penetrating well, may be increased by 10–30% for a partially
penetrating well (Hausmann, 1990).

Figure 6.43 Multiwells in a random arrangement.

Figure 6.44 Multiwells in a circular arrangement.

Spacing of Wells The spacing of well points can be esti-
mated using Figure 6.45 for well points in clean, uniform
sand and gravel and Figure 6.46 for well points in clean, strat-
ified sand and gravel. In the ground with stratified layers, the
design should be based on the most permeable layer to be
conservative.

The spacing of deep wells required equals the perimeter
of the excavation divided by the number of wells required.
Sichardt (1928) recommended the minimum spacing of deep
wells be approximately 32 times the radius of the well.

Pump Size and Pipe Size The selection of pump size de-
pends on required discharge, total dynamic head, suction
lift, air-handling capacity, available power, cost, and sys-
tem durability (Xanthakos et al., 1994). Typical diameters of
deep well pumps range from 100 to 400 mm and their dis-
charge capacities are from 0.3 to 11.0 m3/min as shown in
Table 6.10.

Header pipes are typically steel pipes with multiple inlets.
The size of the header pipe should be selected to sufficiently
transport water collected from different deep wells or well
points.

Bottom Stability of Excavation Figure 6.47 shows an ex-
cavation with dewatering by well points. To maintain the
bottom stability of excavation, the total overburden stress
above the sand layer should be higher than the uplift pressure,
that is,

𝛾z > 𝛾w(Δhw + z) (6.84)

where
𝛾 = unit weight of the soil above the sand layer
z = thickness of the soil layer above the sand layer
Δhw = original water head above the bottom of the

excavation

6.5.4 Design Parameters and Procedure

Design Parameters Design of dewatering depends on a
number of factors, which may determine whether sumps and
ditches, well points, or deep wells should be selected. The
selected method may demand different design parameters.
In general, design of dewatering requires the following pa-
rameters:

• Size of excavation (shape, plan dimensions, and depth)
• Soil conditions (soil profile, type, and permeability; un-

confined or confined condition)
• Depth of water to be lowered
• Stage of well points
• Number of well points or deep wells
• Spacing of well points or deep wells
• Pipe size
• Pump size
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Figure 6.45 Design chart for well point spacing (unit: m) in clean, uniform sand and gravel (NAVFAC,
1982).

Table 6.10 Typical Deep Well Pumps

Pump Size
(mm)

Minimum
Well Size
(mm)

Approximate Maximum
Discharge Capacity
(m3/min)

102 127 0.3
143 152 0.6
152 203 1.7
203 254 2.3
254 305 4.5
305 356 6.8
356 406 9.1
406 457 11.4

Source: Mansur and Kaufman (1962).

Design Procedure Figure 6.48 shows a design layout of
a rectangular excavation with deep wells as an example to
illustrate the design procedure:

1. The excavation area is approximated to a circular area
with a radius, r0:

r0 =
√

LB
𝜋

(6.85)

2. Based on the required height of the water level at
the center of the excavation after pumping, hw1, the
influence radius, Ri, can be calculated according to
Equation (6.81).

3. Depending on whether it is an unconfined or confined
condition, Equation (6.75) or (6.79) may be used to
calculate the total required discharge, Qw.
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Figure 6.46 Design chart for well point spacing (unit: m) in clean, stratified sand and gravel (NAVFAC,
1982).

Figure 6.47 Bottom stability of excavation.
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Figure 6.48 Design layout for deep wells (modified from Xan-
thakos et al., 1994).

4. Based on the discharge capacity of each well, Qw1, the
number of the well can be calculated as follows:

Nw ≥
Qw

Qw1

5. Based on the number of wells, they are uniformly placed
around the excavation as shown in Figure 6.48.

6. Based on the well layout and the total discharge, Qw =
NwQw1, verify the water level after dewatering using
Equation (6.82) or Equation (6.83).

7. Select a pump and the size of a header pipe.

6.5.5 Design Example

Problem

A job site requires an excavation of a rectangular area
(220 m × 170 m) to a depth of 15 m, as shown in
Example Figure 6.3. The existing groundwater table is
at 5 m. Below the ground surface is 30-m-thick gravel
with a permeability of 5.0 × 10−5 m∕s, which is un-
derlain by bedrock. The groundwater table should be
lowered to 1.5 m below the bottom of the excavation.
Deep wells are used to dewater the site. Calculate
the total required discharge. If 200-mm-diameter deep
wells are used, how many deep wells are required?

Solution

1. Calculate the equivalent radius of the excavation:

r0 =
√

LB
𝜋

=
√

220 × 170
3.14

= 109 m

Example Figure 6.3

2. Calculate the influence radius: The height of the
water level below the bottom of the excavation:

hw1 = 30 − 15 − 1.5 = 13.5 m

The influence radius is

Ri =C′(hw0 − hw1)
√

k

=3000 × (25 − 13.5)
√

0.00005 = 244 m

3. Calculate the total required discharge: Since it is
an unconfined condition, Equation (6.75) is used to
calculate the total required discharge:

Q =
𝜋k(h2

w0 − h2
w1)

ln(Ri∕r0)

= 3.14 × 5.0 × 10−5 × (252 − 13.52)
ln(244∕109)

= 0.0864 m3∕s

4. Determine the number of deep wells: The discharge
by each well is

Qw1 =
𝜋k(h2

w0 − h2
w1)

ln(Ri∕r0)

= 3.14 × 5.0 × 10−5 × (252 − 13.52)
ln(244∕0.10)

= 0.0089 m3∕s

The number of wells is

Nw =
Qw

Qw1
= 0.0864

0.0089
= 9.7

Use 10 deep wells
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6.5.6 Construction

Installation of a dewatering system depends on the system se-
lected for operation, which includes sumps and trenches, well
points, deep wells, and electroosmosis. Installation of sumps
and trenches are straightforward, which includes excavation,
placement of pumps, and installation of pipes. Electroosmo-
sis has been rarely used with limited case studies. The main
procedure is to install anode and cathode and the connection
of wires for power supply. The cathode is made in the form
of a well point; therefore, its installation procedure is similar
to that for well points.

The following procedure is typically adopted to install well
point systems:

• Lay the header at a desired location.

• Connect the stopcock portion of the swing connection
to the header on the spacing.

• Jet well points into the ground by forcing water out of
the tip of the well point under high pressure.

• If a well point is installed with a filter, a heavy steel cas-
ing should be installed first by jetting down the ground.
The well point is placed inside the casing, the sand filter
is tremied or poured in, and the casing is withdrawn.

• Connect the well point to the header and the pump.

• Start the pump by providing the vacuum and removing
water flowing into the system.

The following procedure is typically adopted to install deep
well systems:

• Use the reverse-rotary drilling method to drive and jet a
casing into the ground.

• Keep the hole of a deep well vertical so that the screen
and riser can be installed straight.

• After the installation of the screen, the filter is tremied
in.

• After the filter is placed, develop the well to obtain the
maximum yield and efficiency of the well.

• After the well is developed, pump and clear muddy wa-
ter and sand.

• Install the pump, power units, and discharge pipes.

6.5.7 Quality Control and Assurance

During the installation of a dewatering system, quality con-
trol and assurance include:

• Locations and depths of pumps and wells
• Sizes of holes and wells
• Quality of filter material and installation
• Connections of all the pipes and with pumps

After the installation of the dewatering system, a full-scale
pumping test should be performed to evaluate its perfor-
mance for adequacy or need for any modification of the
system.

PROBLEMS

6.1. Give five examples of possible geotechnical failures caused by water.
6.2. List five benefits of removing water from ground.
6.3. Explain the differences and relationships between drainage and dewatering.
6.4. What is filtration?
6.5. What are the three components of the water head according to Bernoulli’s equation?
6.6. What is the key difference between total water head and pressure head?
6.7. In the following figure, the flow channel has two different soil specimens: Specimen 1 from points A to B and specimen 2

from points B to C. If the permeability of specimen 1 is twice that of specimen 2 (i.e., k1 = 2 k2). Express the water head
at Position 3 (hw3) using the water heads hw1 and hw2.
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6.8. What are the basic requirements for a flow net?
6.9. If a flow net beneath a structure is drawn with eight equipotentials instead of four, will the flow rate be greater if there is

no change in geometry or soil properties? Why or why not?
6.10. (1) Calculate the flow rate beneath the dam shown below and the uplift force per meter of dam. The soil permeability

under the dam is k = 7 × 10−7 m∕s and the 15-m-long sheet pile is 7 m behind the front of the dam. (2) Calculate the
total, elevation, and pressure heads at points A, B, and C.

El = 28 m

El = 34 m

El = 45 m

El = 31 m
El = 34 m

45 m

A B

C

14 m

15 m
7 m11 m

6.11. In the following figure, the inflow water pressure is
10 kPa. The soil sample is 0.5 m high and the total
soil unit weight is 18 kN∕m3. The water above the soil
sample is 0.3 m high. Calculate the effective vertical
stress at the midheight of the sample. What will happen
if the inflow water pressure is increased to 20 kPa?

6.12. Explain the difference(s) between a geosynthetic filter
and a geosynthetic separator.

6.13. A filter is used in a dam toe drain above a soil and
the water flows from the soil to the filter. The soil
permeability is 2 × 10−7 m∕s. What is the minimum
required permeability of the filter?

6.14. A geotextile is recommended as a filter for land-
fill drainage. The permeability of the soil is k = 3 ×
10−6 cm∕s, and the permeability of the geotextile filter
is kf = 5 × 10−6cm∕s. Evaluate whether this geotex-
tile meets the permeability requirement.

6.15. A nonwoven geotextile is used between the base
course and the subgrade in a roadway. The soaked
CBR value of the subgrade is 4%. Find the
strength requirements of the geotextile based on the
AASHTO M288.

6.16. Crushed stone with a maximum particle size of 50 mm
is to be placed on a geotextile. Stone can be dropped
from a height of 1.5 m during the construction. To en-
sure the survivability during the construction, what
trapezoidal tear resistance and mass per unit area are
required for this geotextile?

6.17. A granular filter with the gradation corresponding to
the permeability of 15 m/day in Figure 6.15 is placed
above a subgrade soil. Determine the filter particle size
at 15% passing. If the particle sizes of the subgrade
corresponding to 15 and 85% passing are 0.03 and
0.1 mm, respectively, check whether this granular fil-
ter is suitable for this project based on Terzaghi’s filter
criteria.

6.18. A geotextile filter is needed above a cohesionless soil.
The soil has Dr = 50%, a linear coefficient of uni-
formity C′u = 2.5, D′

85 = 0.35 mm. Determine the re-
quired O95 of the geotextile based on Giroud’s filter
retention criteria.

6.19. A nonwoven geotextile is selected to separate subgrade
and base course in a roadway project. The subgrade
soil is silty sand (D85 = 0.5 mm)with a uniformity co-
efficient (Cu) of 2.5 and has a CBR value of 3.0%. This
geotextile is also used as a filter; therefore, it is neces-
sary to meet the FHWA filter criteria. Please provide
the specifications of this geotextile.

6.20. What is the hydraulic gradient of the water flow in a
saturated slope with a slope angle of 18.6∘?

6.21. What is the hydraulic gradient of the water flow in a
drainage layer behind a vertical retaining wall facing?

6.22. A gravel contains 5% silt fines. The porosity of the
gravel is 0.30. Estimate the effective porosity of this
gravel.
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6.23. A geosynthetic composite is used behind the retaining
wall as shown below. The permeability of soil behind
the retaining wall is k = 2.3 × 10−6 m∕s. Determine
the required transmissivity of the geosynthetic com-
posite.

6.24. A geosynthetic filter is used to protect soil from
the erosion by water flow in a reservoir project as
shown below. Given Δhw1 = 10 m, Δhw2 = 5 m, the
soil thickness h= 15 m, the soil permeability k = 1.3 ×
10−6 m∕s, the permittivity of the geosynthetic ψ =
0.01s−1. Find the factor of safety against the water flow
through the geosynthetic layer.

Water level

Water level

Sheet pile

Stone Geosynthetic
f ilter

Soil

g

c

ab

hw1

hw2
ed

f

Impervious layer

6.25. A highway is constructed by excavating down the
ground with a drainage layer under the pave-
ment. Given: hw = 10 m, h = 4 m, LR2 = 4 m. The
ground has a uniform soil with permeability k =
6.5 × 10−6 m∕s. Calculate the total rate of the ground-
water inflow.

LR2

CL

LR1

Qw2

Qw1

h

hw

6.26. A two-lane asphalt pavement with a width of 7.2 m is
constructed in an area with a maximum rainfall ratio
of 35 mm/h. The pavement has a 4% transverse slope
in one direction. A 300-mm-thick drainage base un-
der the pavement is gravel with 5% silt fines and has
a permeability of 0.014 m/s and porosity of 0.35. Cal-
culate the total rate of water flow into the pavement
section per unit length and the time for a 50% degree
of drainage.

6.27. In Problem 6.26, calculate the maximum height of flow
using the FHWA (1992), Giroud et al. (1992), and
McEnroe (1993) methods.

6.28. In Problem 6.26, if smooth plastic pipes with spacing
of 10 m are used as outlet drainage pipes, what is the
required diameter of the pipe?

6.29. A granular drainage layer is installed beneath a 9-m-
wide pavement with 8% grade to drain the infiltra-
tion water to the side slope. The effective porosity
and the permeability of the granular layer are 35%
and 2.5 m/day, respectively. Five days is the allowable
time to have 50% drainage. Determine the required
thickness of the drainage layer.

6.30. In Problem 6.29. If the granular drainage layer is re-
placed by a geocomposite material with a thickness of
5 mm and effective porosity of 60%, calculate the re-
quired transmissivity of the geocomposite layer.

6.31. A 9-m-wide slope with 2.5% grade in a landfill is
subjected to an infiltration of 8 mm/h. Given: the soil
permeability k = 2.1 × 10−7 m∕s. Calculate the max-
imum height of flow using the Giroud et al. (1992)
method.

6.32. A well is installed into a sand layer to lower the
groundwater level, which is located above an imper-
meable layer. Two observation wells are installed at
distances of 5 and 10 m from the center of the well
to monitor the effectiveness of dewatering. Given: the
radius of the well r0 = 0.5 m, the sand permeability
k = 2.8 × 10−5 m∕s, water heads in two observation
wells are 12 and 15 m, respectively, above the imper-
meable layer. Calculate the rate of water flow from
the well.

6.33. A well is installed into a sand layer, which is located
between two impermeable layers, to lower the ground-
water level. Two observation wells are installed at dis-
tances of 5 and 10 m from the center of the well to
monitor the effectiveness of dewatering. Given: the ra-
dius of the well r0 = 0.5 m, the sand permeability k =
2.8 × 10−5 m∕s, the thickness of the sand layer hdr =
20 m, water heads in two observation wells above the
lower impermeable layer are 12 and 15 m, respectively.
Calculate the rate of water flow from the well.
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6.34. If a pumping well is close to an existing building, de-
watering may induce settlement of the building. What
measures may be taken to minimize the settlement?

6.35. Single-line well points are used for dewatering at an
excavation site, which consists of a sandy soil above
impermeable bedrock. The groundwater before dewa-
tering is 10 m above the bedrock and the soil perme-
ability k = 1.3 × 10−5 m∕s. The maximum drawdown
depth is 4 m. Estimate the influence radius of this de-
watering.

6.36. Multiwells are used for dewatering at an excavation
site. The dimension of the excavation pit is 150 m ×
200 m. The height of the phreatic level above the im-
permeable layer before pumping is 15 m. The height
of the phreatic level at the center of the excavation
pit after pumping is 6 m. The soil permeability k =
2.3 × 10−5 m∕s. The wells have a diameter of 200 mm.
Determine the number of wells required for this dewa-
tering project.

6.37. Well points are used to lower a groundwater table
by 5.0 m in uniform medium sand. What is the re-
quired spacing of well points according to the NAV-
FAC (1982) design chart?

6.38. In Problem 6.37, if the medium sand is stratified, what
is the required spacing of well points?

6.39. A 10-m-thick clay layer is above a sand layer in an
excavation project. The groundwater table before ex-
cavation and dewatering is 1.0 m below the ground
surface. The excavation depth is 5 m from the ground
surface. The groundwater table in the excavation pit is
at the bottom of the pit. The saturated unit weight of
the clay is 18.5 kN∕m3. Evaluate whether the bottom
of the excavation is stable.
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CHAPTER 7

Preloading

7.1 INTRODUCTION

7.1.1 Basic Concept

Preloading is one of the traditionally but still commonly used
ground improvement methods in practice. The basic concept
of this technology is to reduce void ratio (i.e., compressibility)
of geomaterial through consolidation (i.e., dissipation of ex-
cess pore water pressure) by applying loads on ground surface
for a certain time period and then removing it for construction
of a permanent structure. Figure 7.1 illustrates fill preload-
ing followed by permanent structure construction. During the
preloading, settlement develops with loading and time. When
the fill is removed at the end of preloading, there is a rebound.
Construction of the permanent structure induces new settle-
ment due to the increase of the load. However, the induced
settlement by the structure after preloading is expected to be
much smaller than that without preloading. Figure 7.1 shows
the continuous settlement without the removal of preload-
ing. It is important in design to determine the time for the
end of preloading. For soft clays, the consolidation may take
longer time to complete due to their low permeability. If the
time for preloading and construction of the structure exceeds
the available time, vertical drains can be installed to shorten
drainage distance thus accelerating the rate of consolidation
and reducing the time for soil consolidation and settlement.

The American engineer, D. J. Moran, first proposed a sand
drain technology for ground improvement of deep soft de-
posits in 1925. A U.S. patent was granted in 1926. Sand
drains are formed by filling predrilled holes with highly per-
meable sand and arranged in regular patterns with certain
spacing to shorten drainage distance of water in soil thus
accelerating the rate of consolidation. The California Di-
vision of Highways, Materials and Research Department,
conducted laboratory and field tests using this sand drain
technology in 1933 (Rixner et al., 1986). In the late 1930s,

W. Kjellman in Sweden developed the technology of pre-
fabricated band-shaped vertical drains, each drain made of
a cardboard core and a paper filter jacket. The paper filter
jacket was later replaced with nonwoven geotextile. Nowa-
days prefabricated vertical drains (PVDs) have been widely
used in the world for ground improvement.

Fill preloading requires the use of significant amount of fill.
Transport and placement of fill take time and cost money.
Sometimes, fill placement induces failure and large move-
ment. To avoid these problems, another important develop-
ment of the preloading technology is the idea of vacuum
preloading, which was proposed by Kjellman (1952). Dif-
ferent from fill preloading, vacuum preloading utilizes atmo-
spheric pressure on an air-tight system installed in the field by
applying vacuum inside the system (Figure 7.2). A vacuum
preloading system typically includes a vacuum pump, imper-
vious membrane liner, sand drainage layer, water collection
pipe, vertical drains, and a trench and clay revetment to seal
the boundary and prevent leak. When the vacuum pressure
is not sufficient, fill may be added on top of the system to
increase the preloading pressure.

Therefore, the applied load in preloading can be fill, vacuum
pressure, or a combination of fill and vacuum pressure.
Water has also been filled into storage tanks to preloading
soft foundations before they are used to store other liquid.
Vacuum pressure will be removed after the completion of
preloading while fill may be removed or remain as part of
an earth structure. Permanent structures will be constructed
after preloading and are expected to have small settlement.
Soft clays typically have low shear strength, which may limit
the magnitude of the applied load. Under such a condition,
staged construction is needed to increase the allowable load
by stages.

To increase the magnitude of the primary consolidation
settlement during preloading and minimize the secondary
settlement after preloading, surcharge loading can be used.

7.1.2 Suitability

Preloading is often cost effective to improve saturated, low
strength, and highly compressible clays and silts when time
is not a major concern. Vertical drains can be used to shorten
the time for preloading if time is a major concern. Verti-
cal drains are typically installed to a depth of 30 m (more
than 60 m in some projects). Preloading is effective when
the loading is higher than soil preconsolidation stress. Fill
preloading is more suitable if fill material is inexpensive and
readily available and/or part of the permanent structure (such
as embankments). Vacuum preloading is more suitable for
the areas where soils are too weak to support construction
equipment and fill, and/or fill material is expensive and not
readily available. The maximum pressure applied by vacuum
preloading is limited by the atmosphere pressure. Under such
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Figure 7.1 Fill preloading and application.

Figure 7.2 Vacuum preloading (Shang et al., 1998, reprinted with permission from NRC
Research Press, National Research Council of Canada).

a situation, fill may be added on top of the vacuum system
to increase the preloading pressure. When permeable layers
exist close the ground surface, they may pose challenges for
maintaining vacuum pressure.

7.1.3 Applications

Preloading has been commonly used and not limited to the
following applications: (1) highways, (2) airports, (3) land
reclamation, (4) storage tanks, and (5) buildings.

7.1.4 Advantages and Limitations

Preloading is a reliable ground improvement method and
has a long track record of many successful case studies. It
is often cost effective if fill material is readily available or
part of a permanent structure. Fill preloading can be eas-
ily implemented in an open land with limited or no de-
mand for specialty construction equipment, skilled workers,
and quality control/assurance. The advantages of vacuum

preloading are no fill material required, short construction
period, and no need for heavy equipment. The main limita-
tion of preloading is longer required time for consolidation,
especially used for low permeable geomaterials. When ver-
tical drains are used, they require high headspace for instal-
lation. This method may not work well within constrained
areas because of material transportation and induced ground
movement. The limitations of vacuum preloading are the
magnitude of vacuum pressure limited by atmospheric pres-
sure (theoretically 100 kPa) and potential cracks in the sur-
rounding areas due to inward lateral soil movement, which
will be discussed in next section.

7.2 PRINCIPLES

7.2.1 Precompression

The basic principle of preloading is to reduce the void
ratio of geomaterial by consolidation, thus reducing
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Figure 7.3 Principle of preloading (modified from Holtz and
Kovacs, 1981).

the compressibility and increasing the strength of the
geomaterial. Figure 7.3 illustrates this basic principle
based on one-dimensional consolidation. The effective
consolidation stress implies that the void ratio and shear
strength of the geomaterial in Figure 7.3 are at the end of
consolidation. The process of consolidation will be discussed
later. When the consolidation stress on the geomaterial
element increases from the initial overburden stress, 𝜎

′
z0

(point A) to 𝜎
′
z0 + 𝛥𝜎z (point B) by preloading, the void ratio

of the geomaterial decreases from e0 to e1 following the
compression line. After the completion of the consolidation,
the applied stress, 𝛥𝜎z, is removed, thus the consolidation
stress decreases to 𝜎

′
z0. During this process, the geomaterial

rebounds through the dashed line (a rebound line) from point
B to C (at void ratio, e′0). It is clear that e′0 is less than e0;
therefore, the geomaterial has been densified. If a permanent
structure is constructed afterward and the stress increases
from point C to D (less than 𝜎

′
z0 + 𝛥𝜎z), the induced void

ratio reduction, 𝛥e′, following the recompression line is
much smaller than that induced by increasing the stress
from point A to E (at the same stress as point D) following
the compression line i.e. 𝛥e′ << 𝛥e′′. In other words, the
geomaterial deformation after preloading is greatly reduced.
It is desired that point D is between points C and B because
the geomaterial deformation within the recompression line is
small. It is undesired if point D is beyond point B because the
geomaterial deformation on the compression line is large.

Due to the densification of the geomaterial after preload-
ing, the shear strength of the geomaterial increases from
point A to C before the reloading by the structure. The shear
strength increase, also referred as strength gain, is important

for the stability of fill surcharge during staged construction.
The method for estimating the strength gain will be discussed
in a later section.

7.2.2 Stress and Ground Movement

Fill preloading and vacuum preloading have three obvious
differences: (1) fill preloading induces positive excess pore
water pressure in geomaterial while vacuum preloading in-
duces negative excess pore water pressure; (2) fill preload-
ing induces unequal vertical and horizontal stresses, while
vacuum preloading induces the same stresses (i.e., vacuum
pressure) in all directions; and (3) fill preloading induces out-
ward movement in the horizontal direction, while vacuum
preloading induces inward movement in the horizontal direc-
tions. Figure 7.4 presents the stress paths of fill preloading
and vacuum preloading. It is shown that the fill preloading
results in a stress path AB toward the failure envelope; there-
fore, there is a possibility of failure during fill preloading.
Geomaterial consolidation during a waiting period follows
the stress path BC. However, vacuum preloading results in a
horizontal stress path AE, which moves away from the fail-
ure envelope; therefore, no failure is possible during vacuum
preloading. The stress path AD represents a K0 consolidation
(i.e., no horizontal deformation or stain, 𝜀h = 0). Figure 7.4
also presents the vertical and horizontal stresses in a triaxial
condition from Points A, B, C, D, to E.

Both Figures 7.4 and 7.5 show that fill preloading induces
outward horizontal movement (i.e., 𝜀h < 0) while vacuum
preloading induces inward horizontal movement (𝜀h > 0).
The K0 consolidation due to horizontal confinement has no
horizontal movement (i.e., 𝜀h = 0). From odometer tests,
Chai et al. (2005) found that when the vacuum pressure is
higher than the stress requested to maintain the K0 condition,
there is inward horizontal movement, and the settlement by
vacuum loading is less than that by fill loading. However,
when the vacuum pressure is lower than the requested stress
for the K0 condition, their settlements are the same.

Figure 7.6 illustrates the variations of excess pore water
pressure and effective stress profiles under fill and vacuum
preloading. It is shown that at the moment of fill loading,
the initial hydrostatic water pressure u0(z) is increased by the
amount of additional fill stress 𝛥𝜎z and the pore water pres-
sure decreases with time to ut(z) at time t [i.e., the remaining
positive excess pore water pressure 𝛥u(z) = ut(z) - u0(z)].
As a result, the effective stress in geomaterial increases from
the initial vertical overburden stress 𝜎′z0(z) to 𝜎

′
z0(z) + 𝛥𝜎z −

𝛥u(z) at time t. On the other hand, at the moment of vac-
uum preloading, the initial hydrostatic water pressure u0(z)
is reduced by the amount of vacuum pressure − us and the
pore water pressure increases with time to ut(z) at time t [i.e.,
the remaining negative excess pore water pressure 𝛥u(z) =
ut(z) − u

0
(z)]. As a result, the effective stress in soil increases

from 𝜎
′
z0(z) to 𝜎

′
z0(z) + us − 𝛥u(z) at time t. If the vacuum
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pressure and the additional fill stress are equal and posi-
tive and negative excess pore water pressures dissipate at the
same rate, the effective stress increases by fill and vacuum
loadings are equivalent.

7.2.3 Consolidation Theory

General Problem To accelerate consolidation of soft soil,
vertical drains can be installed in soft soil to provide another
and short drainage path. Figure 7.7 illustrates a general ax-
isymmetric problem that includes a vertical drain with higher
permeability in the middle of a unit cell of soil cylinder. The
unit cell has drainage surfaces on the top and bottom; there-
fore, the longest drainage distance in the vertical distance is
hdr. Due to the inclusion of the vertical drain, water can also
flow radially toward the drain. After water reaches the drain,
it will flow vertically inside the drain to the top or bottom
surface.

Basic Equations Partial differential equation for axisym-
metric water flow in soil as shown in Figure 7.6 can be ex-
pressed as follows:

cr

(
1
r
𝜕u
𝜕r
+ 𝜕

2u
𝜕r2

)
+ cv

𝜕
2u
𝜕z2

= 𝜕u
𝜕t

(7.1)

where cr = coefficient of consolidation in a horizontal
(radial) direction

cv = coefficient of consolidation in a vertical
direction

r = radial distance
u = pore water pressure at a distance of r
u = average pore water pressure
t = time

The degree of consolidation, also referred as the rate of
consolidation, is defined as

U =
u0 − ut

u0
= 1 −

ut

u0
(7.2)

where u
0
= initial excess pore water pressure

ut = remaining excess pore water pressure at time t

The overall degree of consolidation of soil due to verti-
cal and radial flow can be calculated as follows (Carillo,
1942):

Uvr = 1 − (1 − Uv)(1 − Ur) (7.3)
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Figure 7.7 Axisymmetrical consolidation problem: (a) plan view and (b) cross-sectional view.

where Uvr = overall degree of consolidation
Uv = degree of consolidation in a vertical

direction
Ur = degree of consolidation in a radial

direction

Consolidation Due to Vertical Flow The degree of soil
consolidation due to vertical flow can be calculated using the
Terzaghi one-dimensional consolidation theory (Terzaghi,
1943):

Uv = 1 −
∞∑

m=0

2
M2

e−M2Tv m = 0, 1, 2, 3, … (7.4)
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where M = (2m+1)𝜋
2

Tv = cvt

h2
dr

, time factor

t = time
cv = coefficient of vertical consolidation

hdr = longest drainage distance due to vertical flow
(if top and bottom drainage surfaces exist,
half of the soil thickness between these two
surfaces should be used)

The average degree of consolidation with the time factor un-
der a uniform distribution of initial excess pore water pres-
sure can also be presented in Figure 7.8. The approximate
relationships for the curve in Figure 7.8 are (Terzaghi, 1943):

For Uv = 0–52.6%:

Tv =
𝜋

4

(
Uv

100

)2

(7.5)

For Uv > 52.6%:

Tv = 1.781 − 0.933 log10(100 − Uv) (7.6)

ConsolidationDue to Radial Flow Barron (1948) proposed
a solution for an average degree of consolidation due to
horizontal (radial) flow toward a free-draining sand drain:

Ur = 1 − exp

[
− 8

F
(
ND

)Tr

]
,

F(ND) =
N2
D

N2
D − 1

ln(ND) −
3N2

D − 1

4N2
D

(7.7)

where Ur = average degree of consolidation due to
radial flow

ND = diameter ratio (i.e., ND = de∕dc)
de = equivalent diameter of a unit cell
dc = diameter of a sand drain
Tr = time factor due to radial flow (i.e., Tr =

crt∕d2
e )

For the case of uniform
initial excess pore pressure
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Figure 7.8 Average rate of consolidation due to vertical flow.

During installation of vertical drains, the surrounding soil
around the drains is often disturbed. The disturbed zone
with a certain thickness is often referred as the smeared
zone, which has lower permeability than the original soil.
In addition, vertical drains may have limited discharge
capacities; therefore, water flow in the vertical drains may
encounter resistance. This effect is referred to as well
resistance. Based on the unit cell model in Figure 7.9,
Hansbo (1981) proposed an average degree of consolidation
of a sand drain due to radial flow considering smear and
well resistance:

Ur = 1 − exp

[
− 8

Fm

(
ND

)Tr

]

Fm(ND) = ln
ND

Ns
+

kr

ks
ln Ns −

3
4
+ 𝜋z(2hdr − z)

kr

Qc
(7.8)

where Ns = diameter ratio of smeared zone to
vertical drain (i.e., Ns = ds∕dc)

ds = diameter of smeared zone
kr = radial permeability of undisturbed

surrounding soil
ks = radial permeability of smeared soil
z = depth in the ground at which the de-

gree of consolidation is computed
hdr = longest drainage distance due to ver-

tical flow
Qc = discharge capacity of a vertical

drain, which can be expressed as fol-
lows:

Qc = kc
𝜋d2

c

4
(7.9)

where kc is the vertical permeability of drain well.
The diameter of the smeared zone depends on the shape and

size of the mandrel to install vertical drains and the type and
sensitivity of soil. Researchers (e.g., Holtz and Holm, 1973;
Bergado et al., 1991; Indraratna and Redna, 1998; Bo et al.,
2000) developed several correlations between the diameter of
the smeared zone and the diameter of the drain or mandrel.
The commonly used correlation was proposed by Hansbo
(1981, 1997):

ds = (1.5 to 3.0)dc (7.10)

Installation of prefabricated vertical drains (PVDs) dis-
turbs the soil surrounding the PVDs and reduces the radial
permeability of the smeared zone. Researchers (e.g., Hansbo,
1981; Onoue, 1992; Indraratna and Redna, 1998; Hird and
Moseley, 2000) found that the permeability of the smear zone
can be estimated by

ks =
1
𝜆

kr typically𝜆 = 2–6 (7.11)
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Figure 7.9 Axisymmetric unit-cell drainage model considering smear and well resistance.

Consolidation Due to Vacuum Pressure The average de-
gree of consolidation of soil under vacuum preloading can
be calculated as follows (Chu and Yan, 2005):

U = 1 −
∫

hdr

0
[ut(z) − us(z)] dz

∫

hdr

0
[u0(z) − us(z)] dz

(7.12)

us(z) = 𝛾wz − us (7.13)

where u0(z) = initial pore water pressure at depth z
ut(z) = pore water pressure at depth z and

time t
us(z) = vacuum pressure at depth z

us = vacuum pressure applied (typically
80 kPa)

If us = 0, the above equations can be used
for fill preloading.

7.2.4 Vacuum and Fill Combined Preloading

The maximum vacuum pressure for preloading is limited
by atmosphere pressure (theoretically 100 kPa). In practice,
however, the achievable pressure typically ranges from 60
to 80 kPa (Bergado et al., 1998; Tang and Shang, 2000; Chu
and Yan, 2005) due to loss of vacuum in the system and into
the geomaterial. When the required pressure is higher than
80 kPa, additional fill can be added on the vacuum system thus
creating a vacuum and fill combined preloading (Chu et al.,
2000; Yan and Chu, 2005). Chai et al. (2006) pointed out that
fill loading induces outward horizontal displacement while
vacuum loading induces inward horizontal displacement. If
they are used separately, both horizontal displacements are

undesirable. However, when they are combined together, the
horizontal displacement is minimized due to the opposite
movements. Chai et al. (2013) proposed a method to estimate
horizontal displacement under vacuum and fill combined
loading. Readers are referred to Chai et al. (2013) for details.

Mohamedelhassan and Shang (2002) derived a solution for
one-dimensional consolidation of vacuum and fill combined
preloading. They considered the excess pore water pressure
under combined loading is the sum of the excess pore wa-
ter pressures under vacuum loading and fill loading sepa-
rately. Based on the initial and boundary conditions, they
obtained the average degree of consolidation under com-
bined loading, which is the same as that by the Terzaghi
one-dimensional consolidation solution. They further con-
firmed that the soil consolidation coefficient under vacuum,
fill, or combined loading is nearly identical. Chai and Carter
(2013) developed the solutions for consolidation of soil un-
der combined vacuum pressure and fill loading considering
vertical and radial flow. They also confirmed that the average
degrees of consolidation under combined loading consider-
ing one-way vertical flow and radial flow are the same as
those by the Terzaghi one-dimensional consolidation solu-
tion and the Hansbo’s consolidation solution, respectively.
However, under combined loading for two-way vertical flow,
Chai and Carter (2013) suggested that the drainage distance
should be the total thickness of the soft soil when the Terza-
ghi one-dimensional consolidation solution is used to calcu-
late the degree of consolidation, because no vaccum pressure
can be developed at the bottom boundary.

7.2.5 Surcharge Preloading

To shorten the time required for preloading and mini-
mize postconstruction settlement, including the secondary
settlement, surcharge preloading is often adopted in practice.
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Surcharge preloading applies a load higher than what is
needed for a final load. The extra load is removed after the
completion of preloading. Nash (2001) illustrated the effect
of surcharge on the reduction of secondary compression
using the concept proposed by Bjerrum (1972) as shown
in Figure 7.10. Assume the soil at point A has deposited
for 1000 years, and it does not have any strain as an initial
state. When a preloading pressure including a surcharge is
applied on the ground, the initial state tends to move toward
the instant compression state. Since the soil consolidates
during and after the loading, the vertical effective stress and
the strain increase. As a result, point A actually moves to
point B. Assume primary consolidation completes in one
year; therefore, point B represents the end of the primary
consolidation. Under the constant pressure, the soil starts to
have secondary compression under the same vertical stress.
If the pressure is maintained up to 100 years, the secondary
compression will be from point B to D. If the surcharge
Δσs, is removed at point C, there is a slight rebound from
point C to point E. After that, the soil will resume secondary
compression under the final pressure. Up to 100 years, the
secondary compression is from point E to F. Figure 7.10
clearly shows that the strain from point E to F is much
smaller than that from point C to D. In other words, the
secondary compression after surcharge is much reduced.

Stewart et al. (1994) and Alonso et al. (2000) attributed the
reduction of secondary compression to the higher overcon-
solidation ratio (OCR) induced by removal of the surcharge
after preloading.

Mesri et al. (1997) suggested that the deformation of soil
after removal of surcharge consists of several components as
shown in Figure 7.11. After the removal of the surcharge,
there is a primary rebound (i.e., the dissipation of negative
pore water pressure) up to trp followed by a secondary re-
bound up to ts. Then a secondary compression occurs, but
at a varying slope, C′

𝛼
at time t. If the time of interest, t, is

known, a secant slope, C′′
𝛼

, may be used for calculation.

Figure 7.10 Isotache model for compression of soft clay (modi-
fied from Nash, 2001, and Bjerrum, 1972).

Figure 7.11 Deformation after removal of surcharge (Mesri et al.,
1997, with permission from ASCE).

7.3 DESIGN CONSIDERATIONS

7.3.1 Vertical Drains

Types and Patterns Table 7.1 provides the types of vertical
drains used in practice. Nowadays prefabricated band-shaped
drains are most commonly used and PVDs are often referred
to this type of drain.

In the field, vertical drains are often installed in a square or
triangular pattern (Figure 7.12). The equivalent diameter of
a unit cell for each vertical drain can be approximated based
on the equivalent influence area of each vertical drain as
follows:

de = 1.13s for a square pattern (7.14)

de = 1.06s for a triangular pattern (7.15)

where de = equivalent influence diameter
s = spacing between two adjacent verti-

cal drains

Prefabricated Vertical Drains Equivalent diameter of a
PVD based on perimeter equivalency and considering a cor-
rection factor is

dc = 𝛼d

2(b + tg)
𝜋

(7.16)

where dc = equivalent diameter of a PVD
b = width of the PVD
tg = thickness of the PVD
𝛼d = correction factor, typically 0.9–1.0

Federal Highway Administration Prefabricated Vertical
Drains Engineering Guidelines (Rixner et al., 1986) sug-
gested the following simplified formula:

dc =
b + tg

2
(7.17)

The efficiency of PVD in discharging water depends on
not only the discharge capacity of the PVD but also on the
permeability of the surrounding soil and the length of the
drain. Chu et al. (2004) suggested a PVD in a soil should have
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Table 7.1 Types of Vertical Drains

Drain Type Installation
Method

Drain
Diameter (m)

Typical
Spacing (m)

Maximum
Length (m)

Sand drain Driven or vibratory closed-end mandrel
(displacement type)

0.15–0.60 1.0–5.0 ≤30

Hollow-stem continuous flight auger
(small displacement)

0.30–0.50 2.0–5.0 ≤35

Jetted (nondisplacement) 0.20–0.30 2.0–5.0 ≤30
Prefabricated
sand drain

Driven or vibratory closed-end mandrel;
flight auger; rotary wash boring
(displacement or nondisplacement)

0.06–0.15 1.0–4.0 ≤30

Prefabricated band-
shaped drain
(“wick drain”
or “strip drain”)

Driven or vibratory closed-end mandrel
(displacement or small displacement)

0.05–0.10
(equivalent
diameter)

1.0–3.5 ≤60

Source: Modified from Holtz et al. (1991).

(a) (b)

Figure 7.12 Vertical drain patterns: (a) square and (b) triangular
patterns.

the following required discharge capacity to be considered as
a free drain without any well resistance:

Qc ≥ 7.85FS ⋅ krh
2
dr (7.18)

where Qc = required discharge capacity of a PVD
FS = factor of safety (typically 4–6)
kr = radial permeability of soil

hdr = maximum drainage distance of PVD

In order to ensure the long-term performance of PVDs,
geotextile filters wrapped around drainage cores also need
to meet the soil retention, drainage, and clogging resistance
requirements (Chu et al., 2004). The soil retention criteria for
a geotextile filter are (Carroll, 1983):

O95 ≤ (2–3)D85 (7.19)

and
O50 ≤ (10–12)D50 (7.20)

where O95 = apparent opening size of geotextile filter
D85 = soil particle size of 85% finer
O50 = mean opening size of geotextile filter
D50 = soil particle size of 50% finer

The drainage criterion for a geotextile filter is

kc ≥ 10kr (7.21)

where kc = permeability of the PVD.

The clogging resistance requirements for a geotextile filter
(Wang and Chen, 1996) include

ng ≥ 30% (7.22)

O95 ≥ 3D15 (7.23)

O15 ≥ (2–3)D10 (7.24)

where ng = porosity of filter
D15 = soil particle size of 15% finer
O15 = opening size of filter of 15% finer
D10 = soil particle size of 15% finer

PVDs should have enough tensile strength to survive dur-
ing their installation. Bo et al. (2003) suggested that the ten-
sile strengths of the core, filter, entire drain, and spliced drain
should be higher than 1 kN at a tensile strain of 10% under
both dry and wet conditions.

Equivalent Permeability Chai et al. (2001) proposed a sim-
plified method to estimate the degree of consolidation of ver-
tical drain-improved foundations. In their method, an equiv-
alent vertical permeability can be estimated considering the
existence of vertical drains as shown in Figure 7.13:

kve =

(
1 +

2.5h2
dr

Fm

(
ND

)
d2

e

kr

kv

)
kv (7.25)
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Figure 7.13 Equivalent permeability.

where kve = equivalent vertical permeability
hdr = maximum drainage distance of vertical

drains
Fm (ND) = same as the one proposed by Hansbo

(1981)

The equivalent vertical permeability is used in the Terza-
ghi one-dimensional consolidation solution to calculate the
average degree of consolidation of vertical drain-improved
foundations.

Optimum Penetration under Vacuum Preloading In the
field, vacuum pressure often decreases with an increase of
depth due to loss of vacuum. Chai et al. (2006) developed a
solution for determining the optimum penetration depth of
PVDs based on a simplified distribution of vacuum pressure
with depth as shown in Figure 7.14:

hopt =

(
kv1 −

√
kv1kv2

kv1 − kv2

)
h (7.26)

where hopt = optimum penetration depth
h = thickness of soft soil

kv1 = equivalent vertical permeability, which can be
determined using Equation (7.25)

kv2 = vertical permeability of the soil below the
PVD-improved zone

h

Vacuum pressure

Depth

Drainage layer

Drainage layer

hopt PVD-improved kv1

kv2

us0

us1

Figure 7.14 Optimum penetration depth of PVDs in vacuum
preloading (after Chai et al., 2006).

An iterative procedure is needed to determine the optimum
penetration depth of PVDs.

7.3.2 Preloading

Allowable Load Preloading has been mostly used to im-
prove soft soils, which are often normally or underconsoli-
dated. These soils, when subjected to fill loading, are more
critical under an undrained condition than under a drained
condition. Therefore, the ultimate bearing capacity of the soft
foundation under an undrained condition is often used to es-
timate the allowable pressure for preloading:

p =
qult

FS
=

Nccu

FS
(7.27)

where p = allowable pressure for preloading
qult = ultimate bearing capacity
Nc = bearing capacity factor (5.14 for uniform

soft soil)
cu = undrained shear strength of soft soil

FS = factor of safety (typically ranging from 1.1
to 1.5)

Slope Stability If fill preloading is implemented in a form
of embankments, slope stability analysis is also necessary to
ensure the stability of embankments in addition to the bearing
capacity requirement. Slope stability analysis can be con-
ducted using limit equilibrium methods, such as Bishop’s
method based on circular failure and/or Spencer’s method
based on wedge failure, or numerical methods. If slope stabil-
ity becomes a problem, geosynthetic reinforcement or other
ground improvement method can be used to stabilize the em-
bankment. The design of geosynthetic-reinforced embank-
ments is discussed in Chapter 10.

Time-Dependent Loading In practice, loads are often not
applied instantaneously, instead, they increase gradually.
Figure 7.15 shows a typical loading pattern and its induced
settlement. In this loading, the load increases linearly and
then remains constant for a certain period. The consolidation
solutions presented earlier are based on instantaneous
loading. Taylor (1948) suggested a method to approximate
the linearly increasing load to an instantaneous uniform
load starting from the middle of the loading period (i.e.,
the dashed lines in Figure 7.15). This method can be used
to calculate the degrees of consolidation under vertical and
radial flow as discussed in Equations (7.4) and (7.8).

Olson (1977) developed the solution for one-dimensional
consolidation under the linearly increasing load based on the
Terzaghi consolidation theory as follows:

When t ≤ t1,

u =
∞∑

m=0

2p

M3Tv1
sin

Mz
hdr
(1 − e−M2Tv ) (7.28)
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Figure 7.15 Time-dependent loading.

Uv =
Tv

Tv1

[
1 − 2

Tv

∞∑
m=0

1
M4

(
1 − e−M2Tv

)]
(7.29)

where u is the average excess pore water pressure at depth z;
Tv1 = cvt1∕h2

dr; and other symbols are as defined earlier.
When t > t1,

u =
∞∑

m=0

2p

M3Tv1
(eM2Tv1 − 1) sin

Mz
hdr
(1 − e−M2Tv) (7.30)

Uv = 1 − 2
Tv1

∞∑
m=0

1
M4

(eM2Tv1 − 1)e−M2Tv (7.31)

The equivalent permeability in Equation (7.25) proposed
by Chai et al. (2001) can be used in Equation (7.29) or
(7.31) to calculate the degree of consolidation of vertical
drain-improved foundations. The solution developed by Zhu
and Yin (2004) for the consolidation of soil with vertical and
radial drainage under ramp loading considering smear effects
can also be used for this purpose.

Time for Consolidation The time required for a desired
degree of consolidation (say 80%) in one stage can be es-
timated using the consolidation theories discussed earlier.
For an instantaneous load, if no vertical drain is included,
Equation (7.4) can be used to estimate the time. For a lin-
early increasing load followed by a constant load, Taylor
(1948) and Olson (1977)’s approaches can be used. If verti-
cal drains are included, the Hansbo solution or the equivalent
permeability method by Chai et al. (2001) is needed for this
calculation. When vertical drains are used, the portion of con-
solidation contributed by vertical flow is typically small and
a consolidation rate of 5–10% may be assumed for Uv as a
starting point to estimate the required consolidation degree
by radial flow, Ur, using Equation (7.3).

Strength Gain The undrained shear strength of a saturated
cohesive soil can be estimated by (Ladd, 1991):

cu

𝜎
′
z
= 𝜒f (OCR)∧ (7.32)

where cu = undrained shear strength of saturated co-
hesive soil

𝜒 f = 0.22± 0.03 for homogeneous sedimentary
clays (above A-line) or 𝜒 f = 0.25 ± 0.05
for silts and organic clays (below A-line)

OCR = overconsolidation ratio
∧ = 0.88 (1 – Cr/Cc)

Cr = recompression index
Cc = compression index
𝜎
′
z = effective consolidation stress

The strength gain of the soil after consolidation can be
estimated by

𝛥cu = 𝜒f (OCR)∧Δ𝜎′z = 𝜒f (OCR)∧UtΔ𝜎z (7.33)

where Δcu = strength gain
𝛥𝜎

′
z = additional effective vertical consolidation

stress induced by preloading
𝛥𝜎z = additional total vertical consolidation

stress induced by preloading
Ut = degree of consolidation at time t (calcu-

lated from the previous step)

Since soft soils are often approximately normally con-
solidated (i.e., OCR = 1.0), 𝜒f = 0.25 is commonly used.
When the width of the load area is much larger than (typ-
ically at least three times) the thickness of the soft soil,
Equation (7.33) can be simplified into

𝛥cu = 0.25Utp (7.34)

where p = applied uniform pressure for preloading.
The total undrained shear strength after preloading is

cu1 = cu + 𝛥cu (7.35)

Accumulated Degree of Consolidation During a staged
construction, each load may not be held until the end of the
primary consolidation due to time constraint. Under such a
condition, some excess pore water pressure still remains in
soil from the previous loading(s) when the next load is ap-
plied. As a result, the excess pore water pressure accumulates
from the previous loading period. A three-stage construction
shown in Figure 7.16 is selected as an example to illustrate
the procedure on how to calculate the accumulated degree of
consolidation. In this illustration, only the consolidation due
to vertical flow is considered using the approximate method
suggested by Taylor (1948). However, this procedure can
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Figure 7.16 Applied pressure–settlement–time curve.

also be used for the consolidation due to radial flow. A similar
procedure can be developed based on the method proposed
by Olson (1977) using the equivalent permeability derived
by Chai et al. (2001). To simplify the calculations, the in-
cremental loading can be approximated to an instantaneous
uniform loading with half of the duration, which starts at the
middle of the actual loading.

For stage 1 at time t1, the degree of consolidation, Ut1(p1),
under the loading, p1, can be calculated by the time factor

Tv1(p1) =
cvt

h2
dr

=
cv(t1 − t1∕2)

h2
dr

=
cvt1
2h2

dr

(7.36)

The excess pore water pressure at t1 is

ut1(p1) = u0(p1)(1 − Ut1(p1)) (7.37)

where u0(p1) is the initial excess pore water pressure induced
by the instantaneous loading, p1.

At time t2, the degree of consolidation, Ut2(p1), can be
calculated by the time factor

Tv2(p1) =
cvt

h2
dr

=
cv(t2 − t1∕2)

h2
dr

=
cv(2t2 − t1)

2h2
dr

(7.38)

The excess pore water pressure at t2 before the next stage of
loading is

ut2(p1) = u0(p1)(1 − Ut2(p1)) (7.39)

For stage 2 at time t3, there are two loadings, p1 and p2,
which have different time durations. The degrees of the con-
solidation under p1 and p2 – p1, Ut3(p1) and Ut3(p2−p1) can be
calculated by the following time factors, respectively,

Tv3(p1) =
cvt

h2
dr

=
cv(t3 − t1∕2)

h2
dr

=
cv(2t3 − t1)

2h2
dr

(7.40)

Tv3(p2−p1) =
cvt

h2
dr

=
cv(t3 − t2)

2h2
dr

(7.41)

The excess pore water pressures under p1 and p2 – p1 at t3,
respectively, are

ut3(p1) = u0(p1)(1 − Ut3(p1)) (7.42)

ut3(p2−p1) = u0(p2−p1)(1 − Ut3(p2−p1)) (7.43)

where u0(p2-p1) is the initial excess pore water pressure in-
duced by the additional instantaneous loading, p2 – p1.

The accumulated degree of consolidation under p1 and
p2 – p1 at t3 can be calculated as

Ut3(p2) = 1 −
ut3(p1) + ut3(p2−p1)

u0(p1) + u0(p2−p1)

=
u0(p1)Ut3(p1) + u0(p2−p1)Ut3(p2−p1)

u0(p1) + u0(p2−p1)
(7.44)

At time t4, the degrees of the consolidation under p1 and
p2 – p1 before the third stage of loading, Ut4(p1) and Ut4(p2-p1)
can be calculated by the following time factors, respectively,

Tv4(p1) =
cvt

h2
dr

=
cv(t4 − t1∕2)

h2
dr

=
cv(2t4 − t1)

2h2
dr

(7.45)

Tv4(p2−p1) =
cvt

h2
dr

=
cv(2t4 − t2 − t3)

2h2
dr

(7.46)

The excess pore water pressures under p1 and p2 – p1 at t4,
respectively, are

ut4(p1) = u0(p1)(1 − Ut4(p1)) (7.47)

ut4(p2−p1) = u0(p2−p1)(1 − Ut4(p2−p1)) (7.48)

The accumulated degree of consolidation under p1 and
p2 – p1 at t4 can be calculated as

Ut4(p2) = 1 −
ut4(p1) + ut4(p2−p1)

u0(p1) + u0(p2−p1)

=
u0(p1)Ut4(p1) + u0(p2−p1)Ut4(p2−p1)

u0(p1) + u0(p2−p1)
(7.49)

The accumulated degree of consolidation for stage 3 or a
later stage can be calculated following the same procedure as
discussed above.

The preceding procedure assumes that the excess pore wa-
ter pressures induced by earlier and later pressures and the
rates of their dissipations with time are independent and start
from the time of their pressures applied separately. Chai et al.
(2013) proposed a simplified method for calculating the de-
gree of consolidation considering the combined effect of two
pressures. In their method, the degree of consolidation, Ui,
under the earlier pressure, pi, at time, ti, is first converted
to that under the later instantaneous pressure, pj, at time, ti,
when it is applied; i.e., Uj = Ui pi∕pj. Based on the converted
Uj, the equivalent time, tj, can be calculated using the con-
solidation theory (Terzaghi’s one-dimensional consolidation
theory for vertical flow only or Hansbo’s consolidation the-
ory for radial flow only). The degree of consolidation under
the pressure, pj, at additional time, Δt, can be calculated us-
ing the total time, tj + Δt. A preliminary study shows that
these two methods yield similar results.



DESIGN CONSIDERATIONS 223

Settlement Calculation The methods presented in
Chapter 2 can be used to calculate the immediate and
final primary consolidation settlements after each stage of
loading. The primary consolidation settlement at a certain
time of preloading can be calculated by

Sct = UtSc (7.50)

where Sct = settlement at time t
Sc = final primary consolidation settlement at the

end of primary consolidation

As shown in Figure 7.16, the settlement corresponding to
each time is calculated based on the above formula.

The secondary settlement after the end of primary con-
solidation can be calculated using the equation presented in
Chapter 2.

7.3.3 Surcharge Effect

Time for Surcharge Removal Figure 7.17 shows the vari-
ations of excess pore water pressure and settlement during
surcharge preloading and removal. The effective surcharge
ratio is defined as (Mesri et al., 1997)

Rs =
𝜎
′
zs

𝜎
′
zf

− 1 (7.51)

where 𝜎
′
zs = effective vertical surcharge stress in soil be-

fore removal of surcharge
𝜎
′
zf = final vertical stress in soil after removal of

surcharge

Figure 7.17 Vertical stress, excess pore water pressure, and settle-
ment in soil during surcharge preloading and removal.

To ensure the benefit of surcharge, 𝜎
′
zs must be higher

than 𝜎
′
zf.

To prevent the continued primary settlement after the re-
moval of the surcharge, the achieved degree of consolidation
should be

Utr ≥
pf

pf + ps
(7.52)

where pf = vertical applied pressure after removal of sur-
charge and ps = vertical applied surcharge to be removed

This condition implies that the remaining excess pore wa-
ter pressure at the beginning of surcharge removal, tri, is
equal or less than the reduced stress induced by the re-
moval of the surcharge pressure. Under such a condition,
the removal of the surcharge pressure reduces the excess
pore water pressure to zero or induces negative excess pore
water pressure in soil at the end of surcharge removal, tre.
Therefore, no primary settlement occurs. If there is neg-
ative excess pore water pressure, there is a primary re-
bound (i.e., the dissipation of negative pore water pressure)
from tre up to trp followed by a secondary rebound up to
ts. After the secondary rebound, a secondary compression
will start. Based on the required degree of consolidation in
Equation (7.52), the required time for preloading can be de-
termined following the procedure discussed in the previous
section.

Rebound The primary rebound of the soil during and after
the removal of the surcharge from tri to trp can be estimated
by the following equation:

Sr =
Crh

1 + e0
log

𝜎
′
zf

𝜎
′
zs

(7.53)

where Cr = rebound index of soil
h = initial soil thickness

e0 = initial void ratio of soil

Since 𝜎
′
zs is higher than 𝜎

′
zf , Sr is negative (i.e., rebound)

The time for end of primary rebound. trp, and the rate of re-
bound (also the rate of dissipation of positive and/or negative
pore water pressure) from tri to trp can be estimated using the
consolidation theories with a higher coefficient of consolida-
tion due to a lower coefficient of volumetric compressibility.
This primary rebound is followed by a secondary rebound,
which is typically small and can be neglected for a conserva-
tive design in practice.

Secondary Compression There are two methods commonly
used in practice to estimate the secondary compression after
surcharge removal: (1) the Mesri et al. method and (2) the
Ladd method.
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1. The Mesri et al. Method Mesri et al. (1997) suggested
secondary compression starts at time ts and can be estimated
as follows:

Ss =
C′
𝛼
h

1 + e0
log

t
ts

(7.54)

where C′
𝛼
= secondary compression index after surcharge

ts = restart time for secondary settlement (calcu-
lated from the end of surcharge removal, tre)

t = time of interest after surcharge removal (cal-
culated from tre)

Mesri et al. (2001) suggested the following empirical cor-
relations between ts∕trp and Rs:

ts
trp
= 100R1.7

s for inorganic and organic

soft clays and silts (7.54)

ts
trp
= 10Rs for peat deposits (7.55)

where trp is the time for primary rebound, which can be esti-
mated based on the method proposed by Mesri et al. (1978).
Field observations show that most primary rebound after the
removal of surcharge is completed within one month.

The secondary compression index after surcharge, C′
𝛼
, can

be calculated based on the ratio of C′
𝛼

to C
𝛼

(secondary com-
pression index before surcharge). The secondary compres-
sion index before surcharge can be measured or estimated
based on the ratio of C

𝛼
to Cc as discussed in Chapter 2.

Mesri et al. (1997, 2001) reported that the ratio of C′
𝛼

to C
𝛼

depends on the surcharge ratio Rs and the time ratio of t to
ts. The coefficient of secondary compression after surcharge,
C′
𝛼
, can be estimated using Figure 7.18.

2. The Ladd Method Ladd (1971) presented a method con-
sidering the benefit of surcharge on the reduction of soil
secondary compression. Stewart et al. (1994) described the
preloading and the effect of the surcharge on the secondary
compression after the removal of surcharge based on Ladd
(1971) in Figure 7.19. In Figure 7.19(a), when the vertical ef-
fective stress increases from the initial stress, 𝜎′

z0, to the stress
under surcharge, 𝜎′zs, the soil compression follows the com-
pression line with a slope of Cc𝜀 (volumetric compression
index of soil). Please note the volumetric compression in-
dex has a relationship with the compression index as follows:
Cc𝜀 = Cc∕(1 + e0), where e0 is the initial void ratio of the
soil. After the completion of the primary consolidation, the
secondary settlement starts and continues to the point when
the surcharge is removed. Stewart et al. (1994) equalized the
secondary compression to the consolidation compression in-
duced by the additional stress on the compression line so that
an equivalent preconsolidation stress, pc, is determined.The
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Figure 7.18 Coefficient of secondary compression after surcharge
(Mesri et al., 1997, with permission from ASCE).

Figure 7.19 Effect of surcharge on secondary compression: (a)
vertical stress vs. strain and (b) vertical strain vs. time (modified
from Stewart et al., 1994).

equivalence of the consolidation compression from 𝜎
′
zs to pc

the secondary compression from tp to tr is

Cc𝜀 log
pc

𝜎
′
zs
= C

𝛼𝜀
log

tr
tp

(7.56)
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Cc𝜀 = volumetric secondary compression index of soil.

Hence,

pc = 𝜎
′
zs

(
tr
tp

)C
𝛼𝜀
∕Cc𝜀

(7.57)

After the removal of the surcharge, there is a slight rebound
and then the secondary compression resumes under the final
stress, 𝜎′zf . Stewart et al. (1994) defined an adjusted amount
of surcharge (AAOS) as follows:

AAOS =
pc − 𝜎

′
zf

𝜎
′
zf

(7.58)

where 𝜎
′
zf = final stress
pc = equivalent preconsolidation stress

The preceding primary consolidation and secondary com-
pression process is also illustrated in Figure 7.19(b) in a
time scale. The first portion of the curve is the primary
consolidation. After the end of the primary consolidation,
tp, the secondary compression occurs and increases with a
slope, C

𝛼𝜀
, in a logarithm scale. When the surcharge is re-

moved at time tr, there is a slight rebound, 𝜀r. The sec-
ondary compression restarts at ts and increases at a reduced
slope, C′

𝛼𝜀
.

Ladd (1971) developed a relationship between the ratio of
C′
𝛼𝜀

to C
𝛼𝜀

(normally consolidated) and AAOS, as shown
in Figure 7.20. Conroy et al. (2010) updated this relationship
as shown in Figure 7.21.

Ladd (1971) also developed a relationship between ts∕tr
and AAOS, as shown in Figure 7.20. It should be pointed out
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Figure 7.21 C′
𝛼𝜀
∕C

𝛼𝜀
versus AAOS for various sites (Conroy

et al., 2010).

that the minimum line in Figures 7.20 and 7.21 corresponds
to tr∕tp close to 1.0.

In practice, the surcharge in preloading is often removed
before the end of primary consolidation because it is too
long to wait. Under such a condition, Equation (7.59) may
be expressed as

pc = 𝜎
′
zs (7.59)

Under such a condition, AAOS = Rs.

7.4 DESIGN PARAMETERS AND PROCEDURES

7.4.1 Design Parameters

Depending on which method of preloading (i.e., fill, vacuum,
or fill and vacuum combined preloading) is selected, whether
vertical drains are used, and whether surcharge is necessary,
some required design parameters are different. For preloading
without vertical drains, the following parameters are needed:

• Undrained shear strength, permeability and consoli-
dation coefficient, initial void ratio, preconsolidation
stress, compression and recompression indices, sec-
ondary compression index, and thickness of soft soil

• Depth of groundwater table and drainage condition
• Size of preloading area and intensity of loading (fill

pressure or vacuum pressure)
• Rate of loading
• Available time for preloading
• Final structure load
• Required factors of safety against bearing and slope

failures

• Tolerable postconstruction settlement
• Service life

If preloading without vertical drains does not meet time
and/or performance requirements, vertical drains are needed
to accelerate consolidation. Additional parameters are
needed for designing vertical drains as follows:

• Type, dimension, length, drainage capacity of vertical
drains

• Pattern and spacing of vertical drains
• Size and permeability of smear zone

To accelerate preloading and reduce secondary compres-
sion, surcharge may be used. To design surcharge preloading,
the following additional parameters are needed:

• Magnitude of surcharge
• Time for maintaining surcharge
• Time for removing surcharge

7.4.2 Design Procedure

Fill preloading can be implemented in the field by plac-
ing fill on ground (especially during the construction of
embankments or dams) or filling water (especially in stor-
age tanks). The following design procedure may be fol-
lowed to ensure the stability and meet time and serviceability
requirements:

1. Estimate an allowable pressure based on the allow-
able bearing capacity of the foundation and a factor
of safety against slope failure if embankments are used
for preloading. If the allowable capacity is higher than
the required pressure, one-stage construction is suffi-
cient and the pressure is maintained until the end of
the construction. If the allowable capacity is less than
the required final pressure; however, two- or multiple-
stage construction (also called staged construction)
is needed.

2. Calculate the rate of consolidation at the end of preload-
ing. If the degree of consolidation is less than the re-
quired, vertical drains should be used and designed.

3. Based on the selected type, properties, pattern, and
length of vertical drains, determine spacing of vertical
drains.

4. For the staged construction, strength gain is calculated
under the previous pressure for a certain time period.
The time period is often assumed at the consolidation
rate of 80% and should be calculated first prior to deter-
mining the strength gain.



DESIGN EXAMPLE 227

5. Estimate a new allowable pressure based on the in-
creased allowable bearing capacity. If the new allowable
capacity is higher than the required pressure, the re-
maining pressure in addition to the previous pressure is
applied and maintained until the end of the construc-
tion with a settlement calculation. Otherwise, repeat
steps 2, 3, and 4 until all the required loads are applied.

6. Calculate the accumulated degree of consolidation
based on the accumulated excess pore water pressure

from each stage of loading and the dissipation of excess
pore water pressure during preloading.

7. Calculate the settlement of the foundation for each cor-
responding stage.

8. Calculate the postconstruction settlement including sec-
ondary compression. If surcharge preloading is used,
the reduced secondary consolidation index can be de-
termined using the Ladd method or the Mesri et al.
method.

7.5 DESIGN EXAMPLE

Design Example 7.1: Staged Construction

An unreinforced highway embankment is to be constructed on soft soil as shown in Example Figure 7.1. In order to ensure
the stability of the embankment during the construction, staged construction may be necessary. Provide your design with
a construction schedule, an expected settlement–time curve, and a postconstruction settlement. The construction should
be completed within one year and the degree of consolidation at the end of the construction should reach at least 80%. The
design life of this highway embankment is 100 years. PVDs may be used to shorten the construction period and accelerate
the consolidation. The PVDs to be selected have the cross-sectional dimensions of 100 and 4 mm. The allowable discharge
capacity of the drain is 0.000109 m3∕s. Assume there is no smear effect during the installation of PVDs. The required
factor of safety during construction is 1.3. Provide the design of PVDs as well.

2:1 2:1

24 m

12.0 kPa

6 m

6 m

γ = 19.7 kN/m3, cʹ=0,
ϕʹ= 30°

Impermeable bedrock 

NC soft soil, γ= 18.1 kN/m3, cu = 24 kPa, ϕ = 0°, cv = 1.8 × 10‒8 m2/s,
kr/kv = cr/cv = 2.5, Cc = 0.8, e0 = 1.0, Cα = 0.032

Example Figure 7.1 Design cross section and parameters.

Solution

Considering it is an unreinforced embankment, the effect of the limited depth to the embankment width ratio is not
conservative. The bearing capacity factor, Nc = 5.14.

Stage 1
The permissible height of the fill for the first stage:

H1 ≤
Nccu

FS ⋅ 𝛾
= 5.14 × 24

1.3 × 19.7
= 4.8 m

Construct the first stage of the embankment up to 4.5 m at a construction rate of 0.3 m/week. This construction can
be completed in 15 weeks, i.e., t1 = 15 weeks = 15 × 7 = 105 days. Assume the PVDs are arranged in an equilateral
triangular pattern with spacing of 1.0 m and penetrate into the 6-m-thick soft soil. The equivalent influence diameter, de, is

de = 1.06s = 1.06 × 1.0 = 1.06 m

The total primary settlement in the first stage (the vertical overburden stress is calculated at the mid-depth of the soft soil
and the width of the embankment is more than three times the thickness of the soft soil) is

Sc1 =
Cch

1 + e0
log

𝜎
′
z0 + 𝛥𝜎z

𝜎
′
z0

= 0.8 × 6
1 + 1.0

log
(18.1 − 9.8) × 3 + 4.5 × 19.7

(18.1 − 9.8) × 3
= 1.58 m
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This settlement is about 35% the height of the fill to be constructed.
The coefficient of consolidation due to radial flow is

cr = 2.5 × cv = 4.5 × 10−8 m2∕s

The time factors for vertical and radial flow are

Tv =
cvt

h2
dr

=
1.8 × 10−8 × (105∕2) × 24 × 60 × 60

62
= 0.00227

Tr =
crt

d2
e

=
4.5 × 10−8 × (105∕2) × 24 × 60 × 60

1.062
= 0.185

The degree of the consolidation due to vertical flow at t1 is

Uv =
√

4Tv

𝜋

= 0.054 = 5.4%

The equivalent diameter of PVDs is

dc =
b + tg

2
= 100 + 4

2
= 52 mm = 0.052 m

Estimation of kv:

Cc =
𝛥e

log 𝜎′z2 − log 𝜎′z1

and 𝛥e = Cc(log 𝜎′z2 − log 𝜎′z1)

av =
𝛥e

𝜎
′
z2 − 𝜎

′
z1

=
Cc(log 𝜎′

z2 − log 𝜎′
z1)

𝜎
′
z2 − 𝜎

′
z1

=
0.8 × (log 200 − log 100)

200 − 100
= 0.0024∕kPa

mv =
av

1 + e0
= 0.0024

1 + 1.0
= 0.0012∕kPa

kv = cv𝛾wmv = 1.8 × 10−8 × 9.8 × 0.0012 = 2.12 × 10−10 m∕s

kr = 2.5kv = 5.29 × 10−10 m∕s

The degree of consolidation due to radial flow can be calculated as follows:

ND =
de

dc
= 1.06

0.052
= 20

Fm(ND) = ln
ND

Ns
+

kr

ks
ln Ns −

3
4
+ 𝜋z(2hdr − z)

kr

Qc

= ln
20
1
+ 0 − 3

4
+ 3.14 × 6

2

(
2 × 6 − 6

2

) 5.29 × 10−10

0.000109

= 2.25

Ur = 1 − exp

[
− 8

Fm

(
ND

)Tr

]
= 1 − exp

(
− 8

2.25
× 0.185

)
= 0.482 = 48.2%

The overall degree of consolidation is

Uvr = 1 − (1 − Uv)(1 − Ur) = 1 − (1 − 0.054) × (1 − 0.482) = 0.510 = 51.0%

The settlement at t1 is
St1 = Uvr(t1)Sc1 = 0.510 × 1.58 = 0.81 m
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In order to reach at least 80% consolidation at the end of the first stage (assume Uv = 10%), the required degree of
consolidation due to radial flow is

Ur = 1 −
1 − Uvr

1 − Uv
= 1 − 1 − 0.8

1 − 0.10
= 0.778

The required time factor for the radial flow is

Tr = −1∕8Fm(ND) ln(1 − Ur) = −1∕8 × 2.25 × ln(1 − 0.778) = 0.423

The required time is

t2 −
1
2

t1 =
Trd

2
e

cr
= 0.423 × 1.062

4.5 × 10−8
= 1.04 × 107 s = 120 days

t2 = 120 + 105
2

= 172 days

Tv(t2) =
cvt

h2
dr

= 1.8 × 10−8 × 120 × 24 × 60 × 60
62

= 0.0052

Uv =
√

4Tv

𝜋

= 0.081 = 8.1%

therefore, the assumed degree of consolidation at 10% is higher than the calculated. Adjustment of Uvr is needed:

Uvr = 1 − (1 − 0.081) × (1 − 0.778) = 0.796

The settlement at t
2

is
St2 = Uvr(t2)Sc1 = 0.796 × 1.58 = 1.26 m

The initial excess pore water pressure is

u01 = 𝛾H1 = 19.7 × 4.5 = 89.8 kPa

The excess pore water pressure at t2 is

ut2 = u01 − Uvr(t2)u01 = 89.8 − 0.796 × 89.8 = 18.3 kPa

The strength gain due to consolidation can be calculated as follows:

𝛥cu = 0.25Ut 𝛥𝜎z = 0.25 × 0.796 × 19.7 × 4.5 = 17.9 kPa

Stage 2
The total permissible height of the fill for the second stage is:

H2 ≤
Nc(cu + 𝛥cu)

FS ⋅ 𝛾
= 5.14 × (24 + 17.9)

1.3 × 19.7
= 8.8 m

Considering the settlement of the embankment during and after construction, the actual height of fill to be added should
be greater than that in the design section. Assume the total height of the fill to be added is 8 m, which is within the total
permissible height for the second stage. The expected total primary settlement is

Sc2 =
Cch

1 + e0
log

𝜎
′
z0 + 𝛥𝜎z

𝜎
′
z0

= 0.8 × 6
1 + 1.0

log
(18.1 − 9.8) × 3 + 8 × 19.7

(18.1 − 9.8) × 3
= 2.08 m

Therefore, the final height of the embankment after the primary settlement is close to 6 m.
The height of the fill to be added in the second stage is 8 − 4.5 = 3.5 m, which can be completed in 12 weeks if the

same rate of construction is adopted. Therefore, the time right after placing the fill for the second stage, t3, is

t3 = t2 + 12 × 7 = 172 + 84 = 256 days
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The time for calculating the degree of consolidation under the first stage loading is t3 – t1∕2 = 256 – 105∕2 = 204 days.

Tv(p1,t3) =
cv(t3 − t1∕2)

h2
dr

= 1.8 × 10−8 × 204 × 24 × 60 × 60
62

= 0.0088

Tr(p1,t3) =
cr(t3 − t1∕2)

d2
e

= 4.5 × 10−8 × 204 × 24 × 60 × 60

1.062
= 0.720

Uv(p1,t3) =
√

4Tv

𝜋

= 0.088 = 8.8%

Ur(p1,t3) = 1 − exp

[
− 8

Fm

(
ND

)Tr

]
= 1 − exp

(
− 8

2.25
× 0.720

)
= 0.923 = 92.3%

The overall consolidation degree for the first stage loading at t3 is

Uvr(p1,t3) = 1 − (1 − Uv)(1 − Ur) = 1 − (1 − 0.088) × (1 − 0.923) = 0.931 = 93.1%

The remaining excess pore water pressure induced by the first stage loading is

ut3(p1) = u01(1 − Uvr(p1,t3)) = 89.8 × (1 − 0.931) = 6.2 kPa

The time factors for the second stage loading are:

Tv(p2−p1,t3) =
cv(t3 − t2)

2h2
dr

= 1.8 × 10−8 × 84 × 24 × 60 × 60
2 × 62

= 0.0018

Tr(p2−p1,t3) =
cr(t3 − t2)

2d2
e

= 4.5 × 10−8 × 84 × 24 × 60 × 60

2 × 1.062
= 0.148

Uv(p2−p1,t3) =
√

4Tv

𝜋

= 0.048 = 4.8%

Ur(p2−p1,t3) = 1 − exp

[
− 8

Fm

(
ND

)Tr

]
= 1 − exp

(
− 8

2.25
× 0.148

)
= 0.409 = 40.9%

The overall consolidation degree for the second stage loading at t3 is

Uvr(p2−p1,t3) = 1 − (1 − Uv)(1 − Ur) = 1 − (1 − 0.048) × (1 − 0.409) = 0.437 = 43.7%

The initial excess pore water pressure induced by the second stage loading is

u02 = 3.6 × 19.7 = 71.9 kPa

The remaining excess pore water pressure induced by the second stage loading is

ut3(p2−p1) = u02(1 − Uvr(p2−p1,t3)) = 71.9 × (1 − 0.437) = 40.4 kPa

The total excess pore water pressure at t3 is

ut3(p2) = ut3(p1) + ut3(p2−p1) = 6.2 + 40.4 = 46.6 kPa

The overall degree of consolidation is

Uvr(t3) = 1 −
ut3(p2)

u01 + u02
= 1 − 46.6

89.8 + 40.4
= 0.712 = 71.2%

The primary settlement at t3 is
St3 = Uvr(t3)Sc2 = 0.712 × 2.08 = 1.49 m
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The time factors at the end of the year for the first stage loading are:

Tv(p1,t4) =
cv(2t4 − t1)

2h2
dr

= 1.8 × 10−8 × (2 × 365 − 105) × 24 × 60 × 60

2 × 62
= 0.0135

Tr(p1,t4) =
cr(2t4 − t1)

2d2
e

= 4.5 × 10−8 × (2 × 365 − 105) × 24 × 60 × 60

2 × 1.062
= 1.102

Uv(p1,t4) =
√

4Tv

𝜋

= 0.131 = 13.1%

Ur(p1,t4) = 1 − exp

[
− 8

Fm

(
ND

)Tr

]
= 1 − exp

(
− 8

2.25
× 1.102

)
= 0.980 = 98.0%

The overall consolidation degree for the first stage loading at t3 is

Uvr(p1,t4) = 1 − (1 − Uv)(1 − Ur) = 1 − (1 − 0.131) × (1 − 0.980) = 0.983 = 98.3%

The remaining excess pore water pressure induced by the first stage loading is

ut4(p1) = u01(1 − Uvr(p1,t4)) = 89.8 × (1 − 0.983) = 1.5 kPa

The time factors at the end of the year for the second stage loading are:

Tv(p2−p1,t4) =
cv(2t4 − t3 − t2)

2h2
dr

= 1.8 × 10−8 × (2 × 365 − 256 − 172) × 24 × 60 × 60

2 × 62
= 0.0065

Tr(p2−p1,t4) =
cr(2t4 − t3 − t2)

2d2
e

= 4.5 × 10−8 × (2 × 365 − 256 − 172) × 24 × 60 × 60

2 × 1.062

= 0.532

Uv(p2−p1,t4) =
√

4Tv

𝜋

= 0.091 = 9.1%

Ur(p2−p1,t4) = 1 − exp

[
− 8

Fm

(
ND

)Tr

]
= 1 − exp

(
− 8

2.25
× 0.532

)
= 0.849 = 84.9%

The overall consolidation degree for the second stage loading at t3 is

Uvr(p2−p1,t4) = 1 − (1 − Uv)(1 − Ur) = 1 − (1 − 0.091) × (1 − 0.849) = 0.863 = 86.3%

The remaining excess pore water pressure induced by the second stage loading is

ut4(p2−p1) = u02(1 − Uvr(p2,t4)) = 71.9 × (1 − 0.863) = 9.9 kPa

The total excess pore water pressure at t3 is

ut4(p2) = ut4(p1) + ut4(p2−p1) = 1.5 + 9.9 = 11.4 kPa

The overall degree of consolidation is

Uvr(t4) = 1 −
ut3(p2)

u01 + u02
= 1 − 11.4

89.8 + 71.9
= 0.929 = 92.9%

The primary settlement at t4 is
St4 = Uvr(t4)Sc2 = 0.929 × 2.08 = 1.94 m

The remaining settlement after t4 is

Srm = Sc2 − St4 = 2.08 − 1.94 = 0.14 m
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The time required to complete 99% consolidation is

tp = −
Fm(ND) ln(1 − Ur)d2

e

8cr
= −2.25 × ln(1 − 0.99) × 1.062

8 × 4.5 × 10−8
= 31732500s = 1.006 yr

In addition, traffic loading would induce settlement in the soft soil and the embankment fill. Considering the embankment
fill is well compacted, the settlement in the embankment fill is negligible. The settlement in the soft soil induced by the
equivalent traffic loading of 12.0 kPa is

Str =
Cch

1 + e0
log

𝜎
′
z0 + 𝛥𝜎z + 𝛥𝜎tr

𝜎
′
z0

− 𝜎c2 =
0.8 × 6
1 + 1.0

log
(18.1 − 9.8) × 3 + 8 × 19.7 + 12.0

(18.1 − 9.8) × 3
− 2.09

= 0.07 m

The secondary settlement in 100 years (assume no change in C
𝛼

after the staged construction) is

Ss =
C
𝛼
h

1 + e0
log

(
t
tp

)
= 0.032 × 6

1 + 1.0
log

( 100
1.006

)
= 0.19 m

Therefore, the total postconstruction settlement is

Spc = Srm + Str + Ss = 0.14 + 0.07 + 0.19 = 0.40 m

The fill height–settlement–time relationships are shown in Example Figure 7.2.
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Example Figure 7.2 Design cross section and parameters: (a) fill height vs. time
and (b) settlement vs. time.
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In this example, the total settlement is larger than 2.0 m. Part of the embankment will settle below the groundwater
table. Due to the buoyant force of the soil below the groundwater table, the actual pressure by the embankment is less than
8 × 19.7 = 158 kPa. In addition, due to the large compression of the soil, the soil consolidation coefficient may change,
thus affecting the rate of consolidation. Therefore, in reality, the total settlement and the postconstruction settlement may
be different. To accurately calculate these settlements, iterations are necessary.

Design Example 7.2: Surcharge Preloading

In Design Example 7.1, an additional 3-m fill is added
for 6 months to have surcharge preloading. The recom-
pression index of the soft soil is 0.16. What is the post-
construction settlement after removal of the surcharge?

Solution

First, it is necessary to check whether the soil strength
at the end of the second stage is high enough to support
the surcharge pressure. The soil strength gain at the end
of the second stage from the initial strength is

𝛥cu = 0.25Ut𝛥𝜎z = 0.25 × 0.929× 19.7× 8 = 36.6 kPa

The total permissible height of the fill for the surcharge
stage is:

H2 ≤
Nc(cu + 𝛥cu)

FS ⋅ 𝛾
= 5.14 × (24 + 36.6)

1.3 × 19.7
= 12.2 m

Therefore, an additional 3 m fill is OK. The surcharge
pressure is

ps = 3 × 19.7 = 59.1 kPa

Based on the construction rate, it takes 10 weeks to
place additional 3 m fill. Therefore, the time right after
placing the fill for the surcharge stage, t4, is

t5 = t4 + 10 × 7 = 365 + 70 = 435 days

The surcharge preloading will end at

t6 = t4 + 6 × 30 = 365 + 180 = 545 days

The expected total primary settlement under the sur-
charge loading is

Sc3 =
Cch

1 + e0
log

𝜎
′
z0 + 𝛥𝜎z

𝜎
′
z0

= 0.8 × 6
1 + 1.0

log
(18.1 − 9.8) × 3 + 11 × 19.7

(18.1 − 9.8) × 3

= 2.37 m

The time factors at the end of the surcharge loading for
the first stage loading are:

Tv(p1,t6) =
cv(2t6 − t1)

2h2
dr

= 1.8 × 10−8 × (2 × 545 − 105) × 24 × 60 × 60

2 × 62

= 0.0213

Tr(p1,t6) =
cr(2t6 − t1)

2d2
e

= 4.5 × 10−8 × (2 × 545 − 105) × 24 × 60 × 60

2 × 1.062

= 1.704

Uv(p1,t6) =
√

4Tv

𝜋

= 0.165 = 16.5%

Ur(p1,t6) = 1 − exp

[
− 8

Fm

(
ND

)Tr

]
= 1 − exp

(
− 8

2.25
× 1.704

)
= 0.998 = 99.8%

The overall consolidation degree for the first stage
loading at t6 is

Uvr(p1,t6) = 1 − (1 − Uv)(1 − Ur)

= 1 − (1 − 0.165) × (1 − 0.998)

= 0.998 = 99.8%

The remaining excess pore water pressure at the end of
the surcharge induced by the first stage loading is

ut6(p1) = u01(1 − Uvr(p1,t6))

= 89.8 × (1 − 0.998) = 0.2 kPa
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The time factors at the end of the year for the second
stage loading are:

Tv(p2−p1,t6) =
cv(2t6 − t3 − t2)

2h2
dr

=

1.8 × 10−8 × (2 × 545 − 256 − 172)
× 24 × 60 × 60

2 × 62

= 0.0143

Tr(p2−p1,t6) =
cr(2t6 − t3 − t2)

2d2
e

=

4.5 × 10−8 × (2 × 545 − 256 − 172)
× 24 × 60 × 60

2 × 1.062

= 1.145

Uv(p2−p1,t6) =
√

4Tv

𝜋
= 0.135 = 13.5%

Ur(p2−p1,t6) = 1 − exp

[
− 8

Fm

(
ND

)Tr

]
= 1 − exp

(
− 8

2.25
× 1.145

)
= 0.983 = 98.3%

The overall consolidation degree for the second stage
loading at t6 is

Uvr(p2−p1,t6) = 1 − (1 − Uv)(1 − Ur)

= 1 − (1 − 0.135) × (1 − 0.983)

= 0.985 = 98.5%

The remaining excess pore water pressure induced by
the second stage loading is

ut6(p2−p1) = u02(1 − Uvr(p2,t6))

= 71.9 × (1 − 0.985) = 1.1 kPa

The time factors at the end of the year for the surcharge
loading (can also be considered as the third stage) are:

Tv(p3−p2,t6) =
cv(2t6 − t5 − t4)

2h2
dr

=

1.8 × 10−8 × (2 × 545 − 435 − 365)
× 24 × 60 × 60

2 × 62

= 0.0063

Tr(p3−p2,t6) =
cr(2t6 − t5 − t4)

2d2
e

=

4.5 × 10−8 × (2 × 545 − 435 − 365)
× 24 × 60 × 60

2 × 1.062

= 0.502

Uv(p3−p2,t6) =
√

4Tv

𝜋

= 0.089 = 8.9%

Ur(p3−p2,t6) = 1 − exp

[
− 8

Fm

(
ND

)Tr

]
= 1 − exp

(
− 8

2.25
× 0.502

)
= 0.832 = 83.2%

The overall consolidation degree for the surcharge
stage loading at t6 is

Uvr(p3−p2,t6) = 1 − (1 − Uv)(1 − Ur)

= 1 − (1 − 0.089) × (1 − 0.832)

= 0.847 = 84.7%

The remaining excess pore water pressure induced by
the surcharge stage loading is

ut6(p3−p2) = u03(1 − Uvr(p3,t6))

= 59.1 × (1 − 0.847) = 9.0 kPa

The total excess pore water pressure at t6 is

ut6(p3) = ut6(p1) + ut6(p2−p1) + ut6(p3−p2)

= 0.2 + 1.1 + 9.0 = 10.3 kPa

The overall degree of consolidation at the end of the
surcharge stage is

Uvr(t6) = 1 −
ut6(p3)

u01 + u02 + u03

= 1 − 10.3
89.8 + 71.9 + 59.1

= 0.953 = 95.3%

The primary settlement at t6 is

St6 = Uvr(t6)Sc3 = 0.953 × 2.37 = 2.26 m

Considering the primary settlement and potential sec-
ondary compression, remove 2.5 m surcharge fill, that
is, pf = (11.0 − 2.5) × 19.7 = 167 kPa and ps = 2.5 ×
19.7 = 49 kPa
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The required degree of consolidation before removal
of surcharge is

Utr =
pf

pf + ps
= 167

167 + 49

= 0.773 = 77.3% < Uvr(t6) (OK)

The effective vertical stress in the middle of the soft
soil at the end of surcharge loading is

𝜎
′
zs = 𝜎

′
z0 + Uvr(t6)(pf + ps)

= 25 + 0.953 × (167 + 49) = 231 kPa

Use the Ladd’s method for the calculations of rebound
and secondary compression. The final effective vertical
stress in the middle of the soft soil after removal of the
surcharge is

𝜎
′
zf = 𝜎

′
z0 + pf = 25 + 167 = 192 kPa

The amount of rebound can be calculated as follows:

Srb =
Cr

1 + e0
h log

𝜎
′
zf

𝜎
′
zs

= 0.16
1 + 1.0

× 6 × log
192
231

= −0.04 m

AAOS = Rs =
𝜎
′
zs

𝜎
′
zf

− 1 = 231
192

− 1 = 0.20 = 20%

From Figure 7.20 (the minimum bound is used because
tr∕tp is close to 1.0), log(ts∕tr) = 0.2. Since tr = t

6
=

545 days, ts = 100.2 × 545 = 864 days.
From Figure 7.21 (also the minimum bound is used),

C′
𝛼
∕C

𝛼
= 0.57. Therefore, C′

𝛼
= 0.57 × 0.032 =

0.018. The secondary compression is

Ss =
C′
𝛼

1 + e0
h log

t
ts

= 0.018
1 + 1.0

× 6 × log
100 × 365

864
= 0.09 m

In addition, traffic loading would induce settlement in
the soft soil. The settlement induced by the equivalent
traffic loading of 12.0 kPa along the recompression line
is

Str =
Crh

1 + e0
log

𝜎
′
zf + 𝛥𝜎tr

𝜎
′
zf

= 0.16 × 6
1 + 1.0

log
192 + 12.0

192

= 0.01 m

Therefore, the total postconstruction settlement after
removal of the surcharge is

Spc = Srb + Str + Ss = −0.04 + 0.01 + 0.09 = 0.06 m

This settlement is much smaller than that without sur-
charge preloading (i.e., 0.40 m).

7.6 CONSTRUCTION

7.6.1 Vertical Drains

Table 7.1 lists the installation methods for vertical drains.
Sand drains are installed by backfilling sand into holes
predrilled by a driven or vibratory closed-end mandrel,
a hollow-stem continuous flight auger, or water jetting.
Prefabricated sand drains are placed into holes formed by
a driven or vibratory closed-end mandrel, flight auger, or
rotary wash boring. PVDs are commonly installed by a
driven or vibratory closed-end mandrel. Figure 7.22 shows
the typical equipment for PVD installation, which includes
an installation rig and a drain delivery system.

There are three types of rigs: static rig, static rig with
water balancing system, and vibratory rig. The selection of
a rig should consider the following factors: (1) soil type, (2)
bearing capacity of ground, (3) depth of installation, and (4)
productivity of rig. Static rig, static rig with water balancing
system, and vibratory rig are suitable for normal ground
conditions, very soft soil, and firm to stiff soil, respectively
(Bo et al., 2003). A steel mandrel, typically of a rhombic or
rectangular shape carries and protects PVDs from damage
when driven into the ground.

A typical installation sequence starts with a PVD material
in rolls threaded through the mandrel and attachment of an
anchor at the bottom of the mandrel. The anchor can be a
13-mm-diameter cable, rebar, or steel anchor plate, which is
used to anchor the PVD in the ground. The mandrel with
the rig is positioned to a desired location, inserted into the
ground, pushed to a required depth, and then withdrawn to
the ground surface. The PVD with a certain length is cut
off and left in a drainage layer. The rig is moved to the
next location and the same sequence is repeated to install the
next PVD.

7.6.2 Drainage Layer

To discharge water from drains, a drainage layer with a thick-
ness of 300–500 mm is often placed on ground surface. The
drainage layer is also used to support construction equip-
ment when placed over soft soils. Under this condition, extra
material of at least 300 mm may be added to accommodate
aggregate loss due to contamination or a geotextile separator
is used to maintain the integrity of the drainage layer. The
drainage layer should be a good drainage material with less
than 3% clays, such as gravel or sand, which has permeability
not less than 10−5 m/s.

Strip drains may be placed horizontally and connected to
PVDs instead of a drainage layer to discharge water. Typical
strip drains are approximate 25 mm thick and 150 or 300 mm
wide (FHWA, 2004).
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(a) (b)

(c)

Figure 7.22 Equipment for PVD installation: (a) installation rig, (b) drain delivery arrangement,
and (c) cross section of mandrel and drain (Rixner et al., 1986).

7.6.3 Fill Preloading

Fill preloading can be implemented by placing fill materials
in layers. A typical example is the construction of an em-
bankment. During the construction, the rate of fill placement
and the height of the embankment are two important con-
trolling factors. They should be properly controlled to ensure
the stability of fill preloading. The rate of fill placement de-
pends on the properties of soft soil. Typically, the placement

of the embankment fill should not exceed the maximum rate
of 300 mm vertically per week. Weech and Lister (2009) re-
ported the rate of fill placement on soft soils ranged from
80 to 170 mm per week. They found that the installation of
vertical drains allowed a faster rate of fill placement. The
accumulated excess pore water pressure should be less than
50–60% of the applied stress. The height of fill in each stage
should not be larger than that calculated based on the allow-
able bearing capacity as discussed in Section 7.3.2.



QUALITY CONTROL AND ASSURANCE 237

7.6.4 Vacuum Preloading

Vacuum preloading has two different systems (Figure 7.23):
(1) with membrane and (2) without membrane (also referred
as “membraneless system”). Nowadays, vacuum preloading
mostly includes PVDs, which serve as drains and distribute
vacuum pressure.

In the membrane vacuum preloading system as shown in
Figure 7.23(a), there is a drainage layer under the membrane
liner in which PVD heads and water collection pipes are in-
cluded. This drainage layer is also used as a construction
platformtosupport installationrigs forPVDs.Toprevent leak-
age of the membrane, it is necessarily anchored into trenches
around the perimeter (typically at least 1.0 m deep). When a
permeable soil exists on the ground surface, the membrane
should be anchored in the trenches below the bottom of this
soil layer. Above the membrane, a water pond or fill material
is placed to prevent its damage during the construction. Vac-
uum pumps are connected to the water collection pipes. Shang
et al. (1998) reported that a single vacuum pump with a capac-
ity of 7.5 MW could cover an area of 1000 m2. If the area for
vacuum preloading is large, multiple pumps may be used or
the area to be treated may be divided into different preloading
cells. Figure 7.24 shows a photo of multiple vacuum pumps on
different preloading cells in one construction site. The photo
clearly shows the layout of water collection pipes under the
membrane and the trenches around the perimeter.

In the membraneless vacuum preloading system, the water
collection pipes are connected to individual PVDs by con-
nectors as shown in Figure 7.23(b) and Figure 7.25 and vac-
uum is distributed through these PVDs.

7.7 QUALITY CONTROL AND ASSURANCE

Proper quality control and assurance are important parts of
the preloading technology, which contribute to the successful
field performance.

Pump

Collection pipe

Trench

Figure 7.24 A vacuum preloading site with multiple vacuum
pumps.

Figure 7.25 Connections between pipes and PVDs in a mem-
braneless vacuum preloading system (Seah, 2006).

Figure 7.23 Vacuum-assisted preloading system: (a) membrane system and (b) membraneless
system (Indraratna, 2009).
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7.7.1 Materials

The type, dimension, and properties of the materials used in
preloading should be evaluated prior to construction.

Vertical Drains If sand drains are used, the gradation and
discharge capacity of sand should be obtained. If PVDs are
used, they should be evaluated for filtration and drainage re-
quirements. The discharge capacity of PVDs should be deter-
mined at normal stresses corresponding to the field horizon-
tal stresses on PVDs at different depths. Hydraulic gradient,
i ≤ 0.5, should be used to measure the discharge capac-
ity (Wang and Chen, 1996). PVDs including splicing drains
should have sufficient tensile strengths.

Drainage Layer The sand used in the drainage layer should
meet the filtration and drainage requirements. If the drainage
layer is also used as a construction platform, it should meet
the shear strength requirement.

Geomembrane The geomembrane used in vacuum pre-
loading should meet the thickness, permittivity, and tensile
strength requirements.

Water Collection Pipes and Connectors The pipes should
have enough drainage capacities and meet filtration require-
ments. The connectors should be tightly connected to PVDs
(in the membraneless system) and water collection pipes
without any leakage.

7.7.2 Construction Details

Contractors should submit at least but not be limited to
the following construction details for approval prior to
construction:

• Size, type, weight, maximum pushing force, vibratory
energy, and configuration of the installation rig

• Size, type, weight, power requirements, and vacuum
pressure of the vacuum pump in vacuum preloading

• Dimensions of mandrel
• Details of drain anchorage
• Details of splicing drains
• Details of the anchorage trench for the geomembrane

liner in vacuum preloading
• Installation sequence of vertical drains

The installation should meet the requirements of vertical-
ity, location, and depth of PVDs within tolerable limits. In
fill preloading, the fill should meet the density requirements.

7.7.3 Field Monitoring

It is important to set up proper instrumentation for field mon-
itoring during preloading. Typical instrumentation as shown
in Figure 7.26 includes settlement plates for the measure-
ment of embankment settlements, extensometer points for
soft soil compressions, inclinometers for soft soil horizon-
tal movements, piezometers for pore water pressures in the
soft soil, groundwater observation well for the groundwater
level, alignment stakes for ground surface movements, and
survey points for embankment and ground movements. The
instrumentation serves the following purposes: (1) to ensure
the stability of embankment, (2) to assess the performance of
preloading, (3) to determine the time for next stage loading,
and (4) to provide field data to back-calculate and verify soil
parameters used in the design.

Ground movement is an important piece of information to
evaluate whether the soft foundation or embankment has a
stability problem. The following are the warning signs for
possible failure (Ye et al., 1994):

• Whether the crest and/or slope of the embankment de-
velops cracks

• Whether the middle portion of the embankment has
rapidly increasing settlement

• Whether the horizontal movement at the toe of the em-
bankment accelerates

• Whether heave occurs at the toe of the embankment
• Whether the horizontal movement and heave at the toe

and the pore water pressure continue increasing.

To prevent possible failure, the loading rate has to be prop-
erly controlled. Figure 7.27 shows three measured curves that
can be used to control the loading rate: (1) horizontal dis-
placement at the toe (𝛿h) versus settlement at the center of the
embankment (So), (2) applied pressure (p) versus horizon-
tal displacement rate at the toe of the embankment (𝛿h), and
(3) applied pressure (p) versus accumulated excess pore wa-
ter pressure after each load (

∑
𝛥u). Matsuo and Kawamura

(1977) suggested that the ratio of the maximum horizontal
displacement to the settlement at the center of the embank-
ment (𝛿h∕So) must be less than 0.694S−1.08

o (𝛿h and So in
meters) to avoid the failure of the embankment.

The measured settlements can also be used to estimate
the final primary settlement and the coefficient of consol-
idation of soil by the method proposed by Asaoka (1978).
Figure 7.28 shows the measured settlement–time curve. Di-
vide the later portion (within the portion under the constant
load) of the curve in Figure 7.28(a) into a number of seg-
ments at an equal time interval, which result in the corre-
sponding settlements from S0, S1, S2, … , Sn−1, to Sn. The
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Figure 7.26 Instrumentation for field monitoring during preloading (Rixner et al., 1986).
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Figure 7.27 Measured curves for the control of loading rate.
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Figure 7.28 Asaoka’s method for final settlement: (a) settlement–time curve and (b) settlement
Sn−1 vs. Sn.
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settlements can be expressed as a first-order approximation:

Sn = 𝛽0 + 𝛽1Sn−1 (7.60)

where 𝛽0 and 𝛽1 are two constants.
Set Sn = Sn−1 = Sf , the final settlement can be calculated

as follows:

Sf =
𝛽0

1 − 𝛽1
(7.61)

Graphically, these settlements are plotted in Figure 7.28(b).
The data point line can be extended and intercept with the 1:1
line at the final settlement, Sf . 𝛽0 and 𝛽1 can be determined
in Figure 7.28(b).

Based on the consolidation theory discussed earlier, the
vertical or radial coefficient of consolidation, cv or cr, can
be calculated from the following equation:

−
ln 𝛽1

𝛥t
=

8cr

d2
e F(ND)

+
𝜋

2cv

4h2
dr

(7.62)

If there is no vertical drain

cv = −
4h2

dr ln 𝛽1

𝜋2Δt
(7.63)

When
8cr

d2
e F(ND)

>>

𝜋
2cv

4h2
dr

cr ≈ −
d2

e F(ND) ln 𝛽1

8𝛥t
(7.64)

Pore water pressure in soil during preloading should be
monitored to control the loading rate and estimate the rate
of consolidation. Vacuum pressure should also be monitored
during vacuum preloading to determine the actual vacuum
pressure achieved in the field and detect any leakage.

7.7.4 Performance Evaluation

In addition to settlements, horizontal displacements, and rate
of pore water pressure dissipation, additional performance
evaluation should be performed, such as vane shear tests
to evaluate the strength gain of the soil during and after
preloading. Slope stability analysis based on measured soil
strength may be conducted.

PROBLEMS

7.1. What is the principle of preloading?
7.2. Explain the benefits of preloading of a site prior to

building a permanent structure.
7.3. Compare advantages and disadvantages between fill

preloading and vacuum preloading.
7.4. Can vacuum preloading generate an applied pressure

of 150 kPa? Why?
7.5. When fill preloading is combined with vacuum

preloading, will the contributions from these two
methods cancel out each other? Why?

7.6. What is a smear effect? Explain how the smear effect
may affect the rate of consolidation.

7.7. What is well resistance? How can the well resistance
be minimized?

7.8. A 10-m-thick uniform clay layer underlain by imper-
meable bedrock under preloading is expected to a to-
tal primary consolidation settlement of 200 mm. If the
first 100-mm settlement takes 90 days, estimate the
time required for the next 50-mm settlement.

7.9. A 5-m-thick uniform soft clay above impermeable
bedrock requires preloading for improvement. The
groundwater table is at the ground surface. This clay
has a coefficient of consolidation of 1.5 × 10−7 m2∕s.
How long will it take to reach 90% consolidation
based on the Terzaghi one-dimensional consolidation
theory?

7.10. In Problem 7.9, if 300-mm-diameter and 5-m-long
free-draining sand drains with spacing of 1.5 m in a
square pattern are used to accelerate the rate of con-
solidation, what is the average degree of consolidation
due to horizontal flow in one year according to the Bar-
ron (1948) solution?

7.11. In Problem 7.10, if there is a smear zone induced by the
installation of free-draining sand drains, the diameter
of the smear zone is 1.5 times the diameter of the
sand drain, and the permeability of the smear zone
is half of the natural soil, what is the average degree
of consolidation due to horizontal flow in one year
according to the Hansbo (1981) solution?

7.12. Can vertical drains reduce secondary consolidation?
Why?

7.13. A commercial PVD product has a width of 100 mm
and a thickness of 6.25 mm. Estimate the equivalent
diameter of the PVD.

7.14. PVDs are used in soft soil to accelerate the rate of
consolidation. The soft soil has a horizontal perme-
ability of 9.5 × 10−8 m∕s. The length of the PVDs is
10 m. Determine the required discharge capacity of the
PVD to eliminate well resistance considering a factor
of safety of 5.0.

7.15. A number of 15-m-long PVDs of 75 mm in equiva-
lent diameter are installed at spacing of 1.3 m in a
triangular pattern in 15-m-thick soft soil underlain by
impermeable bedrock. The vertical and horizontal per-
meability values of this soil are 2.5 × 10−9 m∕s and
6.5 × 10−9 m∕s, respectively. The smear zone size is
2.5 times the PVD equivalent diameter and its per-
meability is one third the vertical permeability of the
natural soil. The allowable discharge capacity of the
PVD is 0.00025 m3/s. Calculate the equivalent vertical
permeability of the PVD-improved soft foundation.
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7.16. A storage tank with a diameter of 30 m (self-weight =
2000 tons) is to be constructed on a normally consoli-
dated soft clay with a thickness of 7.5 m underlain by
a dense sand layer. This soft clay has an undrained
shear strength of 25 kPa, effective friction angle of
24∘, saturated unit weight of 17.5 kN∕m3, and co-
efficient of consolidation and permeability equal to
2.7 × 10−8 m2∕s and 6.0 × 10−10 m∕s. The ground-
water table is near the ground surface. To minimize the
service settlement, the tank is filled with water up to 6 m
in one day to preload the soft soil for 6 months. Prefabri-
cated vertical drains (PVDs) are proposed to accelerate
the consolidation. The PVDs to be selected have the
cross-sectional dimensions of 100 and 5 mm and pen-
etrate the soft soil into the sand layer. The allowable
discharge capacity of the drain is 0.00081 m3/s under
50 kPa normal stress and 0.00014 m3/s under 150 kPa.
Assume there is no smear effect during the installation
of PVDs. Determine the factor of safety against bear-
ing failure at the end of water filling and the required
spacing of PVDs (in a square pattern) to ensure 80%
consolidation by the end of the 6-month preloading.

7.17. Vacuum preloading with PVDs is used to improve
20-m-thick soft soil. The equivalent vertical perme-
ability of the PVD-improved soil is three times that
before improvement. Determine the optimum penetra-
tion depth of PVDs for vacuum preloading.

7.18. What is staged construction? Under what situation(s)
is staged construction needed?

7.19. Fill preloading is required to improve a soft founda-
tion. The undrained shear strength of the foundation
soil is cu = 25kPa. The unit weight of fill material for
preloading is γf = 18 kN∕m3. The required factor of
safety against bearing failure is FS =1.3. Determine
the maximum fill height under the current situation.

7.20. A large area of 2-m-high fill is placed on a nor-
mally consolidated homogeneous sedimentary clay for
preloading. The unit weight of the fill is 19.2 kN∕m3.
The undrained shear strength of the natural soil is
20 kPa. Estimate the undrained shear strengths of the
soil when the degree of consolidation reaches 80%.

7.21. What are the main purposes for surcharge preloading?
7.22. A unreinforced highway embankment is to be con-

structed on normally consolidated soft soil underlain
by permeable dense sand (assume no deformation in
this layer), as shown in the following figure. In order
to ensure the stability of the embankment during the
construction, staged construction is necessary. In ad-
dition, the construction should be completed within
16 months and the degree of consolidation at the
end of the construction should reach at least 80%.
The traffic load will be applied after 16 months. The
design life of this highway embankment is 75 years.

PVDs will be placed in a triangular pattern to the top
of the dense sand to shorten the construction period
and accelerate the consolidation. The PVDs to be se-
lected have the cross-sectional dimensions of 100 and
6 mm. The allowable discharge capacity of the drain is
0.00035 m3∕s. The average diameter of the smear zone
around each PVD is 2.5 times the equivalent diame-
ter of the PVD. The permeability of the smear zone is
46% that of the vertical permeability of the natural soil.
The required factor of safety during construction is 1.3.
Determine the spacing of PVDs, develop a construc-
tion schedule with an expected load–settlement–time
curve, and calculate the postconstruction settlement.

7.23. To minimize secondary settlement of an embankment
on soft soil, surcharge preloading is adopted in this
project as shown in the following figure. The construc-
tion including the removal of the surcharge should be
completed within one year. At the time of surcharge
removal, the degree of consolidation should reach at
least 80%. PVDs will be placed in a triangular pattern
to the top of the bedrock to shorten the construction
period and accelerate the consolidation. The PVDs to
be selected have the cross-sectional dimensions of 100
and 4 mm. The allowable discharge capacity of the
drain is 0.00025 m3∕s. The average diameter of the
smear zone around each PVD is 2.5 times the equiv-
alent diameter of the PVD. The permeability of the
smear zone is 60% that of the vertical permeability of
the natural soil. The required factor of safety during
construction is 1.3. Determine the spacing of PVDs
required to meet the one-year construction time and
estimate the secondary settlement after the removal of
the surcharge in 75 years as compared with the one
without surcharge preloading.

7.24. A 4-m-high fill is placed on a 10-m-thick soft clay de-
posit underlain by impermeable stiff clay. PVDs with
cross-sectional dimensions of 125 mm wide and 5 mm
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thick were installed to the top of the stiff clay in a
square pattern with a spacing of 2.0 m. The measured
settlements with time are provided in the following
table. Use Asaoka’s method to: (1) estimate the final
settlement and (2) calculate the coefficient of consoli-
dation due to horizontal flow (ignore any consolidation
due to vertical flow and assume free-draining PVDs
and no smear effect).

Time (days) Fill Height (m) Settlement (mm)

0 1 0
25 2 10.2
50 3 20.4
75 4 30.8
100 4 40.2
125 4 45.1
150 4 49.1
175 4 52.0
200 4 54.1
225 4 56.0
250 4 57.0
275 4 57.8
300 4 58.5
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CHAPTER 8

Deep Mixing and Grouting

8.1 INTRODUCTION

Chemical agents (also referred to as binders) can be intro-
duced into the ground and combined with existing geoma-
terials (referred to as soils or rocks in this chapter) to form
hardened solid materials (i.e., improved geomaterials), which
have higher strength and stiffness. The chemical agents can
be lime, cement, silicate-based gel, and chemical solution.
Two general methods are available to introduce and combine
hardening agents with soils: mixing and grouting. The mixing
method utilizes mechanical mixers or augers, while the grout-
ing method utilizes pipes with high-pressure grouts. Mixing
can occur near the surface (mainly for improving subgrade
and base course) or at depths (to form columns or walls). The
method for mixing hardening agents with soils at depths as
shown in Figure 8.1(a) is often referred to as deep mixing.
The details on surface mixing for roads and airfields can be
found in the Military Soils Engineering Manual (FM5-410)
(U.S. Department of the Army, 1997) or other documents and
therefore will not be further discussed in this book.

Figure 8.1 Deep mixing and grouting: (a) deep mixing, (b) grouting, and (c) jet grouting.

Chemical binders can also be introduced to the ground
by grouting. A typical grouting process involves the instal-
lation of a pipe into the ground and pumping of chemical
agents as grout into the ground by high pressure as shown in
Figure 8.1(b). Depending on type, composition, and consis-
tency of the grout, soil type, and pumping pressure, grout
may fill existing cavities in the soil as fill grouting, may
penetrate into the soil through voids between soil particles
as permeation grouting, may induce cracks in the soil and
then penetrate into the cracks as hydrofracture grouting, and
may displace and/or densify the soil as compaction grout-
ing. When grouting is used to compensate ground loss due to
construction activities, excavation, and tunneling, it is often
referred to as compensation grouting. Jet grouting is a special
ground improvement technique between conventional grout-
ing and deep mixing. Jet grouting utilizes grout (sometimes
with water and/or air) to erode the soil at depths and then
mix the eroded soil with grout to form hardened columns or
walls, as shown in Figure 8.1(c). Due to the hybrid nature of
this technique, it is considered to be one of the deep mixing
methods by some authors (e.g., Kitazume and Terashi, 2013)
but considered to be one of the grouting methods by others
(e.g., Warner, 2004). In this book, jet grouting is included in
the section of grouting but its design procedure mostly fol-
lows that for deep mixing.

8.2 DEEP MIXING

8.2.1 Introduction

Basic Concept The deep mixing (DM) method mixes in
situ soil with a hardening agent (cement, lime, slag, or other
binders) at depths by augers. Deep mixing can be accom-
plished by a wet or dry method. A wet method uses the binder
in a slurry form as shown in Figure 8.2(a), while a dry method
uses the binder in a powder form in Figure 8.2(b).

245
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Figure 8.2 Different types of deep mixing techniques: (a) wet method, (b) dry method,
(c) cutter soil mixing, (d) T-shape deep mixing, and (e) stiffened DM column.

The equipment for the wet method may have one to eight
rotary hollow shafts with cutting tools and mixing blades
above the tip. The binder slurry is introduced into the ground
through each hollow shaft and exits from the nozzle while
the shaft penetrates into the soil or is withdrawn. Some
equipment has mixing blades rotating in opposite directions
(i.e., double mixing) to improve the uniformity of the soil–
binder mixture.

The equipment for the dry method may have single or dual
rotary shafts with cutting tools and mixing blades above the
tip. The binder powder is introduced into the ground through
each hollow shaft and the nozzle by air pressure.

The new DM technology, so-called cutter soil mixing, as
shown in Figure 8.2(c), has cutter wheels that break up
the soil and mix it with cement slurry to a homogeneous
soil–cement mixture. This technology is most suitable for the
construction of cut-off and retaining walls.

Liu et al. (2012) developed special equipment that has
foldable augers to install DM columns at different diameters
as shown in Figure 8.2(d). Typically, the DM columns have
a larger diameter near the top and a regular diameter for the
rest of the columns. Due to the shape of the columns like the
letter T, they are called the T-shaped DM columns.

Deep mixed columns can be stiffened by rigid inclusions
(such as concrete piles, spun piles) in the center of the
columns as shown in Figure 8.2(e) to increase the vertical
and horizontal load capacities and the stiffness of the DM
columns (Jamsawang et al., 2008; Bhandari and Han, 2009).
This type of column is also called a composite column.

Shen et al. (2008) showed that the strength of the sur-
rounding sensitive clay by deep mixing first decreased and
then mostly regained or even exceeded its original strength
after the column installation. Shen et al. (2008) attributed
the property changes in the short term to the soil disturbance
and fracturing and those in the long term to thixotropic
hardening, consolidation, and diffusion of ions from the
hardening agent.

Suitability Deep mixing has been mostly used to improve
soft cohesive soils, but sometimes it is used to reduce per-
meability and mitigate liquefaction of cohesionless soils.
Table 8.1 shows the favorable soil properties for deep mix-
ing. Deep mixing becomes difficult if the ground is very stiff,
very dense, and contains boulders or other obstructions. Typ-
ically, deep mixing requires unrestricted site access and over-
head clearance due to large equipment used in most projects.
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Table 8.1 Favorable Soil Properties for Deep Mixing

Property Favorable Soil Chemistry

pH Should be greater than 5
Natural water content Should be less than 200% (dry

method) and less than 60%
(wet method)

Organic content Should be less than 6% (wet
method)

Loss on ignition Should be less than 10%
Humus contenta Should be less than 1.0%
Electrical conductivity Should be greater than

0.04 mS/mm
aDetermined by loss on ignition after ashing for 1 h at 800∘C.
Source: Elias et al. (2006).

Deep mixing can reach a depth of up to 70 m in marine work
and 30 m for land operations.

Applications Columns have been used for many ap-
plications in soft soils: (1) support of superstructures,
including buildings, walls, embankments, and the like,
(2) waterfront and marine applications including quay
walls, wharf structures, and breakwaters, (3) stabilization
of slopes, (4) lateral support, (5) containment of water
and pollutant, (6) liquefaction mitigation, and (7) vibration
reduction. Deep mixed columns have also been used for
roadway widening to support new embankments (Han et al.,
2007) and mitigation of ground heave due to expansive soil
(Puppala et al., 2008). In these applications, DM columns
are used to increase bearing capacity, reduce settlement,
enhance slope stability, provide lateral support, contain
water and pollutant movement, mitigate liquefaction, and
reduce vibration. DM columns are typically arranged in four
different patterns as shown in Figure 8.3. Individual columns
are used when an area replacement ratio is relatively low,
for example, less than 50%. Individual columns have
been mostly used to increase bearing capacity and reduce
settlement. Block pattern is used to carry significant vertical
and/or horizontal loads when a high area replacement ratio
is needed, for example, more than 50%. Block pattern has
been mostly used to improve the stability of large marine
structures. This pattern has also been used to contain waste

Figure 8.3 Patterns of columns: (a) individual column, (b) block,
(c) wall, and (d) grid.

materials to prevent the leaching of hazardous chemicals.
Panel or wall pattern has been commonly used as a retaining
wall for lateral support, a seepage wall to cut off seepage,
a curtain wall to contain waste materials, or a wall perpen-
dicular to the centerline of the embankment to increase the
stability. Grid pattern is between the wall pattern and the
block pattern. It can be used for the applications suitable for
wall and block patterns. A unique application of the grid pat-
tern is to mitigate liquefaction of sandy soils. The liquefiable
soils are contained inside the cells of grids.

In recent years, columns have been largely used to support
embankments over soft foundations. This application is
considered as one of the most important applications of the
column technologies. Deep mixed columns have also been
increasingly combined with other technologies, such as
geosynthetic reinforcement, PVDs, and rigid piles. Geosyn-
thetic reinforcement above columns acts as a bridging
layer to transfer the embankment load to the columns and
reduce the differential settlement between the columns. The
common applications of geosynthetic-reinforced column-
supported embankments are: (1) bridge approach, (2) road-
way widening, (3) subgrade improvement, and (4) support
of storage tanks (Han and Gabr, 2002). The design of
geosynthetic-reinforced column-supported embankments is
discussed in Chapter 10. Concrete slabs have also been used
above columns instead of geosynthetic reinforcement to
support the embankment over soft foundations (e.g., Zheng
et al., 2011).

When embankments are constructed over thick soft soils,
the soft soils often do not have sufficient bearing capacities
to support embankments. Under such a condition, columns
can be used to increase the bearing capacity of the soft
foundation. Unless the soft soils within the influence depth
are fully reinforced by columns (often requiring significantly
long columns, which are costly), the soft soils below the
reinforced zone at a deeper depth still deform at a slow rate.
To reduce the length of columns and accelerate the rate of
consolidation of the soft soils below the reinforced zone, Xu
et al. (2006) proposed the use of DM columns to improve
soft soils at a shallower depth and PVDs to accelerate the
rate of consolidation at a deeper depth. The concept of this
combined technology is shown in Figure 8.4(a). A similar
method was proposed by Liu et al. (2008), as shown in
Figure 8.4(b) by combining dry jet mixed columns with
PVDs; however, its primary purpose is to use PVDs to
accelerate the dissipation of excess pore water pressure
induced by dry jet mixing installation, thus minimizing
the installation disturbance. The secondary purpose of this
combined technology is to accelerate the consolidation rate
of the soft soil between the columns.

Short DM columns can also be used between long rigid
piles or long columns to increase the bearing capacity of soft
soils at a shallower depth, thus reducing the loads carried by
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Figure 8.4 Deep mixed column–PVD combined method: (a) short columns and long PVDs and (b) equal length columns
and PVDs (Han, 2012).

Figure 8.5 Column–pile combined method.

long rigid piles or long columns so that the spacing of the
long rigid piles or long columns can be enlarged to create a
more economic solution (Huang and Li, 2009; Zheng et al.,
2009b). Figure 8.5 illustrates the concept of this combined
method.

Advantages and Limitations The deep mixing method has
the following advantages:

• Applicable for most soil types
• Installed at great depths
• Relatively fast installation
• Low noise and vibration level
• Formation of a DM wall for earth retaining and water

barrier at the same location and time
• Less spoil soil, especially for the dry method

However, the deep mixing method may have the following
limitations:

• Relatively high mobilization cost
• High variability in column quality
• Lack of standardized quality control methods

8.2.2 Principles

Chemical Reaction Lime stabilization involves hydration
of binder, ion exchange reaction, and formation of pozzolanic
reaction products. When quicklime (CaO) is mixed with a
moist soil, it absorbs the moisture in the soil and has the
following chemical reaction:

CaO + H2O = Ca(OH)2 + heat (8.1)

This chemical reaction generates heat and reduces the mois-
ture in the soil. The reduction of the moisture in the soil
increases the strength of the soil. This chemical process is
also called the hydration of binder. The hydrated lime dis-
solves into the water thus increasing the concentrations of the
calcium ion, Ca2+ and the hydroxyl ion, OH−. The calcium
ion Ca2+ exchanges with cations on the surface of the clay
particles. The ion exchange reaction between the binder and
the soil can change the physical properties of the soil, such
as the reduction of soil plasticity. Under a high concentration
of OH− (i.e., a high pH environment), silica and aluminum
in the clay minerals dissolve into water and have reaction
with calcium to form calcium-silicate and calcium-aluminate
gels, which are stable and do not dissolve into water as long
as the high pH environment is maintained. This reaction pro-
cess is called the pozzolanic reaction. The products produced
from this process are called the pozzolanic reaction products.
These products turn the soil into a hardened solid with high
strength and stiffness.

In addition to hydration of binder, ion exchange reaction,
and formation of pozzolanic reaction products, the chemical
stabilization of soils by cement has a reaction process to form
cement hydration products. Cement has several compounds,
which can have chemical reactions with water. The main
compounds of ordinary Portland cement (Types I, II, and III)
are provided in Table 8.2. The majority of the compounds in
cement is 3CaO⋅SiO2, which can have the following chemi-
cal reaction to produce the cement hydration product:

2(3CaO ⋅ SiO2) + 6H2O

= 3CaO ⋅ 2SiO2 ⋅ 3H2O + 3Ca(OH)2 (8.2)
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Table 8.2 Main Components of Ordinary Portland Cement

Compound Chemical Formula Common Formula Usual Range by Weight (%)

Tricalcium silicate 3CaO⋅Si O2 C3S 40–65
Dicalcium silicate 2CaO⋅Si O2 C2S 15–35
Tricalcium aluminate 3CaO⋅Al 2O3 C3A 5–12
Tetracalcium Aluminoferrite 4CaO⋅Al 2O3⋅Fe 2O3 C4AF 6–10

Source: Modified from Mamlouk and Zaniewski (2011).

The cement hydration product, 3CaO ⋅ 2SiO2 ⋅ 3H2O, is of-
ten expressed as C3S2H3 or C-S-H. During this hydration,
calcium hydroxide, Ca(OH)2, is released, which contributes
to the pozzolanic reaction as lime stabilization. The forma-
tion of hydration products over time leads to:

• Stiffening (loss of workability)
• Setting (solidification)
• Hardening (strength gain)

The formation of cement hydration and pozzolanic re-
action products change the mechanical properties of the
soil–cement mixture by increasing its strength and stiffness.

In addition to lime and cement, slag and fly ash have been
used as binders for deep mixing. Figure 8.6 shows the chemi-
cal reactions of clay, cement, slag, and water and the reaction
products. Figure 8.7 illustrates the chemical reactions and
products formed in soil by different binder types.

The chemical reactions shown in Figures 8.6 and 8.7 hap-
pen within the DM columns. Ion exchanges may happen be-
tween the DM columns and the surrounding soil. Because
cement contains a large amount of Fe2O3, CaO, and MgO

ingredients, cations such as ferric Fe3+, calcium Ca2+, and
magnesium Mg2+ are dissolved in the pore water of DM
columns after the installation as a result of cement hydra-
tion. Under this condition, the concentration of cations in the
pore water of DM columns is higher than that in the pore
water of the surrounding soils. Due to this concentration gra-
dient, multivalent cations diffused from the DM columns to
the surrounding clay. Because the diffusion of cations is grad-
ual, no significant change in cation concentrations occurs
right after the installation. After 1 month, however, the mean
concentration of Fe3+ increased approximately 10 times as
compared with the original value (Shen et al., 2008). At the
same time, the mean concentration of Ca2+ in the surround-
ing soil increased significantly. Similar changes happen to
the concentrations of two monovalent cations of Na+ and K+.
These chemical effects are limited to a transitional zone in
the surrounding clay around the DM columns. In the tran-
sitional zone, the physical, chemical, and mechanical prop-
erties change with curing time. However, the effect on the
property change in the surrounding soil is not considered in
most designs in practice.

Figure 8.6 Chemical reactions of clay, cement, slag, and water (Saitoh et al., 1985, with
permission from Taylor & Francis).
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Figure 8.7 Principal chemical reactions and subsequent products formed in soil by different binder types (after Ahnberg and
Johansson, 2005).

Properties of Stabilized Soils The properties of soil–binder
mixtures depend on the following factors (Terashi, 2003):

1. Characteristics of hardening binder
• Type of binder
• Quality of binder
• Additives
• Quantity of binder

2. Characteristics and conditions of soil
• Physical, chemical, and mineralogical properties
• Organic content
• pH of pore water
• Water content

3. Curing conditions
• Temperature
• Curing time
• Humidity
• Wetting–drying or freezing–thaw cycles

4. Mixing conditions
• Type of mixing blade
• Degree of mixing
• Timing of mixing and remixing
• Mixing water

Binder Type Different binders have been used for deep
mixing. The four commonly used types of lime for soil
stabilization include calcium oxide (i.e., quicklime), calcium

hydroxide (slaked or hydrated lime), wet hydroxide, and
lime-based special lime (Kitazume and Terashi, 2013). Ordi-
nary Portland cement and blast furnace slag cement are two
commonly used cement types. Lime–cement mixtures have
been increasingly used, which combine lime with cement.
The ratio of cement to lime depends on applications and re-
quired engineering properties. Fly ash is sometimes added to
cement.

Figure 8.8 shows the reaction products and unconfined
compressive strengths of stabilized soils with different
binders. In this figure, the symbols c, l, s, and f stand for
cement, lime, slag, and fly ash; “cs (50:50)” is referred to as
a binder consisting of 50% cement and 50% slag in terms
of their masses. It is clearly shown that lime produces more
pozzolanic soil reaction products than other binders, while
both cement and slag produce cement reaction products. Fly
ash produces pozzolanic binder reaction products. These
products affect the short-term and long-term strengths of
stabilized soils. Clearly, pozzolanic soil reaction products
result in lower short-term strengths but higher long-term
strengths than cement reaction products. In other words, the
rate of strength gain for pozzolanic soil reaction products is
slower than that of cement reaction products.

Table 8.3 provides the guidelines for the use of binders
for different soil types. Lime-based binders are generally
not suitable for peat; instead, cement-based binders should
be used.
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Figure 8.8 Production of reaction products in stabilized soils with different binder types (after
Ahnberg and Johansson, 2005).

Table 8.3 Suitability of Binder for Soil Typea

Soil type

Binder

Silt
Organic
Content = 0–2%

Clay
Organic
Content = 0–2%

Organic Soils
(e.g., Gyttja, Organic Clay)
Organic Content = 2–30%

Peat
Organic
Content = 50–100%

Cement B C C B
Cement + gypsum C C B B
Cement + furnace slag B B B A
Lime + cement B B C D
Lime + gypsum B B B D
Lime + slag C C C D
Lime + gypsum + slag B B B D
Lime + gypsum + cement B B B D
Lime D D B D
aA, very good binder in many cases; B, good in many cases; C, good in some cases; and D not suitable.
Souce: EuroSoilStab (2001).

Binder Content The binder content can be defined in three
ways:

ac =
Mass of dry binder

Mass of dry soil
× 100% (8.2)

acv =
Mass of dry binder

Volume of treated soil
(8.3)

acw =
Mass of dry binder

Mass of natural soil
× 100% (8.4)

where ac is dimensionless, has been commonly used in sci-
entific research, and is referred to as dry binder content; acv
is dimensional and convenient for estimating the amount of
binder used in installation; therefore, it is more commonly
used in practice; acv is referred to as volumetric binder con-
tent; acw is dimensionless, dependent on the moisture con-
tent of the soil, and convenient for estimating the amount of
binder to be mixed with natural soil for lab testing. Also acw
is referred to as the moist binder content. All these binder
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Figure 8.9 Stress–strain relationships of cement-stabilized soils
(Ye et al., 1994).

content definitions are used in the literature. Readers should
pay close attention to how the binder content is defined in a
specific reference. Typically, the dry binder content ranges
from 10 to 30% while the volumetric binder content ranges
from 150 to 300 kg/m3.

Figure 8.9 shows the typical stress–strain relationships of
cement-stabilized soils obtained from unconfined compres-
sion tests. The figure shows that the cement-stabilized soil
samples at higher cement contents have brittle behavior while
those at lower cement contents have ductile behavior. The
increase of the cement content increases the unconfined com-
pressive strength of the sample.

Additive Several additives have been used in cement-
stabilized soils for different purposes. For example, lignin
CaCO3 has been used for the purpose of water reduction.

Figure 8.10 Effect of soil type (Holm, 2005).

However, test results showed it has an insignificant effect on
the strength of the mixture (Han et al., 2002). The amount of
lignin CaCO3 added in the mixture is typically 0.2% of the
weight of cement. The addition of gypsum or 3-aminoethnol
or fly ash into mixtures is proved to increase the strengths of
mixtures and reduce the quantity of cement needed. Typical
amount of gypsum and 3-aminoethnol used in mixtures are
2 and 0.05% of the weight of cement, respectively.

Mixing Water Kawasaki et al. (1978) investigated
the possible effect of mixing water on the strength of
cement-stabilized soil. They found that the use of tap water
resulted in a slightly (less than 10%) higher strength of the
cement-stabilized soil than the use of seawater.

Soil Type Figure 8.10 shows the effect of the soil type on
the strength of stabilized soil. Peat and organic soils have the
lowest strengths while clayey silt has the highest strength.
The inclusion of sand content increases the strength of stabi-
lized soil as discussed later.

Moisture Content Figure 8.11 shows that the strength of
the stabilized soil at different dry binder content, ac depends
on the total moisture content, wt which includes the moisture
in the soil and the moisture introduced by the slurry binder.
It is the same for both ordinary Portland cement and blast
furnace cement that the increase of the total moisture content
reduces the strength of the stabilized soil. Therefore, the dry
method has the advantage by not introducing extra moisture
to the soil.

Sand Content Figure 8.12 shows the effect of sand content
on the unconfined compressive strengths of quicklime or
cement-stabilized soils. Both results show that there was
an optimum sand content and the samples with 60% sand
reached the maximum unconfined compressive strengths.
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Figure 8.11 Effect of total moisture content (after Babasaki et al.,
1996).

Figure 8.12 Effect of sand content (data for quicklime from Ter-
sashi et al., 1977; data for cement from Niina et al., 1977).

Organic Content The effect of organic content can be eval-
uated in terms of the ignition loss. Figure 8.13 shows that
the unconfined compressive strength of the stabilized soil de-
creases with the increase of the ignition loss. When the igni-
tion loss is less than 15%, a higher binder content, ac, may be

Figure 8.13 Effect of ignition loss (%) (modified from Babasaki
et al., 1996).

used to achieve a higher strength. When the ignition loss is
more than 15%, both ordinary Portland cement and Portland
blast-furnace cement become less effective.

pH Value The hydration of lime or cement results in a high
pH environment, which is needed for pozzolanic reactions.
A low pH value soil (pH < 5) is not favorable for the hydra-
tion process of lime or cement and causes pozzolanic reaction
products to be unstable. As a result, the unconfined compres-
sive strength of the stabilized soil decreases with a decrease
of the pH value as shown in Figure 8.14. The samples with

Figure 8.14 Effect of pH value of natural soil (Babasaki et al.,
1996).
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Table 8.4 Effect of Curing Time on Unconfined
Compressive Strength

Ratio

Ordinary
Portland
Cement

Blast Furnace
Slag Cement

Type B

qu28/qu7 1.49 1.56
qu91/qu7 1.97 1.95
qu91/qu28 1.44 1.20

Source: Japanese Cement Deep Mixing Method Association
(1999).

a high binder content, ac, are more sensitive to the change of
the pH value.

Curing Time Many laboratory and field tests have demon-
strated that the strengths of lime or cement-stabilized soils
increase with the curing time due to hydration, ion ex-
change between cement and clay, hardening, and solidifi-
cation. The Chinese Ground Improvement Technical Code
(China Academy of Building Research, 2000) suggests that
the design strength should be based on the unconfined com-
pressive strength of a cement-stabilized soil sample cured
for 90 days. Due to the long test period criterion, which
causes difficulties in design and construction, researchers
have sought for alternatives by establishing correlation be-
tween quick test results and the 90-day test results. The
explanation part of the Soil Improvement Technical Code
(China Academy of Building Research, 2000) indicates that
the unconfined compressive strengths of cement-stabilized
soil samples cured for 7 and 30 days are, respectively, about
30–50% and 60–75% of the samples cured for 90 days, re-
spectively. The Japanese Cement Deep Mixing Method As-
sociation (1999) provides the relationships for unconfined
compressive strengths of stabilized soil samples with ordi-
nary Portland cement and blast furnace slag cement at differ-
ent curing times in Table 8.4.

Long-Term Strength Ikegami et al. (2005) investigated
one of the earliest DM project sites in Japan by comparing
the field unconfined compressive strength profiles, quf , based
on the samples extracted from the deep mixed soil block at
3 months and 20 years after the construction as shown in
Figure 8.15. The test results show that the unconfined com-
pressive strengths of the stabilized soil continued increasing
in the past 20 years.

In the same study, Ikegami et al. (2005) found that the field
unconfined compressive strengths, quf , of the stabilized soils
near the block edge were much lower than those away from
the block edge and were even lower than the design value,
qud, as shown in Figure 8.16. In addition, the Ca content near
the edge was much lower than that away from the edge. There

Figure 8.15 Unconfined compressive strengths of stabilized soil
samples extracted from the field at 3 months and 20 years after the
construction (modified from Ikegami et al., 2005).

Figure 8.16 (a) Strength and (b) Ca content distributions near the
periphery of in situ stabilized soil block (modified from Ikegami
et al., 2005).
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Figure 8.17 Effect of curing temperature (modified from Enami
et al., 1985).

is an indication that the Ca ion leached out during the past
20 years. Fortunately, the area with the degraded strength is
very limited.

Curing Temperature Figure 8.17 clearly shows that the
curing temperature has a significant effect on the strength of
the cement-stabilized silt. Increasing the curing temperature
accelerates the early-age hydration reactions, which result in
the initial increase in the strength of the mixture. A room
temperature of 20∘C is commonly used for preparation of
samples in laboratory. The strength ratio, qu∕qu(20) shows
that the samples prepared at lower temperature would result
in lower strength. Ground temperature is typically lower than
20∘C; therefore, cement-stabilized soil in the field typically
has a lower strength than that in laboratory in addition to
other factors.

Soil Dry and Rehydration Jacobson et al. (2005) con-
ducted laboratory tests to evaluate the effect of drying and
rehydrating the soil with 6% organic content on the strengths
of the lime–cement stabilized soil samples. They found the
strength of the mixture, when the air-dried or oven-dried soil
was used, was much lower than that without any drying pro-
cess as shown in Figure 8.18. Jacobson et al. (2005) attributed
this strength decrease to the reason that the drying and rehy-
drating process made the organics more soluble and more
dispersed throughout the mixture, which interfered with ce-
mentation.
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Figure 8.18 Effect of soil drying on the strength of stabilized soil
(after Jacobson et al., 2005).

Mixing Energy Shen et al. (2004) investigated the effect
of mixing energy on the strengths of cement-stabilized soils
in the laboratory using a model mixer. The energy con-
sumption depends on the type of chemical agent (cement,
lime, or none), the form of the agent (slurry or powder,
or none), the content of the agent, the strength of soil,
the installation speed, the rotation rate, and the mixing se-
quence. Figure 8.19 shows the relationship between the un-
confined compressive strength ratio and the mixing energy.
The strength ratio is defined as the strength (qu) at a specific
energy divided by the average strength (qua) at the final en-
ergy at the corresponding 7 or 28 day curing time. It is shown
that an increase of the mixing energy increased the strength
of the cement-stabilized soil and this increase became less

Figure 8.19 Effect of mixing energy on the strength of the stabi-
lized soil (modified from Shen et al., 2004).
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(a)

(b)

Figure 8.20 Average field strength quf versus laboratory strength
qul for on-land works: (a) clayey soil and (b) sandy soil (modified
from Public Works Research Center, 1999).

significant after the mixing energy reached a certain level.
The increase of the mixing energy improves the uniformity
of the mixture. The same results were obtained by Nishida
and Miura (1996).

Figure 8.21 quf versus qul for marine works (modified from
Coastal Development Institute of Technology, 2002).

Effective Strength Ahnberg and Johansson (2005) found
that the mean effective cohesion of a stabilized soil is ap-
proximately 0.23qu (qu = unconfined compressive strength
of the stabilized soil) and the mean effective friction angle is
31∘ to 33∘.

Field Strength Due to possible differences in uniformity,
curing conditions, and sample sizes, the properties of stabi-
lized soils in the field may be different from those obtained
from laboratory. Figures 8.20 and 8.21 show the comparisons
of unconfined compressive strengths (quf) of stabilized soil
samples obtained from the field with those (qul) based on the
samples prepared in laboratory. The ratios of quf∕qul for the
stabilized soils used for on-land works range from 1

3
to 2,

but approximately half of the data are below the 1 : 1 line.
However, the ratios of quf∕qul for the stabilized soils used for
marine works are mostly greater than 1.0. The higher quf∕qul
ratios for marine works in the field may be attributed to the
fact that better uniformity of the mixtures is achieved by us-
ing large mixing equipment for large quantity of mixtures.
The wet and dry methods of deep mixing resulted in similar
relationships between the field strengths and the laboratory
strengths of the stabilized soils.

Research was also done by the Building Center of Japan
(1997) to investigate the scale effect on the strength of stabi-
lized soils. Large column samples in diameters of 1.0–1.2 m
and heights of 1.5–2.4 m extracted from the field were tested
under compression for unconfined compressive strengths,
qu,c. Small samples with a diameter of 67 mm and a height
of 130 mm were cored from the same site and tested for un-
confined compressive strengths, qu. Figure 8.22 shows the
comparison of the unconfined compressive strengths from
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Figure 8.22 Full-scale column strengths versus unconfined com-
pressive strengths of core samples (modified from Building Center
of Japan, 1997).

full-scale column tests and small cored sample tests. It is
shown that the full-scale column strengths, qu,c are approxi-
mately 70% of the cored sample strengths, qu.

Variability Due to the variability in soil, binder, installa-
tion, and curing conditions, the strengths of the stabilized
soils have variability. The Coastal Development Institute of
Technology (1999) reported that the coefficients of variation
(COV) for the strengths of the stabilized soils using the wet
installation method for marine construction range from 0.2 to
0.5 with a value of 0.3 in most cases. Figure 8.23 shows the

Figure 8.23 Variability of strength data for on-land works (modi-
fied from Matsuo, 2002).

Figure 8.24 Failure modes of DM columns under vertical loads:
(a) crushing failure, (b) shear failure, and (c) punching failure.

variability of the strength data for on-land works by Matsuo
(2002). Therefore, the COV values for on-land works range
from 0.4 to 0.6. Larsson (2005) reported the COV values of
compression test results from 17 studies by researchers in
different countries range from 0.15 to 0.80.

Possible Failure Modes Deep mixed columns have been
installed in the field in a form of individual columns, blocks,
walls, or grids. When individual columns are subjected to
a vertical compressive load, they may have crushing, shear,
and punching failures as illustrated in Figure 8.24. Columns
may crush when the applied load is higher than the capacity
of the columns. This failure more likely happens to DM
columns because they are relatively brittle. The shear failure
may happen to DM columns at a low binder content. The
punching failure may happen to short DM columns without
an end-bearing layer.

When columns are under embankment loading (i.e., a com-
bination of vertical and horizontal loads), they may have
the following possible failure modes (Figure 8.25): (1) slid-
ing, (2) collapse (rotational), (3) bending, (4) circular shear,
(5) horizontal shear, and (6) combined failure. The actual
failure mode of the column depends on its strength, rigid-
ity, length and diameter, location and spacing, end-bearing
condition, the strength and stiffness of soft soil, and the
height and slope angle of the embankment. Under certain
conditions, there is a combined failure mode as shown in
Figure 8.25(f), which includes bending and tensile failures.

When the DM columns are installed in a block, wall, or
grid pattern, they can act together as a rigid gravity wall.
As a result, they can have the same failure modes as those
for a gravity wall as shown in Figure 8.26, which include
sliding, overturning, bearing failure, and rotational failure.
The methods for the gravity wall can be adopted for these
analyses.

Stress Transfer Due to the modulus difference between
DM columns and the surrounding soil, higher stresses de-
velop on DM columns than those on the surrounding soil
when the composite soil foundation is subjected to applied
loads. This stress difference is often described by a stress
concentration ratio, which is defined as the ratio of the stress
on the column to that on the surrounding soil. The concept of
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Figure 8.26 Gravity wall failures.

the stress concentration for the DM column-reinforced com-
posite foundation is similar to that for the columns installed
by the deep replacement method as discussed in Chapter 5.
This concept has been confirmed by many full-scale plate
loading tests and under embankments in the field or nu-
merical analyses, for example, Ye et al. (1991), Lin and
Wong (1999), Huang et al. (2009), and Jiang et al. (2013).
Field data show that the stress concentration ratios for DM
column-reinforced composite soil foundations mostly range
from 5.0 to 10.0 under design loads.

Figure 8.27 shows the stress–strain relationships for the
column and the soil. At an equal strain, more and more
stresses are transferred to the column with the increase of
the strain until the column reaches the ultimate strength.
At the ultimate strength of the column, the soil strength is

Figure 8.27 Stress–strain relationships of the column and the soil.

not fully mobilized. The ratio of the mobilized stress to the
ultimate bearing capacity of the soil is referred to as the
mobilization factor of the bearing capacity for the soil, which
is defined as follows:

𝛽m =
𝜎s

qult,s

This mobilization factor depends on the length of the col-
umn and the end-bearing condition. For long and/or frictional
columns, larger displacements of columns may occur prior to
the yielding of the column. The larger displacements allow
the soil to mobilize its stress close to the ultimate bearing
capacity of the soil thus resulting in a higher mobilization
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factor. However, for short and/or end-bearing columns, lim-
ited displacements of columns may occur prior to the yield-
ing of the column. As a result, a lower soil stress is mobilized
with a lower mobilization factor.

8.2.3 Design Considerations

Typical Properties of Stabilized Soil The typical properties
of stabilized soils are provided in Table 8.5 based on the
wet method of deep mixing and Table 8.6 based on the dry
method of deep mixing. The effects of different factors on
the unconfined compressive strengths of stabilized soils have
been discussed above.

Table 8.5 Typical Properties of Stabilized Soils
(Wet Method)

Property Typical Range

Unconfined compressive
strength, qu

Up to 1.2 MPa for organic
and very plastic clays,
sludges

0.4–1.5 MPa for soft clays
0.7–2.5 MPa for

medium/hard clays
1.0–3.0 MPa for silts
1.5–5.0 MPa for

fine-medium sands
Permeability, kc 10−6–10−9 m/s
Young’s modulus (E50)
(secant modulus at 50% qu)

(50–1000) qu for lab
samples (Japan)

(50–150) qu for lab samples
(US)

(100–300) qu (typical range)
Tensile strength 8–15% of qu
Poisson’s ratio 0.20–0.45 (typically 0.26)

Source: Modified from Elias et al. (2006).

Table 8.6 Typical Properties of Lime–Cement
Stabilized Soils (Dry Method)

Property Typical Range

Undrained shear
strength

(10–50) cu of soil (0.15–1.0 MPa)

Young’s modulus (50–200) cu of lime–cement column
(50–200) qu of cement-treated soil

Strain at failure <2%
Permeability

(lime–cement)
Permeability (lime)

About the same as for in situ soil

10–100 × in situ soil permeability

Source: Modified from Elias et al. (2006).

Han et al. (2002) investigated the effect of cement content
on the permeability of the stabilized soil and found that
an increase of the cement content reduced the permeability
of the stabilized soil. However, Chew et al. (2004) found
that the permeability of the stabilized soil increased with an
increase of the cement content. Åhnberg (2003) developed
the empirical relationships between the permeability ratio of
the homogeneous stabilized soil to the natural soil with the
moisture content and the strength of the stabilized soils as
follows:

kc

k
≈ 0.043 exp

(
6w
w0

− 0.004 qu

)
(8.5)

where kc = permeability of the stabilized soil
k= permeability of natural soil
w =moisture content of the stabilized soil

w0 =moisture content of the natural soil
qu = unconfined compressive soil of the

stabilized soil (unit: kPa)

Figure 8.28 shows that the permeability ratio increases
with the moisture content but decreases with the strength of
the stabilized soil. The permeability ratio can be more or less
than 1.0. In other words, the permeability of the stabilized
soil can be more or less than that of the natural soil. In
addition, the higher strength samples of stabilized soil have
lower permeability.

Young’s modulus of a stabilized soil is defined as a secant
modulus from the origin to 50% unconfined compressive
strength (i.e., E50) as shown in Figure 8.29. E50 has been
correlated to unconfined compressive strength, qu as follows:

E50 = 𝛼Equ (8.6)

Figure 8.28 Permeability of stabilized soil (redrawn from data in
Åhnberg, 2003).
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Figure 8.29 Young’s modulus, E50.

where 𝛼E = constant, which varies in a wide range
from 50 to 1000.

𝛼E = 100 has been commonly used and is also
mostly conservative.

Typical Shapes and Dimensions of Columns The equip-
ment used for the dry method is typically lighter than that
for the wet method using rotary equipment. Deep mixing
can install four different shapes of columns as shown in
Figure 8.30. The columns installed by the dry method are
typically circular and about 0.6–0.9 m in diameter, while the
columns installed by the wet method can be of different shape
and up to about 2.5 m in equivalent diameter. Cutter soil mix-
ing installs panels, which are typically 2.4–2.8 m long and
0.55–1.2 m wide. For the individual column pattern, the area
replacement ratio typically ranges from 0.2 to 0.5. Depths of
treatment are typically less than 20 m for the dry method and
30 m for the wet method. The water to binder ratio for the
wet method typically ranges from 0.6 to 1.0.

Bearing Capacity DM columns, as semirigid columns,
have the behavior between flexible and rigid columns. The
ultimate load capacity of an individual DM column depends
on the strength of the column, the side friction between the
column and the soil, and the toe resistance of the column.
The ultimate load capacity (Qult,c) of an individual column
can be estimated as the lesser of the following two capacities
(Han et al., 2002):

Qult,c = qu,cAc (8.7)

qu,c = 𝛼1𝛼2qul (8.8)

Figure 8.30 Shapes of deep mixed columns or walls: (a) circular,
(b) dual, (c) quadral, and (d) panel.

Qult,c = fsUcLc + qtmAc (8.9)

qtm = 𝜆Eqt (8.10)

where qu,c = field unconfined compressive strength of
the column

qul = laboratory unconfined compressive
strength of the stabilized soil sample

𝛼1 = laboratory to field strength correction
factor (typically 0.3–1.0 for on-land
works or 1.0 for marine works)

𝛼2 = small cored sample to full-scale column
correction factor (typically 0.70)

Ac = cross-sectional area of columns
fs = average skin friction between the column

and the surrounding soil
Uc = perimeter of the column
Lc = column length
𝜆E = mobilization factor of the end-bearing

(typically ranging from 0.4 to 0.6)
qtm = modified end-bearing capacity of the

column toe
qt = end-bearing capacity, estimated based on

pile toe bearing capacity

The average skin friction is suggested in the Chinese
Ground Improvement Technical Code (China Academy of
Building Research, 2000) based on the soil type as follows:
type I—very soft clay (OC > 5%, e0 > 1.5), fs = 5–8 kPa;
type II—soft clay (OC > 5%, 1.0 < e0 ≤ 1.5), fs =
8–12 kPa; type III—clay (OC < 5%, e0 ≤ 1.0), fs =
12–15 kPa, where OC is the organic content and e0 is the in
situ void ratio.

The Building Center of Japan (1997) provides the follow-
ing guidelines for the skin friction and the end-bearing ca-
pacity:

For clayey soils:

fs = cu (8.11)

qtm = 6cut (8.12)

For sandy soils:

fs =
10N

3
(kPa) (8.13)

qtm = 75Nt (kPa) (8.14)

where cu = average cohesion of the soil along the
column shaft (kPa)

cut = cohesion of the soil below the column toe
(kPa)

N = average SPT N value of the soil along the
column shaft

Nt = SPT N value below the column toe
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The ultimate bearing capacity of a DM column composite
foundation (qult) can be calculated as follows (Han et al.
2002):

qult = as

Qult,c

Ac
+ 𝛽m(1 − as)qult,s (8.15)

where as = area replacement ratio of the column to the
soil

𝛽m = mobilization factor of the bearing capacity
of the soil (typically varying from 0.5 to
1.0 for frictional columns or 0.1 to 0.4 for
end-bearing columns)

qult,s = ultimate bearing capacity of the surrounding
soil

A factor of safety of 2.0–3.0 may be used to calculate the
allowable bearing capacity.

Settlement Due to the characteristics of the DM columns
as semirigid columns, the methods for flexible or rigid
columns may be used to estimate the settlement of the
DM column-reinforced soft foundations, depending on the
column rigidity. Three methods for settlement calculations
are presented below.

Stress Reduction Method The same stress reduction
method as that used for granular columns can be used for
the end-bearing DM columns as follows:

S′ = 1
1 + as(n − 1)

S (8.16)

where S = settlement of natural ground
as = area replacement ratio of columns
n = stress concentration ratio.

The stress concentration ratio, n, can be estimated using the
design chart in Figure 8.31. This design chart was developed

Figure 8.31 Stress concentration ratio versus modulus ratio of
column to soil (Jiang et al., 2013). With permission of Springer
Science and Business Media.

based on the assumption that both the column and the soil
are in an elastic state, the loading plate or footing is rigid,
and the column is end-bearing. Jiang et al. (2013) showed
that the stress reduction method calculated the settlement of
the DM column-reinforced foundation close to the numerical
result with less than 10% error. Kitzsume and Terashi (2013)
indicated that the modulus ratio of column to soil, Ec∕Es,
typically ranges from 10 to 20 in many cases.

In reality, the column may yield under loading; there-
fore, the stress concentration ratio should be limited by
the strength of the column. Jiang et al. (2014) developed a
method to determine the limited stress concentration ratio
considering the unconfined compressive strength of the col-
umn and the elastic behavior of the soil. Below is a summary
of this development.

The maximum vertical stress the column can carry (ig-
noring the low effective overburden stress near the ground
surface) is:

Δ𝜎cmax = qu + KΔ𝜎s (8.17)

where qu = unconfined compressive strength of the
column

K = coefficient of lateral earth pressure, which is
between the coefficient at rest and the
coefficient of passive earth pressure

Δ𝜎s = vertical stress on the soil

Based on the force equilibrium of a unit cell under an equal
strain condition, the vertical stress on the soil can be obtained
as follows:

Δ𝜎s =
Δ𝜎z − asqu

asK + (1 − as)
(8.18)

where Δ𝜎z is the average vertical stress on the unit cell.
Therefore, the maximum stress concentration ratio can be

calculated as follows:

nmax =
Δ𝜎c max

Δ𝜎s
==

qu[asK + (1 − as)]
Δ𝜎z − asqu

+ K (8.19)

In the preceding equation, the applied average vertical
stress must be higher than asqu, otherwise, no column will
yield. The elastic modulus of the DM column is assumed to
be 100qu and Figure 8.31 can be used to estimate the stress
concentration ratio. If the column yields, the stress concen-
tration ratio, n, determined from Figure 8.31, should be lim-
ited by the following equation:

n ≤ nmax (8.20)

Based on the analysis, a K value of 0.6–0.7 results in a close
comparison of the computed stress concentration ratio with
the numerical result.

The stress concentration ratio discussed above is based on
rigid loading. If DM columns are used to support embank-
ments (not rigid loading), the measured stress concentration
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ratio typically ranges from 2.0 to 6.0, which is lower than
that under a rigid loading. The calculated settlement using
Equation (8.16) is the average settlement of the embankment.

Piled-Raft Method Han et al. (2009) verified that the
method proposed by Horikoshi and Randolph (1999) for
piled rafts can be used to calculate the settlement of DM
column-reinforced soft foundations. The details of this
method are presented in Chapter 5. This method is applica-
ble to end-bearing or floating DM column-reinforced soft
foundations under circular or square footings. An example
will be presented later in this chapter to demonstrate how
this method can be used to calculate the settlement of a DM
column-reinforced soft foundation.

Column Penetration Method When columns do not reach
a stiff bearing layer, they are often referred to as floating
columns. The settlement of a floating column-reinforced
soft foundation consists of the compression with the rein-
forced zone and that below the reinforced zone. Due to the
stiffness difference between the columns and the soil, the
columns under concentrated loads may have some pene-
tration into the soil. Chai et al. (2010) and Pongsivasathit
et al. (2013) proposed a method to calculate the settlement
of the DM column-reinforced foundation underlain by a soft
soil, in which the penetration of the columns was consid-
ered by treating the lower portion of the reinforced zone as
an “unreinforced” layer as shown in Figure 8.32. Chai et al.
(2010) and Pongsivasathit et al. (2013) obtained a simplified

h
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Ssl,i

Stiff layer

Scl,i

hur

hcp

hus

Δσ2i

Δσ1i

Δσz

z
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1

1

2

Figure 8.32 Column penetration method (modified from Chai
et al., 2010; with permission from ICE Publishing).

formula to estimate the thickness of the “unreinforced
layer”, which depends on the area replacement ratio, the
improvement depth ratio (i.e., the column depth divided by
the thickness of the soft soil), and the pressure-strength ratio
as follows:

hcp = Lc f (𝛼s)g(𝛽L)h(𝛾p) (8.21)

where hcp = thickness of the column penetration zone
(treated as an “unreinforced” layer)

Lc = length of the column
f(as) = influence factor of the area replacement ratio

g(𝛽L) = influence factor of the improvement depth
h(𝛾p) = influence factor of the applied pressure to

soil strength ratio

When a rigid slab is above the columns,

f (as) =
⎧⎪⎨⎪⎩

0.75 − 2.5as, as ≥ 0.20

0.4 − 1.0as, 0.20 < as ≤ 0.45

0, as > 0.45

(8.22)

The improvement depth ratio and the pressure-strength
ratio are:

g(𝛽L) =

{
1.62 − 1.6𝛽L, 0.2 ≤ 𝛽L ≤ 0.7

0.5, 0.7 ≤ 𝛽L ≤ 0.9
(8.23)

𝛽L =
Lc

h
(8.24)

h(𝛾p) = 0.27 ln(𝛾p) − 0.41 (8.25)

𝛾p =
Δ𝜎z pa

1.5

c2.5
u

(8.26)

where Δ𝜎z = average applied pressure
pa = atmosphere pressure (approximately

100 kPa)
cu = undrained shear strength of the soil

The settlement within the reinforced zone is calculated
based on the compression of the composite foundation as
follows:

S1 =
n∑

i=1

Δ𝜎1ih1i

Dcias + (1 − as)Dsi
(8.27)

where Dci and Dsi = are constrained moduli of the column
and the soil

h1i = thickness of a soil sublayer within the
reinforced zone

Δ𝜎1i = additional stress within the reinforced
zone induced by the applied
pressure, Δ𝜎z
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The stress distribution method for pile groups included
in AASHTO (2006) can be used to estimate this additional
stress with a 4(H):1(V) stress distribution.

The settlement below the reinforced zone (including the
penetration zone) can also be calculated using the stress
distribution method for pile groups:

S2 =
m∑

i=1

h2i
Cci

1 + e0i
log

(
1 +

Δ𝜎2i

𝜎
′
z0i

)
(8.28)

where Cci = compression index of the soil sublayer
e0i = initial void ratio of the soil sublayer
h2i = thickness of the soil sublayer within the

unreinforced zone
𝜎
′
z0i
= initial effective overburden stress in the

sublayer
Δ𝜎2i = additional stress within the unreinforced

zone estimated with a 2(H):1(V) stress
distribution

The total settlement of the foundation is the sum of the set-
tlements within the reinforced zone and below the reinforced
zone. i.e.,

S′ = S1 + S2 (8.29)

Consolidation Lorenzo and Bergado (2003) derived an an-
alytical solution to predict the consolidation rate of DM
column-reinforced foundations based on a unit cell con-
cept. In their model, it is assumed that the DM column
has a higher permeability than the surrounding soil, and
all the water draining out from the surrounding soil en-
ters the DM column and then drains out vertically through
the column. One-dimensional Terzaghi’s solution was used
to calculate the consolidation degree of the DM column.
Lorenzo and Bergado (2003) did not model lateral drainage
as Han and Ye (2001, 2002) did for the consolidation of
stone column foundations. Miao et al. (2008) modeled the
DM column-reinforced foundation as a composite founda-
tion with a higher equivalent modulus than the untreated
soil and analyzed the DM column-reinforced foundation over
soft soil as a double layer system. They assumed that the DM
columns are impervious. Similar to Miao et al. (2008), Chai
and Pongsivasathit (2009) treated the DM column foundation
as a composite foundation with a higher equivalent modulus
as shown in Figure 8.33. However, Chai and Pongsivasathit
(2009) proposed an equivalent permeability of the compos-
ite foundation, the same as the formula for vertical drains
developed by Chai et al. (2001). Equivalent coefficient of vol-
umetric compressibility and permeability of the composite
foundation can be calculated as follows:

mv1 =
1

asDc + (1 − as)Ds
(8.30)
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Figure 8.33 Consolidation of column-reinforced soft foundation
over soft soil (Chai and Pongsivasathit, 2009).

kv1 =

(
1 +

1.5h2
1

Fm

(
ND

)
d2

e

kr

kv

)
kv (8.31)

Fm(ND) = ln
ND

Ns
+

kr

ks
ln(Ns) −

3
4
+

8h2
1kr

3d2
ckc

(8.32)

where mv1 = coefficient of volumetric compressibility
of the equivalent layer

Dc, Ds = constrained moduli of the column and the
soil

h1 = thickness of the equivalent layer
de = diameter of the unit cell
dc = diameter of the column

kr, kv = permeability of the soil in the radial and
vertical directions

ks = permeability of the smear zone
kc = permeability of the column

ND = diameter ratio of the unit cell to the
column

Ns = diameter ratio of the smear zone to the
column

With the equivalent parameters, Zhu and Yin’s (1999)
closed-form solution for consolidation of two-layered soils
can be used to calculate the degree of consolidation. Chai
and Pongsivasathit (2009) pointed out that treating half
of the penetration zone (i.e. hcp∕2) as part of the “unre-
inforced” layer using this simplified method resulted in a
better comparison with the numerically computed degree of
consolidation.

Huang et al. (2009) found that the consolidation of the DM
column-reinforced foundation under the embankment could
be accelerated by the columns with higher stiffness than the
soft clay even though the columns had the same permeability
as the soft clay. This finding was further confirmed by Jiang
et al. (2013) in their numerical study. Figure 8.34 shows that
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Figure 8.34 Effect of modulus ratio on rate of consolidation (Jiang et al., 2013,
with kind permission from Springer Science and Business Media).

the degree of consolidation increased with the modulus ratio
of the elastic column to the soil when the column permeabil-
ity was the same as the soil permeability.

Stability of Column-Supported Embankments Kitazume
et al. (2000) investigated the failure modes of DM columns
subjected to a vertical load or a combination of vertical and
lateral loads in centrifuge tests. They found that the bear-
ing capacities of DM column-reinforced foundations under
a combination of vertical and lateral loads were lower than
those under vertical loads only. The DM columns under the
combined loads ruptured at a lower column strength, but
rotated at a higher column strength. Han et al. (2005) and
Filz and Navin (2006) found numerically that DM columns
under embankments might fail due to shear, bending, or
rotation, depending on the strength of the columns. Rigid
inclusions can be installed into chemically stabilized soil
columns to increase the shear and bending resistance of
columns. Kitazume (2008) proposed two external failure
modes (sliding and collapse) and three internal failure modes
(circular shear, horizontal shear, and bending) and devel-
oped the simplified methods to estimate the embankment
pressures for collapse, horizontal shear, and bending fail-
ures. However, it is challenging to develop a theoretical so-
lution for the combined failure mode. A numerical method
with a strength reduction approach may be used to esti-
mate the factor of safety for this combined failure mode.
Limit equilibrium methods with composite undrained shear
strengths have also been used for the stability analysis in
practice as shown in Figure 8.35. The composite undrained
shear strength of the DM column-reinforced soft foundation

τeq

Figure 8.35 Stability of column-supported embankments.

is estimated as follows:

cu,eq = ascu,c + (1 − as)cu,s (8.33)

where cu,eq = undrained shear strength of the
composite foundation

cu,c = undrained shear strength of the column
cu,s = undrained shear strength of the soil

Han et al. (2005) showed that the limit equilibrium method
with a circular slip surface (e.g., Bishop’s simplified method)
overestimated the factor of safety of the embankment over
a DM column-reinforced foundation as compared with that
determined by the numerical method using the strength
reduction approach as shown in Figure 8.36. The reason
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Figure 8.36 Limit equilibrium and numerical analyses of DM
wall-supported embankments (Han et al., 2005, 2010).

for the overestimation by the limit equilibrium method is
because it cannot model the bending and rotational failures
of the columns.

According to the Swedish practice, the undrained shear
strength of the column should be limited to within the range
of 100–150 kPa. This limitation can minimize the difference
in the calculated factor of safety between the limit equilib-
rium method and the numerical method.

Design for Excavation Deep mixed columns or walls have
been commonly used to retain soils during excavation. DM
walls are also served as curtain walls to minimize water
from entering the excavation pit; therefore, no dewatering is
necessary. For this application, cement binder is often used.
DM walls are typically designed as gravity walls as shown in
Figure 8.37 with the following minimum factors of safety:

• Factor of safety against sliding = 1.5
• Factor of safety against overturning = 1.5

Figure 8.37 Typical cross section of DM wall for excavation.

• Factor of safety against base heave = 1.5
• Factor of safety against seepage = 1.5
• Factor of safety against global stability = 1.3

The typical dimensions of the DM wall shown in
Figure 8.37 are based on the successful applications of
DM walls in soft soils with high groundwater tables and
excavation depths limited to 6 m in China (Han et al., 2002).
These dimensions may vary when the site conditions and
excavation depths are different. The following analyses
should be performed to ensure the stability of the DM wall
in an actual application.

Internal Sliding The DM wall should be designed with suf-
ficient factors of safety against internal sliding and internal
overturning at the elevation of the excavation base as shown
in Figure 8.38. Depending on tolerable deformation of the
wall, the lateral earth pressure behind the wall should be as-
sumed to be active if a large deformation is tolerable or at
rest if a small deformation is tolerable. The factor of safety
against the internal sliding can be calculated as follows:

FSis =
Tr

P
=

2Tr

K𝛾H2
(8.34)

FSis =
qufB

K𝛾H2
for an undrained condition (8.35)

FSis =
2(c′B +W tan𝜙′)

K𝛾H2
for a drained condition

(8.36)
where Tr = shear resistance by the DM wall

K = coefficient of lateral earth pressure of the
soil

𝛾 = unit weight of the soil
quf = field unconfined compressive strength of

the stabilized soil
H = depth of excavation

Figure 8.38 Internal stability analysis.
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Figure 8.39 H-pile reinforced DM wall.

B = width of the wall
c′ = effective cohesion of the wall
𝜙
′ = effective friction angle of the wall

The water pressure should be included if the groundwater
table is above the excavation base.

If the factor of safety against internal sliding is not suffi-
cient, the width of the wall can be increased with extra row(s)
of columns and/or reinforcement (such as H pile) can be in-
stalled inside the DM wall as shown in Figure 8.39.

Internal Overturning The overturning stability can be
evaluated by a factor of safety, an eccentricity, and yielding
of the DM wall. The factor of safety against internal
overturning is

FSio =
3WB
2PH

= 3WB
K𝛾H3

(8.37)

The eccentricty of the wall at the elevation of the excava-
tion base is

e = PH
3W

= K𝛾H3

6W
(8.38)

The eccentricty, e, should be less than
(

1
6

)
B.

The maximum stress at the edge of the wall as calculated
below should be less than the allowable strength of the sta-
bilized soil:

pmax =
W
B

(
1 + 6e

B

)
≤ qa (8.39)

where qa is the allowable strength of the stabilized soil,
which is equal to quf/FS (typically FS = 2.0).

Base Sliding Figure 8.40 shows that the DM wall is sub-
jected to active and passive lateral earth pressures. The factor
of safety against base sliding can be calculated as follows:

FSbs =
Pp + 𝜏f B

Pa
(8.40)

Passive earth pressure, Pp, is mobilized at a large deforma-
tion; Pp may be reduced by a factor (typically ranging from
1.5 to 2.0) to limit the lateral deformation. For a permanent
earth structure, if Pp is not reliable (e.g., the toe is subjected
to scouring), it may be ignored. The shear resistance between
the block and the soil, 𝜏 f, can be estimated by ( 2

3
–1) times the

shear strength of the soil.

Figure 8.40 External stability analysis.

External Overturning As shown in Figure 8.40, the factor
of safety against external overturning can be calculated as
follows:

FSeo =
Ppzp +Wxw

Paza
(8.41)

Same as that for the base sliding, the passive earth pres-
sure may be reduced depending on tolerable deformation or
ignored if not reliable.

Base Heave The DM wall should be designed against base
heave in the excavation pit. Based on the potential failure
mode as shown in Figure 8.41, Terzaghi (1943) proposed the
following formula for the base stability:

FSbh =
Nccu

𝛾H − cu(H + Df )∕B′ − 2cuDf ∕B
(8.42)

Figure 8.41 Base stability with wall embedment.
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Figure 8.42 Bearing capacity factor for base stability (Terzaghi et al., 1996).

where cu = undrained shear strength of the soil
𝛾 = unit weight of the soil
H = depth of excavation

Df = embedment depth of wall

B′ = depth of failure surface (B′ = B∕
√

2 in
uniform soil or limited depth to a firm

soil if B′ < B∕
√

2)
Nc = bearing capacity factor, which can be

determined based on Figure 8.42

and other dimensions are shown in Figure 8.41.
When the embedment depth is equal to zero, the above

equation can be simplified into

FSbh =
Nccu

𝛾H − cu(H∕B′)
(8.43)

This formula has been commonly used for the design of
ground anchors and soil nailed walls considering the base
stability, which will be discussed further in Chapter 9.

Seepage Due to the head difference between inside and
outside the excavation pit, water seepage is expected. Flow
net can be drawn as shown in Figure 8.43 and can be used
to estimate the amount of water seepage into the excavation
pit. In addition, the maximum hydraulic gradient can be
estimated. Based on the maximum hydraulic gradient, the
factor of safety against seepage can be calculated as follows:

FSsp =
icr

imax
= 𝛾

′

imax𝛾 w
(8.44)

where icr = critical hydraulic gradient
imax = maximum hydraulic gradient
𝛾
′ = effective unit weight of the soil

𝛾w = unit weight of water

Global Stability A slope stability method can be used for
a global stability analysis. It is important to point out that the

Df

H + Df

Impervious

H

h

Figure 8.43 Flow net analysis.

global stability analysis should consider the seepage forces
if there is a water head difference between inside and outside
the excavation pit, as shown in Figure 8.43. The methods for
slope stability analysis are discussed in Chapter 2.

Liquefaction Mitigation The deep mixing method has been
used to form shear wall grids in ground to mitigate liquefac-
tion. The DM wall itself is not liquefiable due to the cementa-
tion by binders. The shear wall grid also provides more shear
resistance as a composite to cyclic shear stress induced by
earthquake or reduce cyclic shear stress applied to the liq-
uefiable soil inside the grid. A design method similar to that
for the columns installed by the deep replacement method
was developed by Nguyen et al. (2013). Details of the de-
sign method can be found in this publication. Kitazume and
Terashi (2013) suggested that the grid cells formed by deep
mixed walls should have the cell width less than 80% the cell
depth to be effective in mitigating soil liquefaction.
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8.2.4 Design Parameters and Procedure

Design Parameters The design parameters for deep mixing
depend on the type of application. Foundation support and
earth retaining are two common applications. When deep
mixed columns or walls are used for foundation support, the
design may include the following parameters:

• Soil type, natural moisture content, organic content,
groundwater table, permeability or coefficient of con-
solidation and soil strength and modulus

• Depth of improvement
• Project requirements (allowable bearing capacity, toler-

able settlement, factor of safety against slope failure for
embankments)

• Loading condition (applied pressure)
• Type of binder (lime, cement, lime–cement, and other

binder)
• Method of installation (dry or wet method)
• Binder content
• Required unconfined compressive strength of stabilized

soil
• Size and pattern of columns.

When deep mixed columns or walls are used for excavation
support, the following design parameters are needed:

• Soil properties (unit weight, undrained shear strength,
effective friction angle, and permeability)

• Dimensions of excavation pit, including depth, length,
and width

• Elevations of groundwater tables inside and outside the
excavation pit

• Width of deep mixed wall
• Embedment depth of deep mixed wall
• Strength of stabilized soil
• Required factors of safety against sliding, overturning,

base instability, seepage, and global instability

Design Procedure The design procedure for deep mixing
also depends on the type of application. For foundation sup-
port, the following design procedure may be followed:

1. Based on the geotechnical conditions, select the type of
method (dry or wet method) and type of binder for deep
mixing.

2. Based on the geometry of the superstructure and the
distribution and magnitude of loads, select the pattern
of deep mixing (individual columns, blocks, walls, and
grids).

3. Based on the required ultimate bearing capacity of the
foundation and the soil strength, determine the required
column capacity if the area replacement ratio is assumed
or the area replacement ratio if the column strength is
assumed.

4. Based on the column capacity requirement, determine
the required minimum laboratory unconfined compres-
sive strength of the stabilized soil considering the field
to laboratory conversion factor and the scale factor.

5. Determine the minimum column length.
6. Determine the settlement of the column-reinforced

foundation using the stress reduction method, the
piled-raft method, or the column penetration method.

7. Determine the degree of consolidation of the
column-reinforced foundation.

8. If columns are used to support embankments, stabil-
ity analysis should be conducted. A numerical method
is preferred, but a simplified limit equilibrium method
may be used by limiting the column strength.

9. Iterations may be needed if at least one of the calcula-
tions does not meet the project requirement.

For earth retaining for excavation, the following design
procedure may be used:

1. Based on the depth of excavation, a preliminary design
of the deep mixed wall can be selected based on a typical
cross section.

2. The deep mixed wall should be checked against the fac-
tor of safety of internal sliding. If not sufficient, the
width of the wall should be increased and/or reinforce-
ment (such as H piles) should be added.

3. The deep mixed wall should have sufficient stability
against internal overturning by satisfying the factor of
safety, eccentricity, and yielding strength requirements.
If not sufficient, the width of the wall should be in-
creased, reinforcement (such as H piles) should be
added, and/or the strength of the stabilized soil should
be increased.

4. In addition to internal stability, external stability against
base sliding, external overturning, base heave, seepage,
and global stability should be evaluated with sufficient
factors of safety. The embedment depth of the wall is
one of the important factors for this evaluation.

8.2.5 Design Example

Problem

A concrete raft with a dimension of 10 m ×
10 m × 0.5 m thick is rested on a deep mixed
column-supported foundation with an embedment
depth of 0.5 m, as shown in Example Figure 8.1. Also,
4 × 4 rows of columns with a diameter of 0.8m and a
length of 10 m are installed in uniform soft clay with
spacing of 2.2 m in a square pattern. The soft clay is
more than 20 m thick and has a saturated unit weight
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of 18 kN∕m3 and a drained modulus of 5 MPa and the
ground water table is at 0.5 m below the surface. The
columns have an unconfined compressive strength of
1 MPa and a saturated unit weight of 20 kN∕m3. The
Poisson’s ratios of the soft clay and the columns are
0.3 and 0.2, respectively. Estimate the settlement of
the raft under a vertical load of 15 MN.

0.5 m

0.8 m

7.4 m

10 m

10 m

10 m

Example Figure 8.1

Solution

The piled-raft method developed by Horikoshi and
Randolph (1999) and presented in Chapter 5 is se-
lected for the calculation of the settlement of the DM
column-reinforced soft foundations.

Rf factor is

Rf =

√
Ncls

Lc
=
√

16 × 2.2
10

= 1.88 < 2

therefore, the equivalent pier approach is suitable.
Cross-section area of group columns (i.e., equivalent

pier) is
Ag = 7.4 × 7.4 = 54.76 m2

Radius of raft is

rr =
√

Ar

𝜋

=
√

10 × 10
3.14

= 5.64 m

Radius of equivalent pier is

req =

√
Ag

𝜋

=
√

54.76
3.14

= 4.18 m

Length of equivalent pier is

Leq = Lc = 10 m

Total cross-section area of columns is

Atc =
∑

Aci = 16𝜋r2
0 = 16 × 3.14 × 0.42 = 8.04 m2

Elastic modulus of columns is

Ec = E50 = 100qu = 100 MPa

Modulus of equivalent pier is

Eeq = Es + (Ec − Es)
Atc

Ag
= 5 + (100 − 5) 8.04

54.76

= 18.95MPa

Shear modulus of soil is

Gs = GL =
Es

2(1 + 𝜈s)
= 5

2 × (1 + 0.3)
= 1.92MPa

For a uniform soil,

𝜉 =
GL

Gb
= 1 and 𝜌 =

Gavg

GL
= 1

For a uniform pier,

𝜂 =
req,b

req
= 1

The pier length to radius ratio, Leq/req = 10/4.18 = 2.4
< 5, therefore, C = 5.

Maximum influence radius of the equivalent pier is

rm,p = Creq + {0.25 + 𝜉[2.5𝜌(1 − 𝜈s) − 0.25]}Leq

= 5 × 4.18 + {0.25 + 1 × [2.5 × 1 × (1 − 0.3) − 0.25]}

×10

= 38.4 m

𝜁 = ln

(rm,p

req

)
= ln

(38.4
4.18

)
= 2.22

𝜆 =
Eeq

GL
= 18.95

1.92
= 9.87

𝜇LLeq =
√

2
𝜁𝜆

⋅
Leq

req
=
√

2
2.22 × 9.87

× 10
4.18

= 0.72

tanh(𝜇LLeq) = tanh(0.72) = 0.619

Stiffness of the equivalent pier is

Keq = GLreq

⎡⎢⎢⎢⎣
4𝜂

(1− 𝜈s)𝜉 + 𝜌 ⋅ 2𝜋
𝜁
⋅

tanh(𝜇LLeq)
𝜇LLeq

⋅
Leq

req

1 + 1
𝜋𝜆

⋅ 4𝜂
(1−𝜈s)𝜉

⋅
tanh(𝜇LLeq)

𝜇LLeq
⋅

Leq

req

⎤⎥⎥⎥⎦
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= 1.92 × 4.18

×
⎡⎢⎢⎣

4× 1
(1− 0.3) × 1

+ 1 × 2× 3.14
2.22

× tanh(0.72)
0.72

× 10
4.18

1 + 1
3.14× 9.87

× 4×1
(1− 0.3) × 1

⋅ tanh(0.72)
0.72

× 10
4.18

⎤⎥⎥⎦
= 67.02 MN∕m

Stiffness of raft on soil (assuming a rigid raft) is

Kr =
Pr

S
=

EsAr

(1 − 𝜈
2
s )BrIs

= 5 × 100

(1 − 0.32) × 10 × 0.88

= 62.34MN∕m

The column length to radius ratio, Lc/rc = 10/0.4 = 25
> 5, therefore, C = 0.

rm = {0.25 + 𝜉[2.5𝜌(1 − 𝜈s) − 0.25]}Lc

= {0.25 + 1 × [2.5 × 1 × (1 − 0.3) − 0.25]} × 10

= 17.5 m

Pier–raft interaction factor is

𝛼rp = 1 −
ln

(
rr
req

)
ln

(
rm

req

) = 1 −
ln
(

5.64
4.18

)
ln
(

17.5
4.18

) = 0.790

Overall stiffness of the pier raft is

Kpr =
Peq + Pr

Spr
=

Keq + Kr(1 − 2𝛼rp)

1 −
(

Kr

Keq

)
𝛼

2
rp

= 67.20 + 62.34 × (1 − 2 × 0.790)

1 −
(

62.34
67.20

)
× 0.7902

= 73.57 MN∕m

Settlement of the pier raft is

S′ = Spr =
P

Kpr
= 15

73.57
= 0.204m = 204mm

8.2.6 Construction

Deep mixed columns can be installed by a wet or dry method.
Different binders can be used for the installation. Table 8.7
provides the typical parameters for deep mixing in different
countries.

The blade rotation number is defined as follows:

Nbr = Nmb

(Rp𝛼cvi

vp𝛼cv
+

Rw

vw

)
(8.45)

where Nmb = total number of mixing blades
vp = penetration rate (m/min)
vw = withdrawal rate (m/min)
Rp = blade rotation rate during penetration
Rw = blade rotation rate during withdrawal

𝛼cvi = binder injection rate during penetration
(kg/m3)

𝛼cv = total volumetric binder content (kg/m3)

The basic DM procedure by the wet method is illustrated
in Figure 8.44. This method includes:

1. Position the auger at a desired location.
2. Drill and drive the mixing shaft at a preset rate into

the ground with rotation of the blades. There are two
injection sequences of binder slurry: (a) binder slurry
injected during the penetration as shown in Figure 8.44
and (b) binder slurry injected during the withdrawal.
The injection outlet for the penetration injection method
is located at the toe of the mixing blades while that for
the withdrawal injection method is located at the top of
the mixing blades.

3. After reaching the desired depth, remain at the position
and continue mixing binder slurry with soil for a certain
time period to generate a uniform mix.

4. Withdraw the mixing shaft gradually at a preset rate and
continue mixing the binder slurry with soil (for some
machines, the direction of the mixing blade rotation is
reversed during the withdrawal).

5. Complete the installation of the mixed column until the
mixing shaft reaches the desired elevation (mostly at the
ground surface but sometimes at a preset depth).

The spoil soil should be excavated and removed during or
after the installation of each column to minimize the inter-
ference with the next installation.

The basic DM procedure by the dry method is illustrated
in Figure 8.45. This includes:

1. Position the auger at a desired location.
2. Drill and drive the mixing shaft at a preset rate into

the ground with rotation of the blades. There are two
injection sequences of binder powder: (a) binder powder
injected during the penetration and (b) binder powder
injected during the withdrawal as shown in Figure 8.45.
The injection outlet for the penetration injection method
is located at the toe of the mixing blades while that for
the withdrawal injection method is located at the top of
the mixing blades.

3. Withdraw the mixing shaft gradually at a preset rate, in-
ject binder powder, and mix binder powder with soil (for
some machines, the direction of the mixing blade rota-
tion is reversed during the withdrawal). Pressured air
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Table 8.7 Typical Parameters for Deep Mixing

Region Japan Europe United States

Reference Kitazume and Terashi (2013) Holm (2005) Elias et al. (2006)
Method Dry method Wet method
Penetration rate (m/min) 1.0–2.0 1.0 2–6 1.0
Withdrawal rate (m/min) 0.7–0.9 0.7–1.0 1.5–6
Blade rotation rate—penetration (rpm) 24–32 20 80–200 20–45
Blade rotation rate—withdrawal (rpm) 48–64 40 10–30
Blade rotation number (/min) 274–284 350–360 100–500 350 for clays; 400 to 450

for peaty soils
Binder content (kg/m3) 100–250 150–300

(1) Positioning auger (2) Drilling and mixing
binder with soil

(3) Reaching bottom and
continuing mixing

(4) Reverse mixing while
withdrawing

(5) Complete

Figure 8.44 Installation procedure of wet deep mixing.

Figure 8.45 Installation procedure of dry deep mixing.
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up to 450 kPa is used to inject powder binder at a desired
rate (typically 4 m3/min).

4. Complete the installation of the mixed column until the
mixing shaft reaches the desired elevation (mostly at the
ground surface but sometimes at a preset depth).

The dry method generates less spoil soil as compared with
the wet method. The spoil soil should be cleaned after the
installation of each column to minimize the interference with
the next installation.

8.2.7 Quality Control and Assurance

The typical quality control (QC) and quality assurance (QA)
procedure for deep mixing is presented in Figure 8.46. It
starts with the design or targeted strength of a stabilized soil.
Laboratory mix design tests should be performed to deter-
mine the binder content to reach the targeted strength. Some-
times, field trial is implemented to verify the field strengths
of test columns. During the installation, all the parameters
for deep mixing should be well controlled, including binder
content. After the installation, the quality of columns should
be confirmed by sampling, coring, and in situ testing. Field
instrumentation and monitoring may be conducted for large
and/or complicated projects.

Quality control and quality assurance can be achieved by
evaluating the installation records of the columns and the test
results of laboratory and field verification tests. Each col-
umn installation record should include a chart-log with the
construction information, such as date and time of execu-
tion, length of column, penetration/withdrawal rates of the
mixing shaft, blade rotation rate, pressure and flow rate of
pumped slurry or injected powder, and total slurry or powder
consumption per column. The following verification tests are
commonly used for deep mixing:

Figure 8.46 Typical QC/QA procedure for deep mixing (modified from Larsson, 2005).

1. Specimens of stabilized soils obtained from fresh
columns with the wet grab method are tested for
unconfined compressive strengths.

2. Core sampling is utilized to exhume stabilized soil sam-
ples from field columns after being hardened, and then
the samples are tested in the laboratory for the uncon-
fined compressive strengths. The triple tube core barrel
is commonly used. It is recommended that large sam-
ples (greater than 76 mm in diameter and 150 mm long)
should be obtained. Cored samples can be used to exam-
ine the uniformity of the mixture visually. The Coastal
Development Institute of Technology in Japan (2002)
provides a guideline for evaluating the unconfined com-
pressive strength of a stabilized soil from core samples
based on the coefficient of variation as follows:

qud ≤ quf(1 − m ⋅ COV) (8.46)

where qud = design unconfined compressive strength
of a stabilized soil

quf = average field unconfined compressive
strength of a stabilized soil from core
samples

COV = coefficient of variation
m = confidence-dependent random variable,

which is provided in Table 8.8 based
on the number of samples

Table 8.8 Random variable versus number of samples

Number of samples 1 2 3 4–6 7–8 ≥9

m 1.8 1.7 1.6 1.5 1.4 1.3

Source: Futaki and Tamura (2002).
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3. Several in situ testing methods have been adopted for
evaluating the quality of deep mixed columns in the
field, which include the cone penetration test, the dy-
namic penetration test, the modified cone penetration
test, the pullout resistance test, the pressuremeter test,
the field column compression test, the plate loading test,
the down-hole test, the cross-hole seismic geophysics,
and the wave velocity test.

The dynamic penetration test (with hammer mass of
63.5 kg) and the cone penetration test are used for examining
the uniformity of deep mixed columns with depth. These
tests are mostly performed within a 7-day curing period.
Empirical relationships are used for estimating unconfined
compressive strengths of cement-stabilized soils (Ye et al.,
1994):

qu = 12.5N (8.47)

qu =
1

10
qc (8.48)

where qu = unconfined compressive strength of
stabilized soil (kPa)

N = number of blow counts by the
dynamic penetration test

qc = cone tip resistance (kPa)

The modified cone penetration test (also called the wing
shear test) and the pullout resistance test, as shown in
Figure 8.47, have been commonly used in Europe. In both
tests, the devices record the penetration resistance when
the two wings cut through the column. The profile of
the resistance can be used to evaluate the uniformity and
strength of the columns.

The field compression test is used to evaluate the strength
of the column near the ground surface after the column head
is exposed.

Figure 8.47 Modified cone penetration test and pullout resistance
test.

Plate loading tests are also used to determine the ultimate
bearing capacity of the single column and the composite
foundation with column(s).

8.3 GROUTING

8.3.1 Introduction

Basic Concept Figure 8.48 shows typical grouting compo-
nents and setup for a grouting project. The grouting com-
ponents include a grout mixer, an agitator for storage and
agitation, a grout pump, control and recording equipment,
and a grout pipe. The grout mixer is to mix binder, water,
and other necessary materials into uniform grout. The agita-
tor continues agitation of the grout to prevent sedimentation
and segregation. The pump generates pressure to inject the
grout into the ground. The control and recording equipment
controls, maintains, and records the required pump pressure
and the rate of injected grout. The grout tube has packers,
opening, or nozzle to allow the grout to enter the ground. The
grout pipe is inserted into a predrilled hole or self-drills into
the ground. In addition to the pump, the control valve, and the
pressure gauge for the grout, the jet grouting technology may
require a water pump and an air compressor to inject water
and air, and the control valves and pressure gauges for water
and air, depending on the option for the jet grouting system.

Grouting can be used in rock and soil. Grouting has five
common types: (1) permeation grouting, (2) compaction
grouting, (3) hydrofracture grouting, (4) compensation
grouting, and (5) jet grouting, as shown in Figure 8.49.

Permeation grouting is to fill voids in soils by grout. Void
or cavity filling is a special case of permeation grouting.
Compaction grouting is to densify loose soils by injecting
stiff and low mobility grout to displace soil particles.
Hydrofracture grouting is to inject stiff grout under high
pressure (up to 4 MPa) to fracture the soil mass and force
the grout into the fractures. Compensation grouting is to
compensate ground loss due to construction activities, such
as excavation and tunneling. Jet grouting utilizes grout
(sometimes with water and/or air) to erode the soil at depths
and then mix the eroded soil with grout to form hardened
columns or walls. The jet grouting technology has single,
double, and triple systems as shown in Figure 8.50, which
use different media (grout, air, and/or water) to erode the
soil. These systems are used in different soil conditions and
produce different sizes of columns or walls.

The main objectives of grouting are:

• Densification to prevent or arrest settlement and miti-
gate liquefaction

• Soil solidification to increase cohesion of granular soils
• Reduction of permeability and water control
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Figure 8.48 Typical grouting components and setup (Houlsby, 1990).

• Stabilization and reduction of expansion of clay soils
• Compensation for lost ground and filling large voids
• Additional support for existing structures

Suitability Figure 8.51 shows the suitability of different
grouting methods. The permeation grouting is suitable for
cohesionless soil (such as gravel and sand). The permeation
grouting includes cement slurry grouting and chemical grout-
ing. The cement slurry grouting is more suitable for gravel
while the chemical grouting is more suitable for sand. Com-
paction grouting is mostly used for sand, but sometimes also
used for silt and clay if dissipation of excess pore water pres-
sure is permitted. The hydrofracture grouting is suitable for
sand, silt, and clay and often used for compensation grouting
purposes. The jet grouting method is suitable for all kinds of
soil types.

Permeation grouting, compaction grouting, and hydrofrac-
ture grouting have also been used for decomposed rock and
fissured rock.

Applications Grouting has been used for the following ap-
plications (Elias et al., 2006):

• Densification of granular soils
• Raising settled structures
• Settlement control
• Underpinning of existing foundations
• Excavation support
• Protection of existing structures during tunneling
• Liquefaction mitigation
• Water control

Advantages and Limitations Grouting has the following
advantages as compared with alternate technologies:

• No need for removal and replacement
• Effective for underpinning and protecting existing

structures
• Easy to access and operate within constrained space
• Low mobilization cost
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Figure 8.49 Types of grouting.

Figure 8.50 Type of jet grouting: (a) single fluid, (b) double fluid, and (c) triple fluid
(after Elias et al., 2006).

The limitations associated with grouting are:

• Quantity of grout is hard to estimate.
• Effectiveness of some applications cannot be predicted.
• Area of improvement is sometimes uncertain.
• Grouting may cause ground movement and distresses to

existing structures.
• Certain chemical grouts may contain toxicity and have

adverse impact to groundwater and underground envi-
ronment.

• Specialty contractors are required for the operation.

8.3.2 Principles

Rheological Behavior The rheological behavior of fluid
or semisolid material can be described by the rheological
laws for Newtonian fluid or Binghamian body as shown in
Figure 8.52. In Figure 8.52, dv is the shear velocity change
and dx is the segment of the specimen, and �̇� = Δv∕Δx is
the shear strain rate. The Newtonian fluid has a linear re-
lationship between the shear stress, τ, and the shear strain
rate, �̇�. The slope of this linear line is the dynamic viscos-
ity. Water is an example of Newtonian fluid. However, most
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Figure 8.51 Suitability of different grouting methods (modified from Elias et al., 2006).
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Figure 8.52 Basic rheological laws: (a) shear stress vs. velocity and (b) rheological
laws (modified from De Paoli et al., 1992).

semisolid material, such as particulate grout, behaves like
a Binghamian body. The Binghamian body has a nonlinear
rheological behavior. It can be described by an apparent vis-
cosity (i.e., a secant line), which depends on the shear strain
rate. Alternatively, it can be approximated by a linear line
with cohesion and plastic viscosity (also referred to as dy-
namic viscosity of plastic body). Lombardi (1985) pointed
out that the cohesion controls the maximum distance a grout
can reach while the viscosity controls the flow rate of the
grout. The Binghamian body may or may not have internal
friction. If it has internal friction, the rheological law for the
Binghamian body with internal friction can be described by a
rheological surface as shown in Figure 8.53. In this case, the
shear resistance of the Binghamian body depends not only on
the cohesion and the viscosity but also on the 𝜎 on its body.
The pressure-induced resistance can be high if there is an in-
ternal friction angle 𝜙 of the Binghamian body under a high
pressure. Under such a situation, the flow of the Binghamian
body becomes difficult or impossible.

dv
dx

τ = c + μd + σ tanϕ

σ tanϕ

dv

c

cc

c

0

1

dx
μd

dv
dx

dv
dx

μdμd

μd

τ

σ

ϕ

ϕ

Figure 8.53 Rheological behavior of a Binghamian body (modi-
fied from Lombardi, 1985).
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Figure 8.54 Apparent viscosity vs. plastic viscosity (De Paoli
et al., 1992 with permission from ASCE).

Figure 8.54 shows the behavior of different mixes with
Portland cement in terms of apparent viscosity versus plas-
tic viscosity. When the apparent viscosity, 𝜇a, is equal to the
plastic viscosity, 𝜇p, the mix behaves as a Newtonian fluid,
which is not stable. In an unstable mix, water can separate
from a chemical agent (such as cement) due to pressure or
self-weight. This phenomenon is also called “bleeding.” Sta-
ble mixes are desired for grouting and deep mixing to get uni-
form stabilization of the soil. Figure 8.54 shows that stable
mixes typically have lower plastic viscosity. The trademark
mixes, MISTRA™, maintain the mixes stable by the use of
bentonite.

Setting is a process for grout to harden. There are initial
and final set times. The initial set happens when the grout
starts hardening while the final set is at the end of hardening.
Figure 8.55 shows the change of the viscosity of the grout
with time. It is shown that the initial viscosity of the grout is
low and increases gradually until the initial set time. After
the initial set time, the viscosity increases exponentially.
The injection time should be controlled before the initial set.
Cementitious grout typically takes several to 24 hours to set,
while chemical grout sets in minutes to hours, depending
on the chemical agent (e.g., polyurethanes react instantly
with water). Set time is also referred to as the gel time for
chemical grouts.

Grout Materials The selection of a grout material should
consider its mobility, penetrability, cohesion, bleed potential,
setting time, and solubility.

Figure 8.55 Viscosity–time curve for sodium silicate ground
(modified from AFTES, 1991).

Grout materials include four categories (Bruce et al.,
1997):

1. Particulate (suspension or cementitious)
2. Collodial solutions
3. Pure solutions
4. Other grout materials

Particulate chemical agents, such as cement, lime, or a
combination of cement and lime, have been commonly used
in a slurry form like grout or in a powder form for deep
mixing. Slag and fly ash have sometimes been used as well.
Particulate grout is often a mixture of water and one or
several particulate materials, such as cement, fly ash, clay,
and/or sand. Littlejohn (1982) pointed out that the water to
solid ratio is the key parameter for the properties and basic
characteristics of particulate grout, such as stability, fluidity,
rheology, strength, and durability. Table 8.9 shows the typical
grout materials and their relative characteristics including
viscosity, water : binder ratio, toxicity, strength, and relative
cost. cP stands for centipoise, which is a dynamic viscosity
unit. 1 cP = 0.001 N.s/m2. Collodial solutions are silicate
based while pure solutions are resins.
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Figure 8.56 Model of injection with spherical flow.

Other grout materials include a wide range of uncommon
materials, which have only been used in practice for special
applications; therefore, they will not be further discussed in
this book.

Typical unconfined compressive strengths of neat cement
in sandy gravel and silicates and acrylates in sands are
1–10 MPa and 0.3–3 MPa, respectively (Woodward, 2005).

Theory of Injection Maag (1938) proposed the early theory
of grout injection into ground. In this theory, the follow-
ing assumptions are made: (1) the ground is uniform and
isotropic, (2) the grout is Newtonian fluid, (3) the grout is
injected from the bottom of the pipe, and (4) the grout to
penetrate to a radius, R, by spherical flow (Figure 8.56).

According to Darcy’s law, the quantity (volume) of grout
injection, Vg is

Vg = kgiAt = 4𝜋r2kgt
−dh
dr

(8.49)

where kg = permeability of grout in soil
i = hydraulic gradient of grout

A = spherical area at a distance, r, from the
injection source

t = time
h = hydraulic head from the grout point

hmax = maximum hydraulic head including
groundwater and grout pressure heads

−dh =
Vg

4𝜋r2kgt
dr (8.50)

The above differential equation can be solved as follows:

h =
Vg

4𝜋kgt
⋅

1
r
+ C (8.51)

where C = a constant.
The boundary conditions are (1) when r= r0, (radius of the

injection source) h = hmax (maximum hydraulic head) and

(2) when r = R, (radius of the influence from the injection
source) h = hw (height of the water level from the injec-
tion source). Considering the boundary conditions, the above
equation can be solved for the grout hydraulic head differ-
ence, Δhw, as follows:

Δhw = hmax − hw =
Vg

4𝜋kgt

(
1
r0
− 1

R

)
(8.52)

The quantity of the grout in the sphere is

Vg =
4
3
𝜋R3np (8.53)

where np = porosity of soil
The grout hydraulic head difference, Δhw, is

Δhw = hmax − hw =
R3np

3kgt

(
1
r0
− 1

R

)
(8.54)

Since R >> r0, the above equation can be simplified as

Δhw =
R3np

3kgtr0
(8.55)

t =
R3np

3kgΔhwr0
(8.56)

R = 3

√
3kgΔhwr0t

np
(8.57)

If the shape of grout flow is cylindrical, the following
equations can be obtained:

t =
npR3 ln(R∕r0)

2kgΔhw
(8.58)

R = 3

√
2kgΔhwt

np ln(R∕r0)
(8.59)

The permeability of grout in soil depends on the viscosity
of the grout and can be estimated based on the following
relationship:

kg = k
𝜇w

𝜇g
= k

𝛽g
(8.60)

where k= permeability of soil;
𝜇g = viscosity of grout
𝜇w = viscosity of water
𝛽g = grout to water viscosity ratio

Figure 8.57 shows the viscosity values of different grouts
used in practice. Water has a viscosity of 1 cP at 20∘C.

The permeability values of grouts with different diameters
of mix grains are shown in Figure 8.58.
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Table 8.9 Characteristics of Grout Materials
Description Viscosity (cP) (water : binder ratio) Toxicity Strength Relative Cost

Particulate grout
Type I cement High (50 cPs) (2:1) Low High Low
Type III cement Medium (15 cPs) (2:1) Low High Low
Ultra-fine cement Low (8 cPs) (2:1) Low High Medium

Colloidal solution
Silicates Low (>6 cPs) Low Medium Low
Solution grout

Lignosulfites Medium (>8 cPs) High Low Medium
Polyurethane High (>400 cPs) High High High
Acrylamides Low (1.2 cPs) High Low Medium
Acrylates Low (1.5 cPs) Low Low Medium

Source: Modified from Elias et al. (2006).

Figure 8.57 Viscosities of various grouts. Heavy lies indicate the
concentrations normally used for field work (Karol, 1983, with
permission from Taylor & Francis).

Compaction Grouting Compaction grouting injects stiff
and low mobility grout to apply pressure on the surround-
ing soil and displace soil particles. A grout bulb is formed
around the grouting source. If the grout bulb is simplified as
a sphere, the pressure within the bulb is equal in all directions
but decreases in the soil rapidly from the edge the spherical
bulb to zero at a certain distance as shown in Figure 8.59.

Al-Alusi (1997) illustrated the soil unit weight increase by
compaction grouting below.

Under the applied pressure, the soil within the influence
range deforms and accumulates a volumetric strain, 𝜀v
(Figure 8.60). The volumetric strain can be calculated based
on the volume of grout, Vg, and the initial soil volume within
the influence range, Vi, as follows:

𝜀v =
Vg

Vi
(8.61)

Assume the soil bulk modulus is Ksb, which can be ex-
pressed as

Ksb =
pg

𝜀v
(8.62)

where pg is grout pressure.

Hence
Vg

Vi
=

pg

Ksb
(8.63)

The increase of the soil unit weight can be expressed as

Δ𝛾 =
Ws

Vi − Vg
− 𝛾 = 𝛾

1 − Vg∕Vi
− 𝛾 = 𝛾

1 − pg∕Ksb
− 𝛾

(8.64)

where Ws is the weight of the soil mass within the influence
range and 𝛾 = initial unit weight of the soil.

The percent of unit weight increase can be expressed as
follows:

Δ𝛾
𝛾

= 1
1 − pg∕Ksb

− 1 =
pg∕Ksb

1 − pg∕Ksb
≈

pg

Ksb
(8.65)

The approximation in the above equation is made because
pg∕Ksb << 1. The above equation shows that the increase
of the unit weight of the soil is proportional to the grout
pressure but reciprocal to the bulk modulus of the soil.
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Figure 8.58 Permeability limits of grouts (De Paoli et al., 1992).

Figure 8.59 Stress state during compaction grouting (modified
from Al-Alusi, 1997).

Figure 8.60 Strain state during compaction grouting (after
Al-Alusi, 1997).

Hydrofracturing in Soil Soga et al. (2001) presents a
conceptual model of hydrofracturing grouting in clay.
At the initial stage of injection, the pressured grout dis-
places the soil around the grouting source to form a bulb
[Figure 8.61(a)] as the compaction grouting. With an
increase of the grout pressure, weak planes are formed
and start fracturing [Figure 8.61(b)]. As a result, the grout
pressure suddenly drops and the grout enters the weak planes
to develop grout-filled fractures [Figure 8.61(c)]. Depending
on applications, it is ideal for compensation grouting that
the injection is so rapid that soil deformation occurs under
an undrained condition. As a result, the volume of ground
heave is equal to that of the injected grout. In other words,
it has 100% efficiency for compensation. However, for a
ground improvement application, it is beneficial if the soil
around the fractures consolidates or the grout migrates into
the voids around the fractures [Figure 8.61(d)]. In addition
to soil consolidation and/or grout migration, the pressured
grout may cause soil movement in an undesired direction
and/or location and escape through extended fractures.
Therefore, the compensation efficiency decreases with time.

Hydrofracturing can also happen in sandy soil if the grout
is stiff and has low mobility. The formation of the fracture in
sandy soil can be modeled using the Mohr circles as shown
in Figure 8.62 and is discussed below.

Prior to grouting, the soil is at the at-rest state as the
right Mohr circle. Considering the pore water pressure in the
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Grout Grout

Grout

Zone of excess pore
pressure due to plastic
deformation
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(b)
(d)
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Figure 8.61 Conceptual modeling of hydrofracturing grouting in clay: (a) initial stage of grout
injection, (b) initiation of fracture, (c) penetration of grout into fracture, low viscosity grout,
(d) penetration of grout into fracture, high viscosity grout (Soga et al, 2001, with permission from
ICE Publishing).

Figure 8.62 Failure mechanism of hydrofracturing of soil
(modified from Herndon and Lenahan, 1976).

ground, the soil is at the state as the middle dashed Mohr
circle. Due to the grouting pressure, pg, the major and mi-
nor principal stresses in the soil are both reduced by pg (𝜎′1
and 𝜎

′
3 are the principal stresses in the vertical and circum-

ferential directions, respectively). As a result, the Mohr circle
moves toward the left. With an increase of pg, the Mohr cir-
cle touches the Mohr–Coulomb failure envelope as expressed
below:

𝜎
′
1 + 𝜎

′
3

2
sin𝜙′ =

𝜎
′
1 − 𝜎

′
3

2
− c′ cos𝜙′ (8.66)

The grout pressure to fracture the soil can be solved as
follows:

pg =
(𝛾ghgp − u)(1 + K)

2
−
(𝛾ghgp − u)(1 − K)

2 sin𝜙′
+ c′

tan𝜙′
(8.67)

where pg = grout pressure
𝛾g = unit weight of the grout
hgp = height of the grout in the pipe to the

location of the grout injected
u= pore water pressure
K= principal stress ratio (commonly

assumed to be the lateral earth
pressure coefficient at rest, i.e., Ko)

Mechanisms of Jet Flow The mechanisms of jet flow dur-
ing jet grouting are illustrated in Figure 8.63. Figure 8.63(a)
shows the jet moves in air from the nozzle to a distance, x.
The jet movement consists of three zones: initial flow (zone
A), turbulent flow (zone B), and discontinuous flow (zone C).
Right after the jet leaves the nozzle, it enters the initial lami-
nar flow zone, which has uniform flow and uniform pressure.
The uniform portion becomes smaller with the jet’s further
travel and ends at the distance, xc. Within the initial flow
zone, there are two subzones: zone D and zone E. The jet in
zone D has uniform velocity and uniform pressure. Zone E
is a transition zone from the initial flow to the turbulent flow.
The energy loss within zone A is minor so that the jet pres-
sure almost remains the same as shown in Figure 8.63(b). The
length of zone A is an important parameter for jet grouting,
which contributes to the erodibility of the soil. Starting from
xc, the jet has nonuniform velocity and nonuniform pressure;
therefore, it enters the turbulent flow zone. The energy loss in
the turbulent flow zone increases rapidly with the jet’s travel
distance. As a result, the jet velocity and pressure decrease
significantly. At the end of the turbulent flow zone, the jet
starts to turn into steam, which is a discontinuous flow and
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Figure 8.63 Degradation of grout pressure in water and air (modified from Rajaratnam,
1976).

has very low energy. Therefore, the effective jet travel dis-
tance is the total length of zone A and zone B. This distance
dominates the range of the grout mixed with the soil. The
larger effective jet travel distance results in a larger diameter
jet-grouted column.

When the jet travels in air and the travel distance is beyond
xc, the jet pressure decreases with the distance as follows:

pm

p0
=

xc

x
(8.68)

where p0 = pressure of the jet emitted from the nozzle
pm = pressure of the jet at a distance, x, from

the nozzle

When the jet travels in water and the travel distance is
beyond xc, the jet pressure decreases with the distance as
follows:

pm

p0
=
(xc

x

)2
(8.69)

The preceding equations show that the jet pressure de-
creases much faster in water than in air.

Experimental data shows that the distance of the initial flow
zone depends on the size of the nozzle and the medium in
which the jet travels (Ye et al., 1994), that is,

xc = (75–100)d0 in air (8.70)

xc = (6–6.5)d0 in water (8.71)

where d0 is the diameter of the nozzle.

Miki and Nakanishi (1984) demonstrated in experimental
tests that water jet traveling in air has the longest travel
distance with the least pressure reduction, followed by the
water jet enveloped by air jet traveling in water, and then the
water jet traveling in water.

Formation of Jet-Grouted Columns The erosion of soil by
jet grouting mainly relies on the impact force produced by

grout jet. The force of the jet in air can be expressed as

P = 𝜌gQgv (8.72)

where 𝜌g = density of the grout
v= average velocity of the jet

Qg = rate of grout flow, which can be expressed as
Qg = vA0 (A0 = cross sectional area of the
nozzle)

The force of the jet can be written as

P = 𝜌gA0v
2 (8.73)

The preceding equation indicates that the momentum of
the jet is largely dependent on the velocity of the jet and also
depends on the size of the nozzle. To increase the velocity of
the jet, the grout pressure must be increased. To effectively
erode the soil, the grout pressure of the jet should be at least
20 MPa. Coomber (1985) suggested that at least 40 MPa jet
pressure is needed to erode cohesive soils.

During jet grouting, the jet at high pressure erodes the soil
up to the effective travel distance. In the single jet system, the
grout erodes the soil. In the double jet system, the grout with
the compressed air erodes the soil. In the triple jet system,
the water with the compressed air erodes the soil and the
grout fills in the space left by the eroded soil. Since the water
with compressed air can travel farther than the grout with air,
which can travel farther than the grout, the triple jet system
produces the largest column diameter, followed by the double
jet system and then the single jet system. The eroded soil
is mixed with the grout. Due to the pressure change, fine
particles tend to migrate to the center and coarse particles
stay at a distance from the center. At the end of the jet
effective travel distance, the impact force is not high enough
to erode the soil; however, it applies pressure to compress
the soil. In the soil with high permeability, such as sand,
the grout may permeate into the soil to a certain distance.
Figure 8.64 shows the structure of the jet-grouted column
in sand and clay. The column in the clay does not have the
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Figure 8.64 Structure of jet routed column: (a) sand and (b) clay
(after Ye et al., 1994).

permeated zone. The core of the column is typically softer
than the mixed zone due to the existence of fine particles.
In the clay, there is no permeated zone because of its low
permeability.

The process for the hardening of the grouted column is
similar to that of the deep mixed column as discussed earlier;
therefore, it will not be repeated here.

8.3.3 Design Considerations

Permeation Grouting

Groutability To ensure the groutability of grout into soil
or rock, the following two parameters were proposed by
Mitchell and Katti (1981) based on Terzaghi’s filter criteria:

Ngs =
(D15)soil

(D85)grout
(for soil) (8.74)

Ngr =
tf

(D95)grout
(for rock) (8.75)

where Ngs = groutability of soil
Ngr = groutability of rock

(D15)soil = soil particle size corresponding to 15%
passing

(D85)grout = grout particle size corresponding to
85% passing

tf = width of fissure in rock

Cement grout is groutable in soil when Ngs > 11 but con-
sistently groutable when Ngs > 24. When a clay–cement
grout is used in soil, it is groutable when Ngs > 5. In rock,
cement grout is groutable when Ngr > 2 but consistently
groutable when Ngr > 5. Typical applications of grouts in
granular soils are shown in Figure 8.65.

Required Hydraulic Head Considering a Newtonian fluid
in a uniform isotropic soil, the required grout hydraulic head
difference for grout to penetrate to a radius, R, by spherical

flow can be estimated by the following formula (Raffle and
Greenwood, 1961):

Δhw =
Qg

4𝜋k

[
𝛽g

(
1
r0
+ 1

R

)
+ 1

R

]
(8.76)

where k= permeability of soil
𝛽g = grout to water viscosity ratio
r0 = radius of spherical injection source
R= radius of penetration in the ground

Qg = rate of grout injection

For a cylindrical injection source, r0 in the above equation
can be estimated as 0.5

√
Ld, where L and d are the length

and diameter of the injection source
The required grout pressure can be calculated as follows:

pg = 𝛾w(hw + Δhw) − 𝛾ghgp (8.77)

where 𝛾g = unit weight of grout
𝛾w = unit weight of water
hgp = height of the grout to the injection

point
hw = height of the groundwater table to the

injection point

Time to Penetration The time for a Newtonian fluid to
penetrate to a radius, R, by spherical flow is (Raffle and
Greenwood, 1961):

t =
npr2

kΔhw

[
𝛽g

3

(
R3

r3
0

− 1

)
−

𝛽g − 1

2

(
R2

r2
0

− 1

)]
(8.78)

where np = porosity of the soil.

It is recommended that permeation grouting be used in
gravel or sandy soils with less than 15% silts and clays.
Otherwise, it may take too long to inject grout at permissible
pressure.

Effect of Bingham Fluid A minimum hydraulic gradient
is needed to overcome the yield strength if a Bingham fluid
is used (Raffle and Greenwood, 1961):

imin =
4𝜏s

d𝛾g
(8.79)

where 𝜏s = yield strength of the Bingham fluid
d= effective diameter of the pore in the soil
𝛾g = unit weight of the grout

The yield strengths of typical chemical grout (Newtonian
fluid), 5% bentonite suspension (Bingham fluid), and 0.67
water/cement ratio grout are 0, 2.3, and 4.0 N/m2.
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Figure 8.65 Typical applications of grouts in granular soils (AFTES, 1991).

The effective diameter of pore in the soil can be estimated
based on the Kozeny equation:

d = 2

√
8𝜇wk

𝛾wnp
(8.80)

where d = pore diameter (mm)
𝜇w = water viscosity (cP)
k = soil permeability (m/s)

𝛾w = unit weight of water (kN∕m3)
np = porosity of the soil

Table 8.10 shows approximate hydraulic gradients to main-
tain the flow of a Bingham fluid in soil at different permeabil-
ity.

Allowable Grout Pressure When the grout is a Bingham
fluid, it requires much higher grout pressure. The injection
pressure should be limited to avoid ground heave. The allow-
able injection pressure can be estimated as follows (Chinese
Ground Improvement Manual Committee, 1988):

pga = 100(𝛼pp + Cgs𝛽gm𝜆scz) (8.81)

where pga = allowable grout pressure (kPa)
𝛼p = surcharge factor (typically 1–3)
p = surface surcharge (kPa)

Cgs = grouting sequence factor (1.0 for the primary
grouting, 1.25 for the secondary grouting,
and 1.5 for the tertiary grouting)

𝛽gm = grouting method factor (0.8 for downstage
and 0.6 for upstage) 𝜆sc = soil
characteristic factor, ranging from 0.5–1.5
(a lower value for loose and permeable
soil but a higher value for dense and low
permeable soil)

z = depth of the injection point from the ground
surface (m)

The estimated allowable grout pressure should be verified
in the field by performing a grout trial test. The allowable
grout pressure can be determined from the test result as
shown in Figure 8.66. When the grout pressure is higher than
the allowable pressure, the grout volume rapidly increases
due to ground heave.
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Table 8.10 Hydraulic Gradient to Maintain Flow of
Bingham Fluid

Soil
Permeability (m/s)

Yield
Strength (Pa)

Hydraulic
Gradient

10−2 1
10
100
1000

1.2
12
120
1200

10−3 1
10
100
1000

4
40
400
—

10−4 1
10
100
1000

12
120
1200
—

10−5 1
10
100
1000

4
40
400
—

Source: Lttlejohn (1985).

Figure 8.66 Grout pressure vs. grout volume.

The limited penetration radius can be estimated as follows
(Xanthakos et al., 1994):

RL =
𝛾ghLd

4𝜏s
+ r0 (8.82)

where 𝜏s = yield strength of the Bingham fluid
d= effective diameter of the pore in the soil
𝛾g = unit weight of the grout; and

hL is the limited grout head at the injection point, which
can be estimated as follows:

hL =
pga + hg𝛾g − hw𝛾w

𝛾g
(8.83)

Penetration Radius AFTES (1991) suggested the follow-
ing formula to estimate the penetration radius, R:

R =

√
Vg

np𝜋Lg
(8.84)

where Vg = injected grout volume per pass
np = soil porosity
Lg = thickness of injected section or pass length

Ye et al. (1994) pointed out that the actual injected grout
volume per pass may be less than that calculated using the
above equation because (1) grout may not fill all the voids
and (2) the water in the soil has occupied some of the voids.
Therefore, the following formula may be used to estimate the
injected grout volume:

Vg = Cvc𝜋npR2Lg (8.85)

where Cvc is the volume correction factor, which is provided
in Table 8.11.

Research shows that the actual penetration radius of a grout
depends on the following factors (Xanthakos et al., 1994):

• Geotechnical conditions (such as soil permeability or
degree of fissuring in rock)

• Injection pressure
• Injected volume
• Characteristics of grout (viscosity and setting time)
• Desired efficiency

Grout Hole Pattern and Spacing The grout hole pattern
and spacing for permeation grouting should be designed
based on the grout penetration radius and the complete cover-
age of the grouted area within the improved depth. Depend-
ing on applications, grout holes may be arranged in one row
or multiple rows.

For one row of grout holes as shown in Figure 8.67, the
effective thickness of the grouted area can be calculated as
follows (Ye et al., 1994):

b = 2

√
R2 −

[
(2 − R) + R − (s − R)

2

]2

= 2

√
R2 − s2

4
(8.86)

Table 8.11 Grout Volume Correction Factor

Soil Type Correction Factor, Cvc

Clay, silt, and fine sand 0.3–0.5
Medium to coarse sand 0.5–0.7
Gravel 0.7–1.0
Collapsible loess 0.5–0.8

Source: Ye et al. (1994).
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Figure 8.67 Layout of one row of grout holes.

If the required effective thickness is b, the spacing of grout
holes can be calculated as follows (Ye et al., 1994):

s = 2

√
R2 − b2

4
(8.87)

For two rows of grout holes, two patterns as shown in
Figure 8.68 may be used. The triangular pattern includes all
the primary holes while the square pattern requires the pri-
mary holes and the secondary holes to cover all the improved

Rational triangular
pattern

Evolutive square
pattern

Primary hole

Secondary hole or check hole

1.8 R

2 R

2 
R

1.
5 

R

R

R

Figure 8.68 Layout of two rows of grout holes (AFTES, 1991).

Table 8.12 Typical Grout Hole Spacing

Medium to
Be Grouted Description

Grout Hole
Spacing (m)

Soil, depth < 25 m Fine sand
Sand, sand and
gravel
Gravel
Sand and gravel
(kh > kv)

0.8–1.3
1.0–2.0

2–4
Watertight
ground 3–5

Rock, depth < 25 m Fine cracks
Open cracks

1–3
2–4

Structure Backing behind
the vault

2–3

Cavity Filling of large
void

3–15

Source: AFTES (1991).

area. For the triangular pattern, the horizontal spacing and
the vertical spacing are 1.8R and 1.5R, respectively. For the
square pattern, the horizontal spacing and the vertical spac-
ing are both 2R and there is a secondary hole in the middle
of every four primary holes. The typical grout hole spacing
is suggested in Table 8.12.

Compaction Grouting The basic principles of compaction
grouting are (1) to improve bearing capacity and density
of soil by injecting stiff mortar to form a bulb around the
injection pipe and (2) to displace and compact weak soil by
the formation of the bulb. In addition, the mortar should be a
coherent mass not to enter pores or fractures. The mechanism
of compaction grouting is similar to that of vibro-compaction
with backfill because both methods achieve the densification
of the soils by displacing soils with foreign materials.

Grout Hole Spacing The spacing of the grout holes can be
determined based on the required density or void ratio for
applications, such as liquefaction mitigation or increase of
bearing capacity after compaction grouting. The following
formula may be used to estimate the grout hole spacing:

s =

√
𝜋(1 + e0)d2

c Lc

4(e0 − e1)Lc + 4(1 + e0)S
(8.88)

where e0 = initial void ratio of soil
e1 = void ratio of soil after compaction grouting
dc = average diameter of bulb
Lc = length of grouted column
S= total surface heave

Alternatively, Lc can be the thickness of injected section or
pass length and S is the surface heave per pass.
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The grout hole spacing used in practice ranges from
0.9 to 4.5 m, but mostly from 1.5 to 2 m. Tight spacing
with low grout pressure is used near the ground surface
with low overburden stress, while large spacing with high
grout pressure is used when there is sufficient overburden
stress (e.g., 4.5 m spacing at an overburden stress of 9 m
thick soil).

Compaction grouting is done in stages. The vertical inter-
val of injections is typically 0.3–0.9 m.

The replacement ratio of the compaction grout volume to
the treated volume typically ranges from 5 to 15%. Another
general rule is that the spacing of grout holes is three to five
times the diameter of the grouted bulb.

Overburden Stress To ensure the densification of soils
during compaction grout, it is important to maintain suffi-
cient overburden stress. It is a typical requirement that an
overburden stress of 70 kPa is needed to achieve the maxi-
mum densification of the soils. Limited densification can be
achieved with lower overburden stress. The overburden stress
can come from overburden soils, surcharge loads, and/or
foundation loads.

Injection Pressure The pressure at the point of injection
usually ranges from 700 to 3000 kPa. The refusal pressure
on most granular soil projects ranges from 3000 to 4000 kPa.
It is common that the refusal pressure cannot be reached
due to the surface heave. For most compaction grouting
projects, ground heave is not desired. Ground heave is an
indication that the grout pressure has exceeded the confin-
ing stress and fracturing occurs. Typically, the total ground

heave is limited to be less than 13 mm except for releveling
projects.

Injection Rate The injection rate of compaction grouting
depends on the permeability of the soil. For a low perme-
able soil with a low overburden stress, a slow injection rate
(0.01 to 0.02 m3/min) should be used. For a free-draining
soil with an intermediate overburden stress, a medium in-
jection rate (0.02 –0.10 m3/min) may be used. For a loose
soil under a high overburden stress, a fast injection rate (0.10
–0.35 m3/min) may be used.

Grout Material The main purpose of compaction grouting
is to densify the surrounding soil. Therefore, it is not neces-
sary for the grout material to have a high strength. Sand or
sandy soil has been commonly used as the main component
of the grout material with Type I or II Portland cement. The
grout material typically has a slump at 25–75 mm.

Hydrofracture Grouting The primary objective of hy-
drofracture grouting is to apply high pressure in the ground
to induce an interwoven network of grout-filled fractures,
which provide reinforcement to the soils. Hydrofracture
grouting may have some densification effect on the soils
through the soil consolidation. Cementitious suspension
grouts are most commonly used. Chemical grouts are
sometimes used in fine-grained soils. Two different concepts
of hydrofracture grouting are illustrated in Figure 8.69.
When a stable cementitious grout is used, it fractures the
soils under a high grout pressure and compact the soils
above, below, and between thick grout lenses. The grouting

Hydrofracture
by bentonite—
cement grout

TAM

TAM

Grouting limited by uplift Grouting limited by volume

Thick lenses
compact weak
soil prior to uplift

Improved permeation zones
due to larger surface area
in contact with grout

sleeve

Uplift

TAM

Hydrofracture by
chemical grout

Figure 8.69 Concepts for hydrofracture grouting (Woodward, 2005, with permission
from Taylor & Francis).
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for this method is often limited by the surface heave. When
chemical grout is used, it fractures the soils under a high
grout pressure and permeates into the surrounding soils due
to larger surface area in contact with grout. The grouting for
this method is limited by grout volume. To induce fractures
in the soils, the grout pressure should be higher than the
allowable grout pressure discussed earlier. Sleeve ports,
such as the Tube-a-Manchette (TAM), are commonly used
to control the directions of grout flow. However, Warner
(2004) pointed out that “Unfortunately, it is virtually im-
possible to control the direction, interconnection, or extent
of fractures.” Therefore, caution should be exercised during
the hydrofracture operation.

Hydrofracture grouting is also used to compensate ground
loss during construction activities, such as tunneling and
excavation. This application is considered as compensation
grouting.

Compensation Grouting Compensation grouting is de-
signed to protect existing structures from potential damage
as a result of ground movement or ground loss from adjacent
or underground excavation. It is a general concept that a
sufficient volume of grout is injected to the ground around
or below existing structures to ensure the structures remain
at their existing levels while excavation takes place below or
nearby. Compensation grouting is typically conducted prior
to as well as during the excavation to compensate for the
change in stresses and ground loss before they influence the
structure. Controlled hydrofracture grouting, compaction
grouting, and a combination of one of these methods
with permeation grouting have been used in practice. The
prediction of ground movement or loss, which is beyond
the scope of this book, is useful for planning and laying
out grout holes. The operation of compensation grouting is
always controlled by observation methods, which include
instrumentation and monitoring.

Jet Grouting Jet grouting involves the erosion of the soil by
cement grout, jets of water, and/or compressed air, and the
mixture of the grout with the soil to form grouted columns
or walls. The grout pipe with jets may be self-drilled or
inserted into a predrilled hole. The jetting fluids are pumped
at high pressure while the pipe is withdrawn with rotation for
columns or without rotation for walls.

Selection of Jet System The single jet system injects neat
cement grout through a small nozzle at high pressure, which
is mixed with in situ soil. This method produces the most
homogeneous soil–cement columns or walls with the highest
strength and the least amount of grout spoil return. It is
the simplest system among the three systems and has more
choices of qualified specialty contractors.

Table 8.13 Technical and Economic Assessments

Soil Type Technical Capability Economic Preference

Gravel Single, double, triple Single
Clean sand Single, double, triple Double
Silty sand Single, double, triple Triple, double
Silt Triple, double Triple, double
Clay Triple Triple

Source: Elias et al. (2006).

The double jet system injects neat cement grout at a lower
pressure, which is aided by a cone of compressed air. The
air reduces the friction loss and allows the grout to travel
a farther distance to produce a greater column diameter.
However, the presence of the air reduces the strength of the
column and produces more spoil return than the single jet.

The triple system injects water at high pressure, which is
aided by a cone of compressed air. This process produces an
air lifting effect, which erodes the soil. The grout is injected
at a lower pressure through a separate nozzle below the water
and air nozzles to fill the void created by the air lifting
process.

Elias et al. (2006) provide a guideline for the selection of
the jet system in terms of technical and economic assess-
ments, as shown in Table 8.13.

Typical Parameters Table 8.14 provides the typical pa-
rameters of jet-grouted columns with different jet systems
for a preliminary design.

Figure 8.70 shows that the diameter of the jet-grouted col-
umn depends on the rate of withdrawal, the density of the
soil, and the pressure of water. Shen et al. (2013) and Flora
et al. (2013) developed theoretical solutions for the predic-
tion of the diameter of jet grouted columns.

Table 8.14 Typical Parameters of Jet-Grouted
Columns with Different Jet Systems

Jet System
and Soil Type

Unconfined
Compressive
Strength (MPa)

Column
Diameter (m)

Single jet
Sands and gravels
Clays

7–20
1.7–7

0.6–0.9
0.6–0.9

Double jet
Sands and gravels
Clays

3.5–14
1–7

0.9–1.8
0.9–1.5

Triple jet
Sands and gravels
Clays

3.5–10
1–5

1.5–2.5
0.9–1.8
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Figure 8.70 Effect of rate of withdrawal on column diameter
(Woodward, 2005, with permission from Taylor & Francis).

Design for Foundation Support The design of jet-grouted
columns is the same as that for deep mixed columns.

Design for Excavation Support The design of jet-grouted
columns or walls for excavation support is the same as that
for deep mixed columns.

8.3.4 Design Parameters and Procedure

The design parameters for permeation grouting include:

• Soil type, density, and D15, or rock type, width of fissure
• Depth to be improved
• Groundwater table
• Type and properties of grout including grout D85 for soil

or D95 for rock, grout unit weight, and grout viscosity
• Grout penetration radius and injection rate
• Grout pipe head height
• Yield strength if Bingham fluid is used
• Grout operation procedure (downstage or upstage)

The design procedure for permeation grouting includes:

1. Select grout material.
2. Check groutability.
3. Evaluate grout penetration radius and grout properties.
4. Calculate required grout head.
5. Determine required grout pressure.
6. Effect of Bingham fluid.
7. Verify against allowable grout pressure.

The design parameters and procedure for compaction
grouting are similar to those for vibro-compaction.

No step-by-step design procedure is available for hy-
drofracture grouting and compensation grouting. Field

trial or observational method should be used for these two
methods.

The design parameters and procedure for jet grouting are
similar to those for deep mixing.

8.3.5 Design Example

Problem

A site consists of a loose medium sand (D15 = 0.1 mm),
which is located at a depth from 4.3 to 5.3 m. The
groundwater is at the depth of 2 m. The permeability of
this sand is 0.001 m/s. This loose sand has liquefaction
potential; therefore, it should be improved. Permeation
grouting is selected for this improvement. Design the
permeation grouting.

Solution

1. Selection of grout material: Considering the soil to
be grouted is a medium sand, chemical grout is suit-
able. Based on the toxicity and cost information,
silicate solution is selected.

2. Groutability: The diluted silicate gel has a diameter
ranging from 1.2 to 2 μm. Use (D85)grout = 2μm for
the calculation as follows:

Ngs =
(D15)soil

(D85)grout
= 0.1

0.002
= 50 > 24

(consistently groutable)

3. Grout penetration radius and grout properties: Con-
sidering 1-m-thick loose sand, assume the radius of
grout penetration, R = 0.3 m. The radius of the in-
jection source, r0 = 0.015 m. The rate of grout in-
jection, Qg = 1 m3∕h. The unit weight of the grout
is 11 kN∕m3. The viscosity of silicate solution, μg =
6 cP. The grout to water viscosity ratio is

𝛽g =
𝜇g

𝜇w
= 6

1
= 6

4. Required grout hydraulic head: The required grout
hydraulic head using the Raffle and Greenwood for-
mula is

Δhw =
Qg

4𝜋k

[
𝛽g

(
1
r0
+ 1

R

)
+ 1

R

]
=

1∕(60 × 60)
4 × 3.14 × 0.001

×
[
6 ×

( 1
0.015

+ 1
0.3

)
+ 1

0.3

]
= 9.4 m

5. Required grout pressure: Assume the head of the
grout pipe is 1 m above the ground. The injection
point is at a depth of 5.0 m; therefore, hgp = 5.0 +
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1.0 = 6.0 m. The height of the groundwater to the
injection point is hw = 3 m. The required grout pres-
sure can be estimated by the following formula:

pg = 𝛾w(hw + Δhw) − 𝛾ghgp

= 9.81 × (3 + 9.4) − 11 × 6 = 55.6 kPa

6. Effect of Bingham fluid: Since the silicate solution
is a Newtonian fluid, there is no yield strength. The
effect of Bingham fluid does not exist.

7. Allowable grout pressure: It is necessary to check
whether the required grout pressure exceeds the al-
lowable grout pressure. Assume downstage grouting
with primary holes. There is no surcharge on the site.
The allowable grout pressure is

pga = 100(𝛼pp + Cgs𝛽gm𝜆scz)

= 100 × (2 × 0 + 1 × 0.8 × 0.5 × 5.0)

= 200 kPa > pg (OK)

8.3.6 Construction

Permeation Grouting The following procedure may be
adopted for permeation grouting:

• Prepare grout in a batch before grouting or form grout
by supplying grout components from several tanks dur-
ing grouting.

• Drill a hole in soil to a desired depth.
• To form a grouted bulb, insert an injection pipe, pump

the grout into the pipe and pressure it out from the
bottom of the pipe.

• To form a grouted wall, place a sleeve port pipe (a steel
or PVC pipe with holes or ports in intervals) first and
then insert an injection pipe with two packers inside the
sleeve port pipe. Pump grout and force it exit from one
port at a time in the desired direction.

• After the preset grout pressure and/or volume is
reached, raise or lower the injection pipe to the next
interval depending on the installation (downstage or
upstage) method until the whole required zone is
grouted.

Compaction Grouting Compaction grouting is always
done in stages, which can start from the top down (down-
stage) or from the bottom up (upstage) as shown in
Figure 8.71. The upstage grouting includes (Brown, 2001):

• Drilling a hole to a desired depth.
• Placing a casing to the bottom of the hole.

Figure 8.71 Compaction grouting procedure (Woodward, 2005,
with permission from Taylor & Francis).

• Injecting the grout until a refusal is reached. The re-
fusal can be the limited ground heave, the preset max-
imum pumping pressure, or the predetermined amount
of grout.

• Raising the casing at a preset interval for each stage.
• Resuming injection of grout until reaching the refusal.
• Repeating the above steps until reaching the top zone.

The downstage grouting includes (Brown 2001):

• Drill a large hole (typically 75 mm in diameter) to the
top of the zone to be densified (at least 1.2 m below the
ground surface).

• Insert a casing (typically 50 mm in inner diameter) into
the hole and fill the annular space outside the casing
with rapid setting grout.

• Drill through the casing and deepen the hole in order
of approximately 1–2 m as the stage length for the first
stage.

• Inject grout until reaching the refusal pressure.
• After the previously injected grout is set, repeat the

above steps until reaching the bottom of the zone to be
injected.

To achieve better densification of soils, grouting is pre-
ferred to start from the perimeter to the center of an area to
be improved.

Hydrofracture Grouting and Compensation Grouting
The general construction procedure for hydrofracture
grouting and compensation grouting are similar to those
for the compaction grouting. However, it is important
for hydrofracture grouting to carefully monitor ground
movement and control the grout pressure. Compensation
grouting should be strictly operated based on the timely
monitoring of the ground movement and the displacements
of existing structures to prevent any possible damages.
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Figure 8.72 Jet grouting procedure: (a) positioning, (b) drilling, (c) jet grouting
while withdrawing, and (d) complete.

Jet Grouting The procedure for jet grouting operation typ-
ically includes the following steps (Figure 8.72):

1. Position the drilling machine at a desired location for
injection.

2. Drill into the ground to the desired depth. The tolerance
of the drilling location should be less than 50 mm.

3. Insert the jet grouting pipe to the predrilled grout hole.
Some machine installs the jet grouting pipe directly with
an auger at the tip.

4. Once the pipe reaches the desired depth, start the jet
grouting process by withdrawing the pipe and injecting
grout until reaching a desired elevation. The operation
should follow the specifications for injection pressure,
injection rate, injection time, pipe withdrawal rate, and
pipe rotation rate.

5. Clean up the injection pipe and other associated tools.
6. Move to the next jet grouting location.

8.3.7 Quality Control and Assurance

The general procedure for quality control and assurance are
similar to that for deep mixing. Quality control for grouting
may include the following steps:

• Evaluate the grouting record including the grout vol-
ume, injection pressure, rate of injection, time of injec-
tion.

• Inspect the integrity and uniformity of the grouted col-
umn or wall.

• Verify the dimensions of the grouted column or wall.
• Evaluate the strength of the grouted column.

Quality assurance includes the following field testing

• Core samples of grouted columns or walls to verify the
strength and stiffness of the stabilized soil

• SPT and CPT
• Single column and composite foundation loading tests
• Cross-hole geophysical testing

PROBLEMS

8.1. How does deep mixing improve weak soils? How
many types of deep mixing exist in practice?

8.2. What are the main differences for the installation of
deep mixed columns by a wet method and the dry
method?

8.3. What are the favorable soils for DM methods?
8.4. What are the typical patterns of deep mixed columns?

Give an example of the favorable application for each
pattern.

8.5. What is pozzolanic reaction and what are its products?
8.6. What is the difference between the composite column

and the combined column technology?
8.7. Cement powder with a weight of 150 kg is mixed with

1.0 m3 moist soil that has a unit weight of 18.1 kN/m3

and a moisture content of 60%. Calculate the binder
contents using three different definitions.

8.8. If the unconfined compressive strength of cement-
stabilized soil with ordinary Portland cement at 7 day
curing time is 1.2 MPa, estimate the unconfined com-
pressive strengths of the same stabilized soil at 28 and
91 days.

8.9. List six main influence factors on the strength of
soil–cement samples.

8.10. Explain why an increase of mix energy can increase
the strength of the cement stabilized soil.
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8.11. What are the main reasons why stabilized soils in the
field often have lower strengths than those prepared in
the laboratory?

8.12. What are typical failure modes of deep mixed columns
under vertical loads and embankment loads?

8.13. Define the mobilization factor of soil strength in
column-reinforced soft foundations. Explain why the
mobilization factor for deep mixed column-reinforced
soft foundations is often less than 1.0.

8.14. Given a soil is stabilized by lime–cement using a dry
method and its undrained shear strength is 40 kPa,
estimate the typical ranges of undrained shear strength
and Young’s modulus of the stabilized soil.

8.15. A natural soil has moisture content w0 = 40% and per-
meability k = 1.0 × 10−7 m/s. The stabilized soil has
moisture content w = 35% and unconfined compres-
sive strength qu = 1.2 MPa, what is the permeability
of the stabilized soil?

8.16. A square rigid footing is to be constructed on soft
clay on land that has an undrained shear strength
of 15 kPa and is improved by deep mixed columns
with an area replacement ratio of 30%. The diam-
eter and length of deep mixed columns are 1 and
10 m, respectively. They are frictional columns. The
field unconfined compressive strength of the column
is 750 kPa. The average skin resistance between col-
umn and soil is 10 kPa. Calculate the ultimate bearing
capacities of the deep mixed column and the deep
mixed column-reinforced composite foundation.

8.17. A 3 m × 3 m wide rigid footing on a 10-m thick soft
soil subjected to a column load of 1800 kN settles
200 mm. Deep mixed columns with an area replace-
ment ratio of 0.15 and an unconfined compressive
strength of 900 kPa are used to improve the soft soil
(fully penetrated by columns). Poisson’s ratio of soil
is 0.3. Compute the maximum stress concentration ra-
tio and the settlement of the soft foundation improved
by DM columns.

8.18. A concrete raft with a dimension of 12 m × 12 m
× 0.5 m thick is rested on a deep mixed column-
reinforced soft foundation without embedment as
shown in Problem Figure 3.18. The 4 × 4 rows of

columns with a diameter of 1 m and a length of 14 m
are installed in uniform soft clay with spacing of
3 m in a square pattern. The soft clay underlain by a
firm soil layer is 25 m thick and has a saturated unit
weight of 18 kN/m3 and a drained modulus of 5 MPa
and the groundwater table is at 2 m below the sur-
face. The firm soil has a drained elastic modulus of
100 MPa. The columns have an unconfined compres-
sive strength of 1 MPa and a saturated unit weight of
20 kNm3. The Poisson ratios of the soft clay and the
columns are 0.3 and 0.2, respectively. Estimate the
settlement of the raft under a vertical load of 20 MN.

8.19. A deep mixed wall as shown below is used to re-
tain soil during excavation (a square excavation pit
of 20 × 20 × 6 m deep). The deep mixed wall has a
unit weight of 19.5 kN/m3 and the unconfined com-
pressive strength of 1.2 MPa. The effective cohesion
and effective friction angle of the wall is 250 kPa and
30∘, respectively. Other dimensions and parameters
are provided in the following figure. Evaluate the sta-
bility against the internal sliding and overturning and
base heave.

8.20. Five cored samples from deep mixed columns in the
field are taken to the laboratory for unconfined com-
pressive tests. The test results are provided below:

Sample Number 1 2 3 4 5
qu (MPa) 1.1 0.8 1.0 0.9 1.2
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The design unconfined compressive strength is
0.9 MPa. Evaluate whether the field column strength
meets the design requirement.

8.21. What are five common types of grouting methods?
What are favorable conditions for each method?

8.22. Can compaction grouting be used for fine-grained
soils? Why?

8.23. What is the phenomenon of “bleeding” in grouting?
8.24. Describe how a Binghamian body behaves differently

from a Newtonian fluid.
8.25. Compaction grouting with a grout pressure of 20 MPa

injects stiff grout in the ground to densify cohesion-
less soil at 5 m below the ground surface. The soil
bulk modulus at that depth is 200 MPa. What is per-
cent of unit weight increase within the compacted
zone?

8.26. A single pipe of jet grouting has a 3-mm-diameter
nozzle. The grout pressure of the jet emitted from the
nozzle is 30 MPa, calculate the pressures of the jet at
100 mm from the nozzle if the jet travels in air and in
water, respectively.

8.27. A soil has a particle size corresponding to 15% pass-
ing, D15 = 1 mm. Determine the maximum grout par-
ticle size corresponding to 85% passing, D85, if the
soil is consistently groutable for cement grout.

8.28. Given the radius of grout penetration, R = 0.2 m, the
radius of the injection source, r0 = 0.016 m. The rate
of grout injection, Qg = 1.0 m3/h. The unit weight of
the grout is 12 kN/m3. The permeability of the sand
to be improved is 0.001 m/s. The silicate solution is
used for permeation grouting and its viscosity, 𝜇g = 5
cP. Calculate the required grout hydraulic head.

8.29. Given the required grout hydraulic head is 10 m, the
head of the grout pipe is 1.5 m above the ground. The
injection point is at a depth of 4 m. The groundwater is
2 m above the injection point. Calculate the required
grout pressure.

8.30. During downstage grouting with a primary hole, a
surcharge of 100 kPa is applied on the site. Calculate
the allowable grout pressure when the depth of the
injection point is 6 m.

8.31. A Bingham fluid has a yield strength, 𝜏s = 5 Pa. The
soil has permeability, k = 2 × 10−5 m/s and porosity,
np = 35%. The unit weight of the grout is 12 kN/m3.
Calculate the minimum pressure gradient needed to
overcome the yield strength.

8.32. A site consists of a fine sand (D15 = 0.05 mm), which
is located at a depth from 3 to 5 m. The groundwater
table is at the depth of 1 m. The permeability of this
sand is 0.0005 m/s. This fine sand has liquefaction po-
tential; therefore, it should be improved. Permeation
grouting is selected for this improvement. Design the
permeation grouting.

8.33. A site consists of uniform medium sand with 5%
fine content (D50 = 1.4 mm). The thickness of this
sand layer is 12 m from the ground surface. The
minimal and maximum void ratio values are 0.45
and 0.98, respectively. The groundwater table is at
1.5 m from the ground surface. The unit weights of
the sand above and below the groundwater table are
18 kN/m3 and 19 kN/m3, respectively. The SPT N60
value at a depth of 6.0 m is 5. This site is located in
a seismically active area. The potential earthquake
magnitude can be 7.0. The peak ground acceleration
can reach as high as 0.3g. Compaction grouting is
proposed to densify this possible liquefiable soil
(please verify whether the sand is liquefiable first) to
prevent potential liquefaction. Assume the average
diameter of grout bulbs can reach 0.9 m and the heave
of the ground is limited to be less than 25 mm during
the installation. Determine the spacing of compaction
grouting in a square pattern.
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CHAPTER 9

In Situ Ground Reinforcement

9.1 INTRODUCTION

In situ ground reinforcement is a technique to stabilize ex-
isting unstable ground due to the change of geotechnical
conditions by nature and/or human activities. For example,
intensive precipitation may destabilize existing slopes and
induce landslides due to increased soil weight, reduced soil
strength, and water seepage. Scour of a slope toe in a river
may destabilize the river bank. Excavation in the ground for
wall or foundation construction (i.e., a cut situation) induces
unbalanced forces and results in ground movement and even
failure if not properly designed and protected. Underground
tunneling may also induce ground movement and even col-
lapse. Ground anchors, soil nails, micropiles, and slope sta-
bilizing piles have been used as in situ ground reinforcement
techniques to mitigate the preceding problems, as shown in
Figure 9.1.

Ground anchors are also called tiebacks and rely on long
prestressed steel tendons bonded in a stable mass at a greater
depth and distance to provide tensile resistance to the un-
stable mass near the wall or slope surface. The tensile force
induced by the prestressing of the steel tendons provides ad-
ditional normal stresses to a critical slip surface so that the
shear strength along the critical slip surface is increased thus
resulting in a higher factor of safety against sliding. Soil nail-
ing relies on shorter but closely spaced, passive structural
inclusions to stabilize existing unstable ground. The tension
in soil nails are mobilized during the soil movement. There-
fore, soil movement is necessary for soil nails to be effective,
while the tension in the ground anchors is mobilized mostly
by the prestressing and the limited soil movement adds more
tension to the anchors. Another major difference between
ground anchors and soil nails is the bonded length between
the steel tendon and the surrounding soil. Ground anchors
have the bond lengths in the stable mass while soil nails have

the bonded lengths in the stable and unstable masses. Both
ground anchors and soil nails provide tensile resistance to
the unstable ground. Micropiles, especially reticulated mi-
cropiles, rely on the axial and lateral capacities of the piles to
provide bending and/or rotational resistance to the unstable
soil behind the micropile wall due to lateral earth pressure.
The design and construction of micropiles can be found in
Sabatini et al. (2005) and will not be further discussed in
this book. Slope stabilizing piles, depending on their stiff-
ness and shear strength, may serve as shear keys (especially
for granular columns, which were discussed in Chapter 5) or
laterally loaded piles (especially for rigid piles or columns)
to resist slope movement. When rigid piles are used to stabi-
lize slopes, they are often designed as laterally loaded piles
as in a deep foundation solution (e.g., Ito and Matsui, 1975);
therefore, they will not be further discussed in this book.

9.2 GROUND ANCHORS

9.2.1 Introduction

Basic Concept Ground anchors are cement-grouted pre-
stressed tendons installed in in situ soil or rock by trans-
mitting applied tensile loads into ground to stabilize earth
retaining structures or to provide uplift resistance to struc-
tures. Ground anchors are also referred to as “tiebacks” in
practice. Figure 9.2 shows the basic components of a typical
ground anchor, which includes three parts:

• Anchorage set, which consists of an anchor head, a
bearing plate, and a trumpet

• Unbonded prestressing steel tendon
• Bonded steel tendon with grout

The anchorage component is to transmit the prestressing
force from the prestressing steel to the ground surface or the
supported structure. The unbonded steel is prestressed and
can have elastic elongation and transfer the resistance from
the bond length to a structure. A smooth plastic sleeve as a
bond breaker is placed over the steel tendon to separate the
prestressing steel from the surrounding grout. The bonded
steel with grout can provide a tensile load into the ground;
therefore, the bond length should be behind a critical slip
surface. The term “tendon” refers to the prestressing steel
strands or bars. Sheaths are smooth or corrugated pipes or
tubes to protect the prestressing steel in the unbonded length
from corrosion. Centralizers are used to ensure the steel
strands or bars in the center so that there is enough grout
around them. Spacers are used to separate the strands or bars
so that they are properly bonded with grout. Portland cement
is commonly used as a hardening agent for the grout.
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(b)(a)

(c) (d)

Potential slip surface

Figure 9.1 Types of in situ ground reinforcement: (a) ground anchor, (b) soil nailing,
(c) micropiles, and (d) slope stabilizing piles.

Figure 9.2 Components of a ground anchor (modified from Sabatini et al., 1999).
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Figure 9.3 Types of ground anchors (Sabatini et al., 1999).

Most of ground anchors are subjected to tension; how-
ever, some ground anchors are designed to carry compressive
loads. For those anchors, part or a complete length of the steel
tendon is bonded with grout. An end plate or the bonded por-
tion with grout provides the reaction for compressive loads.
Since compression anchors are not that commonly used as
tension anchors, they will not be further discussed in this
chapter.

There are four types of ground anchors commonly used in
practice as shown in Figure 9.3:

• Straight shaft gravity-grouted ground anchors
• Straight shaft pressure-grouted ground anchors
• Postgrouted ground anchors
• Under-reamed anchors

The details of the installation procedure for each type of
ground anchor may be different and are discussed in Sabatini
et al. (1999); however, the general procedure is the same,
which includes the following:

• Drill a hole.
• Insert a steel tendon.
• Grout the hole within the bond length.
• Install the anchorage assembly.
• Prestress the steel tendon.

Suitability Ground anchors are suitable for a variety of
geotechnical conditions. They can be used in situ soils, rocks,

or other geomaterials. Different techniques may be used to
install ground anchors in different geomaterials, mostly re-
lated to drilling and stability of the hole. Ground anchors
may experience excessive creep deformations when they are
installed in organic soil or soils with high plasticity. Cau-
tion should be exercised when ground anchors are used under
such conditions.

Applications Ground anchors have been used permanently
or temporarily in anchored systems. Permanent ground an-
chors are typically designed for a service life of 75–100
years. Temporary anchored systems are mostly used for earth
support before permanent structures are installed. The ser-
vice life of temporary anchored systems depends on project
needs, but commonly ranges from 18 to 36 months.

Ground anchors are commonly used to provide lateral earth
support during excavations, stabilize unstable slopes, and
provide uplift resistance to foundations below a groundwa-
ter table. In addition, ground anchors can provide resistance
to overturning, sliding, and earthquake loadings. Typical
ground anchored systems include:

• Flexible anchored walls [Figure 9.4(a)]
• Ground anchor-stabilized slopes [Figure 9.4(b)]
• Structures by tie-down anchors [Figures 9.4(c) and (d)].

For excavations, ground anchors are mostly used with sol-
dier beams and lagging walls but also used with continuous
walls, such as sheet-pile walls.
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Critical slip surface

Existing dam

Tied-down anchors

Tied-down anchor

Traffic loading

Basement

(a) Retaining Wall (b) Slope Stabilization

(c) Slab Anchorage
under Uplift Force (d) Concrete Dam Stabilization

Figure 9.4 Applications of ground anchors and anchored systems: (a) highway retaining wall,
(b) slope stabilization, (c) uplift slab, and (d) concrete dam stabilization (modified from Sabatini
et al., 1999).

Advantages and Limitations Ground anchored systems
have the following advantages over conventional earth retain-
ing systems, such as gravity walls (Sabatini et al., 1999):

• No obstruction for workspace during excavations
• Tolerable to large lateral earth pressure without a sig-

nificant increase of wall cross sections
• Used as temporary excavation support as well as a per-

manent structure
• No need for select backfill
• No need for deep foundation support
• Fast construction
• Less surface right-of-way issue

However, ground anchors may be limited by objects in
the ground (such as underground tunnels and utility lines)
and the ground right-of-way space. They may not work well
in soft soils due to large and creep deformations. Diffi-
culties may arise in constructing watertight connections at
the anchor-structural slab interface below the groundwater
table.

9.2.2 Principles

Load Transfer The contributions of ground anchors used in
anchored wall systems during excavations are different from
those of ground anchors used to stabilize unstable slopes and
landslides.

When soil is excavated from one side of the wall, it cre-
ates an unbalanced force. The unbalanced force comes from
lateral earth pressure on one side but no pressure on another
side. The unbalanced force tends to induce soil movement.
The soil movement is restrained by the wall facing element,
such as sheet piles or lagging with soldier piles, which are
fixed by prestressed steel tendons. This restraint becomes
effective when the wall facing element is connected to the
prestressed steel tendons by the anchorage assembly of the
ground anchor, which provides tensile resistance to the wall
facing element. At the same time, the unbonded steel ten-
don is subjected to a tensile force. With an increase of the
unsupported wall height, the required tensile force in the pre-
stressed steel tendon increases from T1, T2, to T3 as show in
Figure 9.5, and it extends from the top of the bond length
to the end of the bond length. At the same time, the bond
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Figure 9.5 Load transfer in the anchor under tension.

shear strength between the grout and the surrounding soil
within the bond length is mobilized. The bond shear strength
is first fully mobilized near the top of the bond length and
may decrease to a residual strength due to stress softening.
As a result, more load is transferred to the next portion of the
bond length. This load transfer process can continue toward
the end of the bond length with an increase of the prestress
applied. When the shear strength at the end of the bond length
is full mobilized, the anchor approaches failure and no more
load can be carried by the anchor.

When prestressed ground anchors are used to stabilize un-
stable slopes and landslides, they can provide thrusts to the
potential slip surface and increase the normal stress on the po-
tential slip surface. As a result, the shear strength is increased
and the stability of the slopes is enhanced. Limit equilibrium
methods for slope stability are used for this analysis.

Possible Failure Modes Figure 9.6 shows the possible fail-
ure modes of an anchored wall system, which include in-
ternal, facing, and external failure modes. Internal failures
happen when the anchor ruptures or is pulled out. When
the steel tendon is too weak, it will rupture as shown in
Figure 9.6(a). The pullout of the steel tendon may occur at the
interface between the grout and the surrounding soil or rock
(Figure 9.6[b]) or between the steel tendon and the grout
(Figure 9.6[c]) due to short bond length and/or low bond
strength.

The facing failures may happen: (1) when the wall facing
(such as sheet piles) does not have sufficient bending strength
and/or stiffness (Figure 9.6[d]), (2) the wall facing does not
have sufficient embedment depth so that there is a passive
failure (Figure 9.6[e]), (3) the unanchored wall facing portion
on the top fails (Figure 9.6[f]), and (4) the wall facing has an
axial bearing or penetration failure (Figure 9.6[g]).

The external failures may happen as the anchored mass acts
as a rigid body. The possible external failures include over-
turning (Figure 9.6[h]), sliding (Figure 9.6[i]), and global or
deep-seated rotational failure (Figure 9.6[j]).

Internal Stability of Anchored Wall In a typical anchored
wall, there are active, passive, and stable zones as shown
in Figure 9.7. The active zone is right behind the wall fac-
ing but in front of the stable zone, while the passive zone
is right in front of the embedded wall facing. The active
zone and the stable zone are divided by a critical failure
surface. The unbonded length of the anchor is mostly lo-
cated within the active zone. The entire bond length of the
anchor should be within the stable zone to provide tensile
resistance to the active zone. The passive zone provides toe
resistance to the wall. When there is sufficient toe resistance,
the potential failure surface develops from the base of the
excavation. When the toe resistance is low (i.e., there is a po-
tential passive failure), however, the potential failure surface
extends down to the effective embedment depth (Da, to be
determined based on laterally loaded piles) or the whole em-
bedment depth and toward the bond length. The bond length
should be beyond the potential failure surface due to insuffi-
cient toe resistance. Typically, anchors are inclined from the
horizontal direction below.

Lateral Earth Pressure Terzaghi and Peck (1967) and Peck
(1969) developed the apparent earth pressure diagrams as
shown in Figure 9.8, based on the back-calculation from field
measurements of strut loads in internally braced excavations.
In this development, they assumed the following conditions:

• Large excavation with an excavation depth greater than
6 m

• Large wall movement to fully mobilize soil shear
strength

• Groundwater table below the base of the excavation and
no water pressure considered

• Homogeneous soil under a drained condition for sands
and an undrained condition for clays

• The loading diagrams corresponding to the wall portion
above the base of the excavation

When the walls are constructed in sands, the lateral earth
pressure is uniform and the maximum lateral pressure is
0.65Ka𝛾H, where Ka is the coefficient of lateral active earth
pressure, 𝛾 is the unit weight of soil, and H is the exca-
vation depth. When the walls are constructed in clays, the
lateral earth pressure has a trapezoidal distribution. How-
ever, the distributions in the stiff-hard fissured clays and soft
to medium clays are slightly different. The main difference
exists at the bottom portion of the wall. The stability num-
ber defined below is used to divide the soil type between the
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(a) Tensile failure of
tendon

(b) Pullout failure of
grout/ground bond

(c) Pullout failure of
tendon/grout bond

(d) Failure of wall in bending (e) Failure of wall due to
insufficient passive capacity

(f) Failure by forward rotation
(cantilever before first anchor installed)

(g) Failure due to insufficient
axial capacity

(h) Failure by overturning

(i) Failure by sliding (j) Rotational failure of
ground mass

Figure 9.6 Possible failure modes (Sabatini et al., 1999).
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Anchor
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toe resistance
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Figure 9.7 Internal stability of an anchored wall.

stiff-hard fissured clay and the soft to medium clay:

Nsn =
𝛾H
cu

(9.1)

where cu = undrained shear strength of clay.

When Ssn < 4, the clay is considered a stiff-hard fissured
clay. The maximum lateral pressure in the stiff-hard fissured
clay ranges from 0.2𝛾H to 0.4𝛾H. However, Nsn ≥ 4, the clay
is considered as a soft to medium clay. When the wall is in the
soft to medium clay, the coefficient of lateral earth pressure
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(a) (c)(b)

H1 H1

H2

H4
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H2/2
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p = 1.0K γH
Ka = 1-mbs 4cu

γH

Figure 9.8 Terzaghi and Peck apparent pressure envelopes: (a) sand, (b) stiff-hard
fissured clay, and (c) soft to medium clay (Terzaghi and Peck, 1967).

is equal to

Ka = 1 − mbs
4cu
𝛾H

(9.2)

where mbs is the empirical factor, which depends on the base
stability in the soft clay. Peck (1969) suggested that whenNsn
> 6, mbs = 0.4 and, otherwise, mbs = 1.0.

Each strut load is equal to the tributary area of the apparent
earth pressure as shown in Figure 9.8.

9.2.3 Design Considerations

Typical Design Parameters Figure 9.9 shows the typical
design cross section of an anchored wall system. This design
section is based on the condition that the embedded vertical

facing element has sufficient toe resistance against passive
failure.

Diameter of drill holes for anchors is typically smaller
than 150 mm. When the stability of holes becomes an issue,
hollow-stem augers are used to install anchors with a typical
hole diameter of approximately 300 mm.

The total lengths of most anchors range from 9 to 18 m.
AASHTO (2012) suggests that the unbonded length should
be at least 4.5 m. The bonded length should start beyond the
critical failure surface at a distance of 𝜒 = greater of 1.5 m
or H/5 (H = design height) as shown in Figure 9.9. The
overburden cover above the bond length should be at least
4.5 m.
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Figure 9.9 Typical design cross section of an anchored wall system (modified from
AASHTO, 2012).
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The anchor bond lengths in soils typically range from 4.5 to
12.0 m. Longer bond length than 12 m may not gain much ad-
ditional capacity because of the stress softening in the upper
portion of the bond length with an increased displacement
as shown in Figure 9.5. The anchor bond lengths in rocks
typically range from 3 to 10 m.

Ground anchors are installed with inclination angles of 10∘
to 45∘ but commonly ranging from 15∘ to 30∘ below the
horizontal direction.

AASHTO (2012) suggests that the minimum horizontal
spacing (i.e., direction into the paper in Figure 9.9) between
adjacent anchors should be the larger of 3d (d = diameter of
the bonded zone) and 1.5 m. The vertical spacing of anchors
is typically 1.8 to 3.0 m.

The typical design load of a ground anchor is between 260
and 1160 kN (Sabatini et al., 1999).

Apparent Earth Pressure Diagram Sabatini et al. (1999)
proposed the apparent earth pressure diagrams modified
from Figure 9.8(a) for anchored walls in sands as shown in
Figure 9.10 for one or multiple levels of anchors. Due to
the displacements of the wall, the toe support of the wall,
and the overburden stresses with depth, the earth pressure
distributions behind the walls are trapezoidal. These distri-
butions are simplified based on the measured earth pressures
in the field. Please note that the lateral earth pressure, p, in
Figure 9.10 is different from that in Figure 9.8. However, the
total loads in Figure 9.8(a) and Figure 9.10 are the same, that

is, 0.65KaγH2 where Ka = tan2(45∘-ϕ∕2), ϕ = effective fric-
tional angle of sand.

Figure 9.11 shows the apparent earth pressure profiles for
anchored walls with one or multiple levels of anchors in stiff
to hard clays, modified from Figure 9.8(b).

The apparent earth pressure diagram for anchored walls in
soft to medium clays is the same as that in Figure 9.8(c).
The use of anchored walls in soft to medium clays (Nsn
> 4) depends on the soil condition below the base of the
excavation. When a competent layer exists below the base
of the excavation, a reasonable toe support to the sheet pile
wall can be established so that temporary or permanent walls
can be constructed. However, if no competent layer exists
or a competent layer exists at a greater depth, walls may
develop excessive deformations due to minimum toe support.
Therefore, this condition is not suitable for permanent walls.
The apparent earth pressure diagram shown in Figure 9.8(c)
can be used to estimate the loads of anchors in soft to medium
clays for excavations. Sabatini et al. (1999) indicated that the
mbs factor proposed by Peck (1969) may not be conservative
because the potential bearing failure below the base of the
excavation was not considered in the previous development.
Therefore, Sabatini et al. (1999) suggested (1) when 4 < Nsn
< 5.14, Ka = 0.22 and (2) when Nsn > 5.14, the equation
developed by Henkel (1971) should be used as follows:

Ka = 1 −
4cu
𝛾H

+ 2.83
Da

H

(
1 −

5.14cub

𝛾H

)
(9.3)

Rt Rt

Figure 9.10 Apparent earth pressure diagrams for anchored walls in sands: (a) one level and (b)
multiple levels (Sabatini et al., 1999).
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Rt Rt

Figure 9.11 Apparent earth pressure envelopes for anchored walls in stiff to hard clays: (a) one
level and (b) multiple levels (Sabatini et al., 1999).

where Da = depth of the failure surface below the base of
the excavation

cub = undrained shear strength of the soil below
the base of the excavation

The earth pressure due to large-area uniform surface sur-
charge can be calculated as follows:

Δ𝜎h = Kaps (9.4)

where ps is the vertical surface surcharge. Traffic loading is
typically assumed to be a uniform pressure with a magnitude
of 12 kPa.

Anchor Load The anchor loads can be calculated by a trib-
utary area method or a hinge method as shown in Figure 9.12
for one level of anchors and Figure 9.13 for multiple levels
of anchors. The tributary area method is easier for hand cal-
culations; therefore, it is more commonly used in practice.

Since anchors are installed with spacing horizontally, the
total horizontal anchor load carried by one anchor at a certain
level can be calculated as follows:

Th = Thish (9.5)

where Thi = horizontal anchor load at the ith level per
lineal wall length

sh = the horizontal spacing between anchors.

Considering most anchors are inclined, the total anchor
load is

T =
Th

cos 𝜃in
(9.6)

where 𝜃in is the inclination angle of the anchor below the
horizontal direction.

The vertical component of the total anchor load is

Tv = T sin 𝜃in (9.7)

The total vertical component of the anchor load should
be used to check against the bearing capacity of the facing
element.

Potential Critical Failure Surface The potential critical
failure surface is often assumed to start from the corner of
the excavation base at an inclination angle of 45∘ +𝜙

′/2 from
the horizontal, as shown in Figure 9.9, where 𝜙

′ = effective
friction angle of soil. However, when the embedded wall be-
low the excavation does not have sufficient toe resistance, the
critical potential failure surface can extend to the depth close
or at the base of the wall as shown in Figure 9.7. These failure
planes are often referred to as the Rankine failure planes.

Unbonded Anchor Length Sabatini et al. (1999) suggested
that the unbonded length of ground anchors in rock and
soil should be at least 4.5 m for strand tendons and 3 m
for bar tendons. These minimum values can minimize large
reductions in anchor loads due to potential seating losses
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Anchor Load for Single Anchor

Rt

Tributary area method
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p
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H1

T1
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T1 = load over length H1 + H2/2 T1 calculated from ΣMC = 0

= 

Rt = load over length H2/2

Rt = total earth pressure – T1

=

p
H – H154

23H2 –10HH1

3
2
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Hinge method
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p
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T1

A

Figure 9.12 Calculation of anchor load with a single anchor (modified
from Sabatini et al., 1999).

Anchor Loads for Multiple Anchors

Tributary area method

T1 = load over length H1 + H2/2

= 

T2 = load over length H2/2 + Hn/2

= 

Tn = load over length Hn/2 + Hn+1/2

=

Rt = load over length H2/2

=

H2 ·p+
23

2H1

Hn+1 ·p
16
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HnH2 ·p+
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Hn ·p+
48

23Hn+1

2

Hinge method

T1 calculated from ΣMC = 0

T2u = total earth pressure (ABCGF) – T1

T2L calculated f rom ΣMD = 0

Tnu = total earth pressure (CDIH) – T2L

TnL calculated f rom ΣME = 0

Rt = total earth pressure - T1 – T2 – Tn

T2 = T2u + T2L

Tn = Tnu + TnL
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Figure 9.13 Calculation of anchor loads with multiple anchors (modified from Sabatini
et al., 1999).
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during load transfer to the structure after anchor load testing.
In addition to these minimum requirements, the unbonded
length should be extended at least H/5 (H = the wall height),
or 1.5 m behind the critical potential failure surface.

Anchor Bond Capacity Anchor bond capacity (or anchor
pullout capacity) depends on several factors such as:

• Method of drilling including quality of drill hole clean-
ing and period of time that the drill hole is left open

• Diameter of the drill hole
• Method and pressure used in grouting
• Anchor bond length

For a straight shaft anchor in soil or rock, the anchor bond
capacity can be estimated by the following equation:

Q = 𝜋dDH𝜏aLb (9.8)

where dDH = diameter of anchor drill hole
𝜏a = anchor bond stress
Lb = anchor bond length

Table 9.1 Ultimate Unit Bond Stresses for
Anchors in Cohesive Soils

Anchor/Soil Type
(Grout Pressure)

Soil Stiffness or Unconfined
Compressive Strength (kPa)

Ultimate Unit
Bond Stress, 𝜏a (kPa)

Gravity grouted anchors (<350 kPa)
Silt-clay mixtures Stiff to very stiff, 100–400 30–75
Pressure grouted anchors (350–2800 kPa)
High plasticity clay Stiff, 100–250 30–100

Very stiff, 250–400 75 –180
Medium plasticity clay Stiff, 100–250 100–260

Very stiff, 250–400 145–365
Medium plasticity sandy silt Very stiff, 250–400 290–395

Source: AASHTO (2012).

Table 9.2 Ultimate Unit Bond Stresses for Anchors in Cohesionless Soils

Anchor/Soil Type (Grout Pressure) Soil Compactness or SPT (N1)60 Ultimate Unit Bond Stress, 𝜏a (kPa)

Gravity-grouted anchors (<350 kPa)
Sand or sand-gravel mixtures Medium dense to dense, 11–50 75–145
Pressure-grouted anchors (<350 to 2800 kPa)
Fine to medium sand Medium dense to dense, 11–30 85–395

Medium dense, 11–30 115–700
Medium to coarse sand with gravel Dense to very dense, 30–50 260–1000
Silty sands - 175–425
Sandy gravel Medium dense to dense, 11–40 220–1450

Dense to very dense, 40 to ≥ 50 290–1450
Glacial till Dense, 31–50 315–550

Source: AASHTO (2012).

The ultimate unit bond stresses for anchors in cohesive
soils, cohesionless soils, and rock for a preliminary design
are provided in Tables 9.1, 9.2, and 9.3, respectively.

A factor of safety of 2.0 is typically used to calculate the
allowable load capacity of anchors in soils while a factor of
3.0 is used for anchors in rocks due to possible discontinuities
in the rock mass.

For a final design, preproduction tests may be needed, such
as pullout tests and/or extended creep tests, to confirm or
establish the relationship between anchor length and anchor
load capacity.

Tensile Strength of Steel Tendon To avoid the rupture of
the steel tendon, it should be designed with a sufficient fac-
tor of safety. Sabatini et al. (1999) recommended that the
tendon load should not exceed 60% of the specified mini-
mum tensile strength (SMTS) for final design and 80% of
SMTS for temporary loading conditions (e.g., during load-
ing test). The lock-off load after the loading test should not
exceed 70% of SMTS. The properties of prestressing steel
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Table 9.3 Ultimate Unit Bond Stresses for Anchors in
Rock

Rock Type Ultimate Unit Bond Stress, 𝜏a (kPa)

Granite or basalt 1800–3250
Dolomitic limestone 1450–2200
Soft limestone 1050–1450
Slates and hard shales 850–1450
Sandstones 850–1800
Weathered sandstones 750–850
Soft shales 210–850

Source: AASHTO (2012).

bars and 15-mm-diameter prestressing steel strands are pro-
vided in Tables 9.4 and 9.5.

Tendon and Trumpet Opening Sizes The trumpet opening
size depends on the type and size of the tendon for each an-
chor and the class of corrosion protection. Table 9.6 provides
the suggested minimum trumpet opening size for each cor-
responding tendon size.

Corrosion of steel in soil with the presence of water
is always a concern due to the electrochemical reaction.
There are two classes of protection recommended by the
Post-Tensioning Institute (1996) as shown in Table 9.7.

The Post-Tensioning Institute (1996) requires class I cor-
rosion protection if ground anchors are used for permanent
applications with an unknown or known aggressive condi-
tion or with a nonaggressive condition for critical structures.
Class II corrosion protection is recommended for temporary
applications with an unknown or known aggressive condition
or permanent applications with a nonaggressive condition for
noncritical structures.

Table 9.4 Properties of Prestressing Steel Bars

Steel
Grade (MPa)

Nominal
Diameter (mm)

Ultimate Stress,
fpu (MPa)

Nominal Cross Section
Area, Aps (mm2)

Ultimate Strength,
Aps fpu (kN)

26 1035 548 568
1035 32 1035 806 835

36 1035 1019 1055
45 1035 1716 1779
64 1035 3348 3461

26 1104 548 605
1104 32 1104 806 890

36 1104 1019 1125

Source: ASTM A722-12, Standard Specification for Uncoated High-Strength Steel Bars for Prestressing Concrete. Reprinted with permission
from ASTM International.

Table 9.5 Properties of 15-mm Diameter Grade 1860
Prestressing Steel Strands

Number of 15-mm
Diameter Strands

Cross-Section
Area (mm2)

Ultimate
Strength (kN)

1 140 261
3 420 782
4 560 1043
5 700 1304
7 980 1825
9 1260 2346

12 1680 3128
15 2100 3911
19 2660 4953

Source: ASTM A416-12, Standard Specification for Steel Strand,
Uncoated Seven-Wire for Prestressed Concrete. Reprinted with
permission from ASTM International.

Table 9.6 Suggested Trumpet Opening Size for
Corresponding Tendon Size

Minimum Trumpet Opening Size (mm)

Tendon Type Class II Corrosion Class I Corrosion
and Size Protection Protection

Number of 15-mm
diameter strands

4 102 150
7 115 165
9 127 178
11 140 191
13 153 203
17 165 216
Bar diameter (mm)
16 64 89
32 70 95
36 76 102

Source: Sabatini et al. (1999).
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Table 9.7 Corrosion Protection Requirements

Requirements for Protection

Class Anchorage Assembly Unbonded Length Bond Length

I (Encapsulated tendon) 1. Trumpet
2. Cover if exposed

1. Encapsulate tendons composed of in-
dividual grease-filled extruded strand
sheaths with a common smooth sheath

2. Encapsulate tendons composed of in-
dividual grease-filled strand sheaths
with grout-filled smooth sheath

3. Use smooth bond breaker over grout-
filled bar sheath

1. Grout-filled
encapsulation or

2. Fusion-bonded
epoxy

II (grout protected tendon) 1. Trumpet
2. Cover if exposed

1. Grease- filled sheath, or
2. Heat shrink sleeve

Grout

Source: Post-Tensioning Institute (1996).

Design of Wall Facing Structure In addition to the design
of ground anchors, the wall facing structure, such as sol-
dier beams and lagging, sheet piles, or wales and permanent
facing, should be designed. The design should consider the
bending moment of the structural elements, depth of embed-
ment of the wall facing below the base of the excavation,
axial capacity of the wall facing, and lateral capacity of the
embedded portion of the wall facing. Details on the design
of the wall facing structure can be found in Sabatini et al.
(1999).

Compound and Global Slope Stability A factor of safety
of 1.2–1.3 is typically used for the stability analysis for
slope and landslide stabilization by ground anchors. How-
ever, when anchored walls are used to support critical or
deformation-sensitive structures, they should be designed for

Figure 9.14 Failure surfaces for compound and global stability analysis (after Sabatini et al., 1999).

a higher factor of safety (e.g., 1.5). The slope stability anal-
ysis is typically done by software, which is developed based
on limit equilibrium methods. Planar and/or circular slip sur-
faces may be considered. Basic concepts and common meth-
ods for slope stability analysis based on limit equilibrium
methods are discussed in Chapter 2.

Compound slope failure is referred to as the case with a
slip surface partially outside and within the reinforced zone
by anchors or below/above the toe of the wall facing. Slip
surfaces (1) and (3) shown in Figure 9.14 are those for com-
pound slope failures. For the case with the slip surface (1),
anchor A does not provide any contribution to the slope sta-
bility but part of the bonded length of anchor B providess
the tensile resistance to the slope stability. For the case with
the slip surface (3), neither anchor A nor anchor B pro-
vides any contribution to the slope stability; however, the
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embedment of the wall facing provides passive resistance to
the slope stability. The passive resistance can be estimated
using the methods proposed by Broms (1965) or Wang and
Reese (1993) for laterally loaded piles if solder piles and lag-
ging are used or using the method for an embedded retaining
wall if a continuous wall facing is used.

Global or deep-seated slope failure is referred to as the
failure beyond the reinforced zone by anchors and/or below
the toe of the wall facing, for example, slip surfaces (2) and
(4), in which no anchor or wall facing provides any direct
contribution to the slope stability along these slip surfaces. It
should be pointed out that even though some slip surfaces do
not pass the anchors or the wall facing, they still contribute
to the stability by pushing the slip surfaces back and deeper
into the ground.

Base Stability When an excavation occurs in soft soil, the
analysis for possible bearing capacity failure due to the base
of the excavation should be performed. The same approach
as presented for base stability of the excavation pit with the
deep mixed or jet-grouted walls in Section 8.2.3 of Chapter
8 can be used.

Creep Deformation of Anchor Ground anchors may de-
velop excessive deformations under sustained loading be-
cause of creep of soils. The following soils may have high
creep potentials (Sabatini et al., 1999):

• Organic soils
• Clayey soils with an average liquidity index (LI) greater

than 0.2

• Clayey soils with an average liquid limit (LL) greater
than 50

• Clayey soils with an average plasticity index (PI)
greater than 20

In these soils, conservative anchor design loads and work-
ing bond stress values should be used for permanent anchors.

Wall and Ground Movements Walls and ground move dur-
ing and after excavations. The magnitude of the movement
depends on several factors:

• Soil type
• Excavation depth
• Existence of toe and/or top slope
• Rigidity of facing elements
• Distance from wall facing
• Time of installation and location of the first anchor
• Design and installation methods of ground anchors
• Creep deformation of ground anchors
• Water
• Surface surcharge including traffic loading
• Seismic loading
• Design factor of safety

Anchored walls constructed in sands and stiff clays typi-
cally have an average lateral wall movement of 0.2%H (H
= wall height) and a maximum lateral wall movement of
0.5%H (Sabatini et al., 1999). The typical settlement profiles
behind the wall facing are presented in Figure 9.15. These
profiles are approximated from collected field data. Soft to

Figure 9.15 Settlement profiles behind anchored walls (Sabatini et al., 1999).
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medium clays result in the largest settlement while stiff to
very hard clays have the largest influence distance. When
there are nearby existing structures, it is important to limit
the settlement to a tolerable value.

9.2.4 Design Parameters and Procedure

Design Parameters The design parameters for ground an-
chors may include the following parameters (mainly for an-
chored walls):

• Type of application (temporary or permanent, critical or
noncritical)

• Project requirements (tolerable settlement, factor of
safety against slope failure)

• Construction constraints
• Geometry of project (such as depth of excavation)
• Type of wall facing
• Site subsurface conditions (type and properties of ge-

omaterial, groundwater table, aggressive or nonaggres-
sive for corrosion)

• Loading conditions (surcharge, water pressure or
seismic)

• Number of ground anchor levels
• Method of installation of anchors
• Length and inclination of anchors
• Depth of the upper level of ground anchor
• Bond length

Design Procedure The detailed design procedure for an an-
chored wall is provided by Sabatini et al. (1999) as follows:

1. Establish project requirements including type of
project (temporary and/or permanent), project geom-
etry, external loading (water, surcharge or seismic),
performance criteria, and construction constraints
(right-of-way limitations, nearby structures, and
existing utility lines).

2. Evaluate site subsurface conditions and relevant prop-
erties of in situ geomaterial.

3. Establish design requirements, including factors of
safety and level of corrosion protection.

4. Based on type of geomaterial, select lateral earth pres-
sure distribution behind the wall. Add water pressure
and surcharge for total lateral pressure calculation if
they exist.

5. Calculate horizontal ground anchor loads by adjusting
vertical anchor locations to achieve the optimum wall
bending moment distribution.

6. Determine required anchor inclination based on con-
struction constraints and geotechnical conditions.

7. Calculate a vertical force component and a force along
the anchor from each horizontal anchor load.

8. Evaluate horizontal spacing of anchors based on wall
type and experience. Calculate individual anchor
loads.

9. Select the type of ground anchors.
10. Evaluate the embedment depth and cross section of the

wall by calculating vertical and lateral capacities of the
wall below excavation base

11. Calculate factors of safety for internal and external sta-
bility of the anchored system and check them against
design requirements.

12. Estimate maximum lateral wall movements and ground
surface settlements. Revise design if necessary.

If any of the calculated values in Steps 10, 11, and 12 does
not meet the design requirement, adjust design parameters of
anchors and/or the wall and repeat the above design proce-
dure.

9.2.5 Design Example

An excavation is needed for the construction of a
high-rise building in uniform medium dense sand with
an SPT N value of 20. The groundwater table is at
20 m below the ground surface. The depth of the ex-
cavation is 9 m. The unit weight and friction angle of
the sand are 18 kN/m3 and 34∘, respectively. A tempo-
rary anchored wall as shown in Example Figure 9.1 is
proposed to retain the soil during the excavation. The
horizontal spacing of the anchors at the same elevation
is 2 m. Sheet piles are used as the wall facing and have
a sufficient embedment depth for toe resistance. Deter-
mine the bond and total lengths of the upper and lower
anchors.

Solution

1. The angle for the potential critical failure plane from
the horizontal is

𝜓 = 45∘ + 𝜙

2
= 45∘ + 34∘

2
= 62∘

2. The bond length of the anchors should start from the
location of greater of 1.5 m or H/5 (i.e., 1.8 m) be-
yond the critical failure plane; therefore, 𝜒 = 1.8 m.

The horizontal distance for the upper anchor from
the back of the wall facing to the possible start point
of the bond length, x1, is

x1 =
H − H1

tan𝜓 + tan 𝜃in
+

𝜒

sin(𝜃in + 𝜓)
cos 𝜃in

= 9 − 3
tan 62∘ + tan 15∘

+ 1.8
sin(15∘ + 62∘)

cos 15∘

= 4.6 m
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Considering the minimum overburden depth
zmin = 4.5 m, the horizontal distance for the upper
anchor from the back of the wall facing to the
possible start point of the bond length, x1, is

x′1 =
zmin − H1

tan 𝜃in
= 4.5 − 3

tan 15∘
= 5.6 m

Since x’1 > x1, 5.6 m is used to calculate the
unbonded length as follows:

Lub1 =
x′1

cos 𝜃in
= 5.6

cos 15∘
= 5.8 m

Since the overburden depth of the lower anchor is
obviously greater than zmin = 4.5 m, the horizontal
distance for the lower anchor from the back of the
wall facing to the possible start point of the bond
length, x2, is

x2 =
H − H1 − H2

tan𝜓 + tan 𝜃in
+

𝜒

sin(𝜃in + 𝜓)
cos 𝜃in

= 9 − 3 − 3
tan 62∘ + tan 15∘

+ 1.8
sin(15∘ + 62∘)

cos 15∘

= 3.2 m

Lub2 =
x2

cos 𝜃in
= 3.2

cos 15∘
= 3.4 m

3. The apparent earth pressure diagram is used to esti-
mate the anchor loads. Since the anchored wall is to
be constructed in sand, the diagram for sand is used
and plotted in Example Figure 9.1.

Example Figure 9.1

The coefficient of the active lateral earth pressure
is

Ka = tan2

(
45∘ − 𝜙

2

)
= tan2

(
45∘ − 34∘

2

)
= 0.283

The total lateral thrust is

Pa = 0.65Ka𝛾H
2 = 0.65 × 0.283 × 18 × 92

= 268 kN∕m

The maximum lateral earth pressure is

p =
Pa

H − H1∕3 − H3∕3
= 268

9 − 3∕3 − 3∕3

= 38.3 kPa

4. The horizontal anchor loads for the two anchors
can be calculated using the tributary area method as
follows:

TH1 =
(

2
3
H1 +

H2

2

)
p =

(2
3
× 3 + 3

2

)
× 38.3

= 134 kN∕m

TH2 =
(
H2

2
+ 23

48
H3

)
p =

(3
2
+ 23

48
× 3

)
× 38.3

= 112 kN∕m

Considering the horizontal spacing of the anchors
at 2.0 m and the inclination of the anchors is 15o, the
anchor design loads for the upper and lower anchors
are

Td(H1) =
TH1sh
cos 𝜃in

= 134 × 2.0
cos(15∘)

= 277 kN

Td(H2) =
TH2sh
cos 𝜃in

= 112 × 2.0
cos(15∘)

= 232 kN

5. Since the site aggressive condition is unknown and
the anchored wall is temporary, class II corrosion
protection is selected. A 26-mm diameter, grade
1035 prestressing steel bar with 60% of the SMTS
equal to 341 kN is suitable for the anchor. The mini-
mum trumpet opening size of 64 mm, corresponding
to a 26-mm-diameter bar, based on class II corrosion
protection can be selected.

6. Considering the medium sand has an SPT N value
of 20, an ultimate unit bond stress, 𝜏a = 400 kPa, is
selected. For a straight shaft anchor with a diameter
of drill holes of 64 mm (same as the trumpet open-
ing) in sand, the bond length can be estimated by the
following equation:

Lb1 =
Td(H1)

𝜋dDH𝜏a
= 277

3.14 × 0.064 × 400
= 3.4 m

Lb2 =
Td(H2)

𝜋dDH𝜏a
= 232

3.14 × 0.064 × 400
= 2.9 m
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Therefore, the total lengths for the upper and
lower anchors are

L1 = Lub1 + Lb1 = 5.8 + 3.4 = 9.2 m

L2 = Lub2 + Lb2 = 3.4 + 2.9 = 6.3 m

9.2.6 Construction

The installation of ground anchors typically includes the
following steps:

1. Drilling. Rotary, percussion, rotary/percussive, or auger
drilling can be used to drill holes in soil or rock for
ground anchors. The method of drilling should be se-
lected to minimize the disturbance to soil or rock and
nearby existing structures.

2. Inserting tendon. The tendon should be inserted into the
drill hole to the desired depth and inclination angle.

3. Installing trumpet and anchorage. Depending on the
method for corrosion protection, a specific material may
be used around the unbonded lengths of the tendons,
for example, corrosion inhibiting grease or grout. The
bearing plate or the anchor head to be used for load
testing should not contact with the corrosion protection
material.

4. Grouting anchor. The grout is injected from the toe of
the drill hole before or after inserting the tendon. The
top of the grout should not be in contact with the bottom
of the trumpet.

5. Testing and stressing the prestressed ground anchor.
Each anchor should be subjected to stress for testing and
evaluation. This is also part of quality assurance.

6. Lock-off. After the load testing, the anchor should be
locked off by reducing the load to the lock-off load
and transferring the load to the anchorage assembly.
Typically, the lock-off load is 80% of the prestressed
anchor service load.

7. Cutting tendon protrusions. Extra tendon beyond the
anchorage assembly should be cut by a saw.

9.2.7 Quality Control and Assurance

All the materials to be used for the anchors should be in-
spected and verified prior to installation, including

• Pretressing steel strand or bar
• Anchorage and trumpet
• Spacers

• Centralizers
• Portland cement
• Bearing plates
• Corrosion protection materials

The European Standard for Execution of Special Geotech-
nical Work—Ground Anchors (British Standards Institution,
2000) allows the initial drilling alignment to be deviated
within ±2o from the desired axis of the borehole and the
drilling to be deviated within 1/30 of the anchor length.

During the grouting operation, the following information
should be recorded:

• Type of mixer
• Water/cement ratio
• Types of additives (if any)
• Grout pressure
• Type of cement
• Strength test samples (if any)
• Volume of first and second stage grout

Grout strength should be measured and confirmed by cube
samples before any load test is performed. Grout typically
should have its required strength of 20–30 MPa in 7–10 days.

For anchored walls, each anchor should be tested for its
load capacity and load–deformation behavior after instal-
lation. AASHTO (2012) requires all production anchors
should be subjected to load testing and stressing. The test
load is typically 125–150% of the design load of the an-
chor. At the end of each load testing, the anchor should be
locked off to remove any slack in the anchored wall system
to minimize postconstruction displacements. The acceptance
or rejection of ground anchors is relied on the results of
three different tests: (1) performance test, (2) proof test, and
(3) extended creep test. Proof tests are most commonly
adopted in the field.

A performance test involves several load cycles with in-
creasing magnitudes until the test load. After each load cycle,
elastic and residual deformations of the anchor are recorded.
At the test load, the load is held for 10 min to evaluate the
time-dependent deformation (i.e., creep) of the ground an-
chor. This test is used to verify anchor capacity and establish
load–deformation behavior.

A proof test applies loads in several increments until the
test load, which is held for 10 min before unloaded to the
initial alignment load. This test is used to examine whether a
test anchor is acceptable for applications.

An extended creep test is to evaluate creep deformations
of an anchor under different load intensities for certain du-
rations. Each test typically lasts 8 h. This test is done for
cohesive soil with PI > 20 or LL > 50.
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9.3 SOIL NAILING

9.3.1 Introduction

Basic Concept Soil nailing is a technique to install closely
spaced, passive structural inclusions to stabilize existing
unstable ground due to the change of geotechnical conditions
by nature and/or human activities. Common natural causes
are precipitation and/or erosion, while the common human
activity is partial removal of the ground for project needs. The
basic procedure for installing a soil nail consists of drilling a
hole in the ground, placing a steel bar in the hole, and grouting
the hole. Soil nails can be installed on existing or cut slopes
and walls during excavation. Figure 9.16 shows a typical cross
section of soil nailing, which includes multiple soil nails,
temporary and/or permanent facing, and drainage system.
There are different types of nails in practice, which include

• Grouted nails
• Self-drilling nails
• Jet grouted nails
• Helical nails
• Driven nails
• Shoot-in nails

The most commonly used soil nails are the grouted nails;
therefore, this book mainly focuses on the grouted nails.
Some of the above nails are installed for temporary appli-
cations but others for permanent applications. Most of nails
are installed in inclination angles of 10∘–20∘ below the hor-
izontal. Different from ground anchors, soil nails are not

prestressed when they are installed. Tension develops during
the service due to ground movements. Sometimes, nails are
installed vertically or perpendicularly to critical slip surfaces,
especially for slope stabilization. This application is simi-
lar to that by micropiles and will not be further discussed in
this book. Typical temporary facing is installed by steel mesh
with shotcreting (i.e., spraying concrete). Cast-in-place, pre-
fabricated concrete facing, or other type of facing may be
installed as the permanent wall facing in front of the tempo-
rary wall facing.

Figure 9.17 shows the details of facing connection between
soil nails, temporary facing (shotcrete), and permanent fac-
ing. A bearing plate and washers are used to fix the soil
nail on the temporary facing. Steel reinforcements are con-
nected with the bearing plate by studded heads before the
permanent concrete facing is cast in place on the temporary
facing.

Suitability Soil nailing is suitable for vertical or near-
vertical excavations in both soils and weathered rocks. It is
also suitable for stabilizing steep unstable terrain of soils or
weathered rocks. The favorable geomaterials for soil nailing
installation include (Lazarte et al., 2003):

• Stiff to hard fine-grained soils
• Dense to very dense granular soils with some apparent

cohesion
• Weathered rock with no weak plane
• Glacial soils
• Ground that can stand unsupported on a vertical or

sloped cut of 1–2 m for 1–2 two days.

Figure 9.16 Typical cross section of soil nailing (Lazarte et al., 2003).
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Figure 9.17 Details of facing connection (Lazarte et al., 2003).

The unfavorable geomaterial conditions for soil nailing are
(Lazarte et al., 2003):

• Dry, poorly graded cohesionless soils
• Soils with high groundwater
• Soils with large boulders or cobbles
• Soft to very soft fine-grained soils
• Organic soils
• Highly corrosive soil (e.g., cinder or slag) or groundwa-

ter
• Weathered rock with unfavorable weak planes and karst
• Loess.

Applications Soil nailing has been used for different
applications:

• Vertical or near-vertical excavations
• End slope removal to widen existing bridge abutments
• Tunnel portals
• Repair or stabilization of existing earth retaining struc-

tures
• Repair or stabilization of existing natural slopes.

Figure 9.18 shows the examples of three common soil
nailing applications.

Advantages and Limitations Soil nailing has the following
advantages as compared with alternate technologies (Lazarte
et al, 2003; Elias et al., 2004):

• Less right-of-way requirements than ground anchors
• Less concrete usage than conventional reinforced con-

crete retaining walls
• No need for deep foundations or structural elements

below the base of excavations

• Rapid installation with less material than ground an-
chors

• Less disruptive to traffic and less environmental impact
• More accessible to a job site and low overhead require-

ments due to the use of light construction equipment
• Higher redundancy because of the larger number of

nails than ground anchors
• More flexible to deformation than conventional rigid

structures
• Easy incorporation of temporary wall facing into per-

manent wall facing
• More cost effective than conventional rigid retaining

walls.

The possible limitations of soil nailing are (Lazarte et al,
2003; Elias et al., 2004):

• Not appropriate for applications with strict deformation
requirements

• Restriction by nearby existing utilities and structures
• Requirement for permanent underground easements
• Difficult to install below the groundwater table
• Low nail capacity and large creep deformation in

high-plasticity cohesive soils

9.3.2 Principle

Failure Modes Similar to anchored walls, soil-nailed walls
may have internal, external, and facing failures as shown in
Figures 9.19, 9.20, and 9.21.

The internal failures as shown in Figure 9.19 include
nail–soil pullout, bar–grout pullout, nail tensile failure, and
bending and/or shear failure through the reinforced mass.
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Figure 9.18 Examples of soil nailing: (a) temporary shoring, (b) roadway widening, and (c) end slope removal (Byrne et al., 1998).

Figure 9.19 Internal failure modes of soil nailed walls (Lazarte et al., 2003).

The external failures as shown in Figure 9.20 include com-
pound failure, sliding failure, and global failure.

The facing failures as shown in Figure 9.21 include fac-
ing flexure failure, facing punching shear failure, and facing
headed-stub connection failure.

Load Transfer The deformation and load transfer of a
soil-nailed wall is illustrated in Figure 9.22. On a level
ground, the excavation is first progressed to a depth corre-
sponding to excavation phase 1. Due to the excavation, there
is an unsupported face with unbalanced forces, which induce
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Figure 9.20 External failure modes of soil nailed walls (Lazarte et al., 2003).

Figure 9.21 Facing failure modes of soil nailed walls (Lazarte et al., 2003).
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Figure 9.22 Deformation and load transfer during construction (Elias et al., 2004).
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facing movement and a critical slip surface. This is a basic
requirement for soil nailing installation that the unsupported
facing should stand for a certain time period, relying on
soil cohesion or apparent cohesion before the installation
of the first nail and shotcrete. After nail 1 is installed, the
unbalanced forces are transferred to this nail. As a result,
tensile forces develop along the nail, as shown in Figure 9.22,
corresponding to phase 1. The variations of the tensile forces
along the nail result from the shear stresses between the nail
and the surrounding soil. The installation of steel mesh and
shotcrete helps more loads transferred to the nail through
the facing. This is why the tensile force at the nail head
is not equal to zero. When the excavation is progressed to
excavation phase 2, the facing deformations increase from
line 1 to line 2 and a deeper critical slip surface develops.
As a result, the tensile forces in nail 1 are increased due
to more unbalanced forces induced by larger portion of the
unsupported facing. After nail 2 is installed, part of the tensile
loads in nail 1 will be transferred to nail 2 and the tensile
loads in nail 1 decrease (not shown in the figure). When
the excavation process continues to excavation phase N, the
tensile loads in nail 1 will continue changing. It should be
pointed out that the tensile loads in nail 1 at the end of the
construction are not necessarily the highest because some of
the loads are shared by other nails as shown in Figure 9.22.

Figure 9.23 shows that within the soil nailed mass, there
are two zones: active zone and resistant zone (or stable zone).
The active zone tends to move laterally and induces outward
shear stresses along the nails. Portions of the soil nails in
the resistant zone are mobilized with inward shear stresses
to provide the tensile resistance to the active zone. Due to
the mechanical connection between the facing and the nail,
there is a connection force on the nail at the facing, T0. Due
to the outward shear stresses, the tension in the nail increases
with the distance away from the facing. At the critical slip
surface, the tension reaches the maximum. A further increase
of the distance reduces the tension in the nail due to the shear

Figure 9.23 Load transfer within the soil nailed mass (Elias et al.,
2004).

stresses in the opposite direction. At the end of the nail, the
tension is zero because there is no pullout resistance.

Figure 9.24 shows that the maximum tension line in the nails
does not necessarily coincide with the critical slip surface.
The maximum tension in each soil nail may be controlled
by a different critical slip surface. As shown in Figure 9.22,
different critical slip surfaces develop during the process of
the excavation. Figure 9.24 also shows that the locus of the
maximum nail axial force is typically within (0.3–0.4) H
behind the wall facing where H is the wall height.

Lateral Earth Pressure Distribution Due to the differences
in the construction procedures, soil nailed walls have differ-
ent lateral earth pressure distributions from those in mechani-
cally stabilized earth (MSE) walls and ground anchored walls
as shown in Figure 9.25. The soil nailed walls have the high-
est lateral earth pressure on the top of the wall due to the
large deformation of the wall at this location resulting from
the excavation. The lateral earth pressure distribution of the
MSE wall results from the fill placement from the bottom to
the top and will be discussed in Chapter 10. The distribution
of the lateral earth pressure in an anchored wall is discussed
in the previous section.

9.3.3 Design Considerations

Methods for Design Several design methods have been pro-
posed and used in practice to design soil nailing:

• German method (1979): Bilinear slip surface
• Davis method (1981): Parabolic
• French method (1983): Circular or of any shape
• Kinematical method (1988): Log spiral
• Caltrans (1991): Bilinear
• Golder Assoc. (1991): Circular

Most of these methods are based on limit equilibrium anal-
yses for internal and external stability except the kinemati-
cal method, which is based on the working stress analysis.
The simplified design chart method for soil nails to be pre-
sented later in this book is based on Caltrans (1991) using
the SNAIL software.

Typical Design Parameters The typical design parameters
for soil nailing are:

• Each nail has an influence area < 4 m2

• Minimum soil nail spacing = 1.0 m
• Minimum length of nail = 0.5H (H = height of wall)
• Drill hole diameter for grouted nails = 100–200 mm
• For gravity grouting and efficient nail tensile capacity,

a minimum nail inclination = 15o

• Recommended minimum factors of safety for differ-
ent failure modes under static loading are provided in
Table 9.8.
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Figure 9.24 Locations of maximum tensile forces and critical failure surface (Byrne et al.,
1998).

MSE Wall Soil nailed wall

Anchored wall

Figure 9.25 Lateral earth pressure distributions (Byrne et al., 1998).
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Table 9.8 Recommended Minimum Factors of Safety

Type of Analysis Failure Mode Symbol Temporary Structure Permanent Structure

External stability Global stability
(long term)

FSG 1.35 1.5

Global stability
(excavation)

FSG 1.2 to 1.3 1.2 to 1.3

Sliding FSSL 1.3 1.5
Bearing capacity FSBC 2.5 3.0

Internal stability Nail pullout FSP 2.0 2.0
Nail tensile failure FST 1.8 1.8

Source: after Lazarte et al. (2003).

Simplified Tensile Force Distribution Based on the soil
nail behavior and field data, a simplified distribution model
for tensile forces along the nail is proposed as shown in
Figure 9.26. At the facing, the tensile force is controlled
by the connection strength between the nail and the facing.
Typically, the connection force is 60–100% of the maximum
tensile force. The maximum tensile force in the nail is con-
trolled by the front pullout capacity from the facing, the ten-
sile strength of the nail, and the rear pullout capacity from
the resistant zone.

Figure 9.26 Simplified distribution of tensile force (Lazarte et al., 2003).

Maximum In-service Tensile Force Byrne et al. (1998)
reported the maximum nail tensile forces measured in ac-
tual soil nailed walls. Based on the suggestion by Lazarte
et al. (2003), the distribution of the maximum in-service ten-
sile forces in the nails at different nail head depths is pre-
sented in Figure 9.27. It is shown that the maximum nail
loads are higher on the top of the wall and decrease within
the lower one-third wall height. Based on the depth of the
soil nail, the maximum nail load can be calculated as Tmax
= (0.38∼0.75)Ka𝛾Hshsv, where Ka = coefficient of active
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Figure 9.27 Approximation for maximum in-service tensile force
(drawn from the suggestion in Lazarte et al. (2003)).

lateral earth pressure, 𝛾 = unit weight of soil, H = height
of the wall, sh = horizontal spacing of nails, and sv = vertical
spacing of nails. This calculated maximum nail load corre-
sponds to the long-term in-service soil nail force instead of
that at the end-of-construction or at failure.

Ultimate Pullout Capacity The front pullout capacity of the
nail can be calculated as follows:

RF = T0 + 𝜋𝜏udDHLa (9.9)

where T0 = connection strength between the nail and the
facing

𝜏u = ultimate bond strength between the nail and
the soil or rock

dDH = average or effective diameter of the drill hole
La = length of the nail in the active zone.

The rear pullout capacity of the nail can be calculated as
follows:

Tpo = 𝜋TudDHLp (9.10)

where Lp is the nail length in the resistant zone.

The ultimate bond strength is provided in Table 9.9.
To prevent the pullout of the nail from the resistant zone,

Tpo > FSpoTmax, where FSpo = factor of safety against pull-
out (typically 2.0). The required nail length in the resistant
zone can be calculated based on this requirement. To prevent
the pullout of the nail from the active zone and facing, RF
> FSpoTmax. This requirement demands sufficient connec-
tion strength between the nail and the facing. The total nail
length is the sum of the nail lengths in the active and resistant
zones.

Design Charts for Nail Force and Length Design charts
for preliminary determination of nail force and length are
developed in Lazarte et al. (2003) using the SNAIL computer
program and also shown in Figures 9.28–9.31. These design
charts are developed based on the following conditions:

• Homogeneous ground conditions
• Nail inclination angle = 15∘ (below the horizontal di-

rection)
• Global factor of safety, FSG = 1.35 for minimum nail

length and FSG = 1.0 for maximum design nail force
• Nail diameter, dDH = 100 mm
• Normalize cohesion, c∗ = 0.02

The normalized cohesion, c∗, can be expressed as follows:

c∗ = c
𝛾H

(9.11)

where c = cohesion of the soil
𝛾 = unit weight of the soil
H = height of the wall

The normalized pullout resistance, 𝜇po, is expressed as
follows:

𝜇po =
TudDH

FSpo𝛾shsv
(9.12)

where 𝜏u = ultimate bond strength between nail and soil
or rock

sh = horizontal spacing of nails
sv = vertical spacing of nails

FSpo = factor of safety against pullout (typically 2.0)

Based on the normalized cohesion, c∗, and the normal-
ized pullout resistance, 𝜇po, the minimum nail length to
wall height ratio, L/H, and the normalized maximum de-
sign nail force, tmax -s for each nail, can be determined from
Figures 9.28–9.31.

The maximum design nail force, Tmax -s for each nail, can
be determined as follows:

Tmax−s = tmax−s𝛾Hshsv (9.13)

It should be noted that the design charts from Fi-
gures 9.28–9.31 are developed based on specific conditions
as listed above. When the project conditions are different
from these conditions, the determined L/H ratio and tmax -s
should be corrected as follows:( L

H

)
corrected

= C1LC2LC3L

( L
H

)
Chart

(9.14)

(tmax−s)corrected = C1FC2F(tmax−s)Chart (9.15)
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Table 9.9 Estimated Bond Strength of Soil Nails in Soil and Rock

Material Construction Method Soil/Rock Type Ultimate Bond Strength, 𝜏u (kPa)

Rock Rotary Drilled Marl/limestone
Phyllite
Chalk
Soft dolomite
Fissured dolomite
Weathered sandstone
Weathered shale
Weathered schist
Basalt
Slate/Hard shale

300–400
100–300
500–600
400–600
600–1000
200–300
100–150
100–175
500–600
300–400

Cohesionless soils Rotary drilled Sand/gravel
Silty sand
Silt
Piedmont residual
Fine colluvium

100–180
100–150
60–75
40–120
75–150

Driven casing Sand/gravel
Low overburden
High overburden

Dense moraine
Colluvium

190–240
280–430
380–480
100–180

Augered Silty sand fill
Silty fine sand
Silty clayey sand

20–40
55–90
60–140

Jet grouted Sand
Sand/gravel

380
700

Fine-Grained Soils Rotary drilled Silty clay 35–50
Driven casing Clayey silt 90–140
Augered Loess

Soft clay
Stiff clay
Stiff clayey silt
Calcareous sandy clay

25–75
20–30
40–60
40–100
90–140

Source: Elias and Juran (1991).

where C1L = length correction factor for drill hole
diameter

C2L = length correction factor for soil cohesion
C3L = length correction factor for global factor

of safety
C1F = force correction factor for drill hole

diameter
C2F = force correction factor for soil cohesion

Also C1L and C1F can be determined from Figure 9.32;
C2L, C2F, and C3L can be determined from the following
relationships:

C2L = −4.0c∗ + 1.09 ≥ 0.85 (9.16)

C2F = −4.0c∗ + 1.09 ≥ 0.85 (9.17)

C3L = 0.52FS + 0.30 ≥ 1.0 (9.18)

With the known maximum design nail load, the maximum
design nail head load for each nail can be estimated by

T0 = Tmax−s[0.6 + 0.2(smax − 1)] (9.19)

where T0 =maximum design nail load at the nail
head

smax =maximum soil nail spacing (maximum
of sv and sh) (unit: m)
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Figure 9.28 Design chart for minimum nail length and maximum
design force, tmax-s (batter = 0∘ and blackslope = 0∘) (Lazarte et al.,
2003).

The required cross-sectional area of the nail bar is

Anb =
Tmax−sFST

fy
(9.20)

where Anb = required cross-sectional area of the nail bar
fy = steel yield strength

FST = factor of safety against rupture of the nail
bar (typically 1.8 for static loading)

The properties of threaded bars are provided in Table 9.10.

Internal Sliding Analysis The internal sliding stability can
be analyzed using the simplified wedge method shown in
Figure 9.33.

The factor of safety against the internal sliding through the
nails can be defined as follows:

Fis =

∑
resisting forces∑
driving forces

(9.21)

The normal and tangent forces on the failure plane are

NF = (W + QT ) cos𝜓 + TEQ cos(𝜓 − 𝜃in) (9.22)

0
0

0.1

0.2

0.3

N
or

m
al

iz
ed

 D
es

ig
n 

N
ai

l F
or

ce
, t

m
ax

-s
Normalized Bond Strength, μpo = (τadDH)/(γshsv)

L/
H

0
(a)

(b)

0.5

1

1.5

0.1 0.2 0.3 0.4

H sv

dDH = 100 mm

ω = 0
β = 10°

μpo = (τadDH)/(γshsv)

τa = τu/FSpo

c* = c/γH

c* = 0.02
γ, c, ϕ

Face Batter
Backslope

L

FSG = 1.35

tmax-s = Normalized Maximum Design
              Force in Nails

= Tmax-s/γH shsv

NOTE:
Nail forces are for FSG = 1.0

Friction Angle
(degrees)

27
31
35
39

Figure 9.29 Design chart for minimum nail length and maximum
design force, tmax-s (batter= 0∘ and blackslope= 10∘) (Lazarte et al.,
2003).

SF = (W+QT) sin𝜓 −TEQ sin(𝜓 −𝜃in) = cmLF + NF tan𝜙m

(9.23)

cm =
c′

FSis
(9.24)

tan𝜙m =
tan𝜙′

FSis
(9.25)

where 𝜔 =wall face batter angle (from vertical)
𝛽 = slope angle
𝜙
′ = soil effective angle of internal friction
c′ = soil effective cohesion
𝜓 = inclination of failure plane
𝜃in = nail inclination
LF = length of failure plane
W =weight of sliding mass
QT = surcharge load
TEQ = equivalent nail force
NF = normal force on failure surface
SF = shear force on failure surface

FSis = factor of safety against internal sliding
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Figure 9.30 Design chart for minimum nail length and maximum
design force, tmax-s (batter= 10∘ and blackslope= 0∘) (Lazarte et al.,
2003).

At different slip plane angles, ψ, with the required factor
of safety, the required equivalent nail forces can be solved in
the above equations. The required maximum nail force will
be used to design the nails.

Alternatively, based on the known total nail capacity, the
factor of safety against the internal sliding can be solved from
the above equations.

External Base Sliding Analysis The external base slid-
ing analysis can be performed by treating the nailed mass
as a rigid body subjected to external forces as shown in
Figure 9.34. This analysis is similar to that for the MSE wall
to be discussed in Chapter 10. The factor of safety against
external sliding can be calculated as follows:

FSbs =
Rbs

Pah
(9.26)

Rbs = cbBL + (W + QD + Pa sin 𝛽) tan𝜙b (9.27)

Pah = Pa cos 𝛽 (9.28)
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Figure 9.31 Design chart for minimum nail length and maximum
design force, tmax-s (batter = 10∘ and blackslope = 10∘) (Lazarte
et al., 2003).

Figure 9.32 Correction factors for nail length and force due to
drill hole diameter (Lazarte et al., 2003).

The active lateral earth thrust is

Pa =
𝛾H2

1

2
Ka (9.29)

H1 = H + (BL − H tan𝜔) tan 𝛽eq (9.30)

where H =wall height
ΔH = slope rise up to bench (if present)
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Table 9.10 Threaded Bar Properties (Grades 420 and 525 MPa)

Nominal
Bar
Designation (mm)

Cross-
Sectional
Area (mm2)

Normal
Unit Weight
(kg/m)

Maximum
Diameter with
Threads (Mm)

ASTM
Grade
Metric

Yield
Strength
(MPa)

Maximum
Axial
Load (kN)

19 284 2.24 21.8 420/525 420/525 118/147
22 387 3.04 25.1 420/525 420/525 160/200
25 510 3.98 28.4 420/525 420/525 211/264
29 645 5.06 32.0 420/525 420/525 267/334
32 819 6.41 36.3 420/525 420/525 339/424
36 1006 7.91 40.9 420/525 420/525 417/520
43 1452 11.39 47.2 420/525 420/525 601/751

Source: ASTM A615-14, Standard Specification for Deformed and Plain Carbon-Steel Bars for Concrete Reinforcement. Reprinted with
permission from ASTM International.

Figure 9.33 Simplified internal sliding analysis (Lazarte et al., 2003).

𝛽 = backslope angle;
βeq = equivalent backslope angle [for broken slopes
βeq = tan−1(0.5ΔH∕H), for infinite slopes βeq = β]
𝜔 = face batter angle
𝜃f = inclination of wall face from horizontal (i.e.,

θf = ω + 90∘)
cb = soil cohesion along the base
BL = length of the horizontal failure surface where cb is

effectively acting
W =weight of soil nail block
QD = permanent portion of total surcharge load QT
𝜙
′
b = effective angle of internal friction of the base

(remolded or residual values may be needed if
significant movement takes place)

𝜙
′ = effective friction angle of soil behind soil nail block

𝛿 =wall–soil interface friction angle [for a broken slope,
δ = βeq, for infinite slope, δ = β]

𝛾 = total unit weight of soil mass
H1 = effective height over which the earth pressure acts

[H1 = H + (BL − H tan ω) tan βeq] and Ka =
active earth pressure coefficient for soil behind the
soil nail wall system

Base Stability When an excavation occurs in soft soil, the
analysis for possible bearing capacity failure due to the base
of the excavation should also be performed using the same
approach as presented for base stability of the excavation pit
with the deep mixed or jet-grouted walls in Section 8.2.3 of
Chapter 8.
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θf

Rbs

Figure 9.34 External sliding analysis (Lazarte et a.., 2003).

Deformation of Soil Nailed Wall Soil nailed walls deform
during and after construction. Most of the movement happens
during or right after excavation of the soil in front of the wall
due to the unbalanced forces. The postconstruction deforma-
tion is related to stress relaxation and creep. For soil nailed
walls, the maximum horizontal and vertical displacements
occur at the top of the wall. The magnitude of the deforma-
tion depends on the following factors (Lazarte et al., 2003):

• Wall height
• Wall geometry
• Geomaterial type and properties
• Design factor of safety
• Nail length to wall height ratio
• Nail inclination angle
• Magnitude of surcharge

Based on empirical data with typical values of L/H =
0.7–1.0, no surcharge, and global factor of safety = 1.5, the
maximum long-term horizontal and vertical wall displace-
ments at the top of the wall can be estimated as follows:

𝛿h = 𝛿v =
(
𝛿0

H

)
H (9.31)

where 𝛿h = horizontal displacement
𝛿v = vertical displacement

𝛿0/H = displacement to height ratio, which can be
determined from Table 9.11

Table 9.11 Value of 𝜹0/H and C as Function of
Geomaterial Condition

Variable
Weathered Rock
and Stiff Soil

Sandy
Soil

Fine-Grained
Soil

𝛿0/H 1/1000 1/500 1/333
C 1.25 0.8 0.7

Source: Lazarte et al. (2003).

The influence distance by the soil nailed wall as shown in
Figure 9.35 can be estimated by the following equation:

xDEF

H
= C(1 − sin𝜔) (9.32)

where 𝜔 =wall batter angle
C = constant, provided in Table 9.11.

Drainage Considerations Drainage is one of the important
parts of the soil nailed wall design, which includes surface
drainage, wall facing drainage, internal drainage, and toe
drainage, as shown in Figure 9.36. The objective of the drains
is to reduce pore water pressure in the wall system. Details
on drainage design can be found in Chapter 6.

Facing Design In addition to the above designs, the wall
facing, including the connection between the nails and the
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Figure 9.35 Deformations of soil nailed wall (Byrne et al., 1998).

Figure 9.36 Typical drainage of soil nailed wall (Lazarte et al. 2003).

facing, should be designed. Most of the wall facing design is
related to the structural (flexural and shear) capacities of the
facing, which can be found in Lazarte et al. (2003).

9.3.4 Design Parameters and Procedure

Design Parameters Typical design parameters for soil
nailed walls include:

• Type of application (temporary or permanent)
• Wall geometry (wall height, wall batter, backslope)

• Geomaterial type (e.g., soil or rock) and properties (co-
hesion, friction angle, unit weight)

• Groundwater table
• Drill hole diameter
• Soil nail layout (vertical and horizontal spacing, length,

and inclination)
• Soil nail material type (e.g., steel bar grade)
• Nail installation method
• Ultimate bond strength between nail and geomaterial
• Distance to existing utilities and/or structures
• Required factors of safety
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Design Procedure The maximum nail force and the mini-
mum nail length can be estimated using the following three
methods: (1) based on the maximum in-service nail force dis-
tribution and the pullout resistance of each nail, (2) based on
the internal and external sliding analyses, and (3) based on
the simplified design charts.

The preliminary design using the simplified design charts
includes the following steps (Lazarte et al. 2003):

1. For a specific project application, calculate normalized
pullout resistance (𝜇po) based on the wall batter (𝜔),
backslope (𝛽), soil effective friction angle (𝜑′), and
ultimate bond strength (τu).

2. Obtain the nail length to wall height ratio (L/H) from
the design charts.

3. Obtain the normalized force (tmax -s) from the design
charts.

4. Determine the correction factors for the L/H ratio to
account for the drill hole diameter other than 100 mm
(i.e., C1L), the c* value other than 0.02 (i.e., C2L), and
the global factor of safety other than 1.35 (i.e., C3L).

5. Determine the correction factors for the normalized
maximum nail force to account for the drill hole di-
ameter other than 100 mm (4 in.) (i.e., C1F) and the c*
value other than 0.02 (i.e., C2F).

6. Apply the correction factors to the L/H ratio and the
normalized force from the design charts.

7. Multiply the corrected L/H ratio by the wall height to
obtain the soil nail length.

8. Calculate the maximum design load in the nail Tmax -s
using the corrected value of tmax -s.

9. Calculate the required cross-sectional area (Anb) of the
nail bar based on the calculated nail axial force, Tmax -s,
the steel yield strength, fy, and the factor of safety for
the nail bar tensile strength, FST.

10. Select the first available bar size that has a
cross-sectional area larger than the required cross-
sectional area.

11. Calculate the minimum nail size by adding the bar size
with two times the minimum grout cover thickness of
25 mm for two sides and verify that the minimum nail
size is smaller or equal to the drill hole size.

12. If the length and/or nail diameter are not appropriate,
select another nail spacing and/or drill hole diameter,
recalculate the normalized pullout resistance, and start
the process again.

Additional analyses may be performed for:

• External sliding
• Base stability
• Deformation
• Drainage

9.3.5 Design Example

Problem

A permanent soil nailed wall is proposed for an excava-
tion in uniform silty sand. The excavation depth is 9 m.
The wall has a batter of 10∘ without a top slope. The
silty sand has cohesion of 2 kPa, friction angle of 32∘,
and unit weight of 18.5 kN/m3. The required global
factor of safety is 1.5 and the factor of safety against
pullout is 2.0. Determine the layout, length, and size of
soil nails.

Solution

1. The diameter of drill holes is 150 mm and soil nails
are installed by a rotary drilled method at an incli-
nation angle of 15∘. The ultimate bond strength be-
tween nail and soil is 125 kPa. Assume soil nails are
placed in spacing of 1.5 m in vertical and horizontal
directions. The normalized pullout resistance, 𝜇po,
can be calculated as follows:

𝜇po =
𝜏udDH

FSpo𝛾shsv
= 125 × 0.15

2.0 × 18.5 × 1.5 × 1.5
= 0.225

2. The normalized cohesion, c∗, is

c∗ = c
𝛾H

= 2.0
18.5 × 9

= 0.0120

3. Based on 𝜇po = 0.225, ϕ = 32∘, ω = 10∘, and β =
0∘, L∕H = 0.62, and tmax -s = 0.22 are determined
from Figure 9.30.

4. Considering the fact that the drill hole diameter,
cohesion, and global factor of safety are different
from those used to develop this design chart. Length
and force correction factors should be used. From
Figure 9.32, C1L = 0.83 and C1F = 1.47. Other
factors can be determined as follows:

C2L = −4.0c∗ + 1.09 = −4.0 × 0.0120 + 1.09 = 1.04

C3L = 0.52FS + 0.30 = 0.52 × 1.5 + 0.30 = 1.08

C2F = −4.0c∗ + 1.09 = −4.0 × 0.0120 + 1.09 = 1.04

5. The corrected nail length to wall height ratio is( L
H

)
corrected

= C1LC2LC3L

( L
H

)
Chart

= 0.83 × 1.04 × 1.08 × 0.62

= 0.58 > 0.5 (OK)

The design length of soil nails is
L = 0.58 × 9 = 5.2 m

select 5.5 m for construction.



SOIL NAILING 329

6. The corrected normalized nail force for each nail is

(tmax−s)corrected = C1FC2F(tmax−s)Chart

= 1.47 × 1.04 × 0.22 = 0.34

The maximum design nail force for each nail is

Tmax−s = tmax−s𝛾Hshsv

= 0.34 × 18.5 × 9 × 1.5 × 1.5 = 126 kN

The maximum design nail force at the nail head
is

T0 = Tmax−s[0.6 + 0.2(smax − 1)]

= 126 × [0.6 + 0.2 × (1.5 − 1)] = 114 kN

7. The required cross-sectional area of the nail bar (fy
= 420 MPa and FST = 1.8) is

Anb =
Tmax−sFST

fy
= 126 × 1.8

420, 000

= 0.000541 m2 = 541 mm2

8. Select 29-mm threaded bar. Considering the mini-
mum grout cover thickness of 25 mm, the minimum
size of the nail is

d = 29 + 2 × 25 = 79 mm < 150 mm (OK)

9.3.6 Construction

Soil nails can be installed by different methods. The instal-
lation procedure discussed below is focused on the most
commonly used grouted nails. Figure 9.37 shows the basic
procedure for soil nailing installation:

1. Excavate a small cut. Typically, the cut is limited to
1–2 m (mostly the initial cut is limited to 1.0–1.2 m),
depending on the geotechnical conditions.

2. Drill a nail hole to a desired length. Nail holes can
be drilled by a rotary, percussion, auger, or rotary/
percussion drilling method. The most commonly used
drill method in the United States is the open-hole instal-
lation using auger drilling (especially the hollow-stem
auger). Casing may be used for some installation meth-
ods to maintain the stability of the hole, but it slows
down the installation and increases the cost.

3. Install and grout the nail, including the installation
of strip drains. Nail bars are inserted into predrilled,
straight-shafted drill holes, which are filled with
clean cement grout, mostly by gravity. Injection or
regrout under pressure may be adopted sometimes to
increase the bond strength, especially in poor or weak

geomaterials. At the same time, geocomposite strip
drains are installed with the geotextile side against the
geomaterial to avoid contamination of the shotcrete.

4. Place temporary facing. Temporary facing (sometimes
permanent facing) has welded wire mesh, which is in-
stalled before shotcrete is applied. Both dry and wet
mixes have been used for the shotcrete, but wet mix
is more commonly used. The plastic mix is sprayed on
the mesh at a high velocity by compressed air. Bearing
plates, hex nuts, and washers are installed to connect the
nails with the facing. Precast concrete facing has been
used in permanent applications to meet aesthetic, envi-
ronmental, and durability needs.

Repeat the preceding procedure until the whole wall is
constructed as shown in steps 5 and 6 in Figure 9.37.

9.3.7 Quality Control and Assurance

Quality control for soil nailing installation typically includes
the following procedures:

• Verification of the quality of all the materials used
• Inspection of corrosion protection of nails
• Inspection of nail bars free of damage and required

length
• Verification of the stability of excavated wall facing
• Verification of the size and length of drill holes
• Verification of nails installed at the desired inclination,

spacing, and length
• Verification of sizes and locations of centralizers
• Measurement of amount of grout used in each hole
• Verification of shotcrete placed to the required thickness
• Verification of proper placement of welded wire mesh,

bearing plates, and other connection parts
• Verification of proper installation of drains

Quality assurance during construction should ensure the
following items (Lazarte et al. 2003):

• Construction completed in accordance with plans and
specifications

• No excavation height exceeding an allowable value
• Not caved nail drill holes during nail installation
• Nail bars of the right size and type (i.e., steel grade,

length, diameter)
• Appropriate corrosion protection systems
• Properly grouting, installation of facing rebar and mesh,

and shotcrete
• Sufficient grout strength from grout cubes
• Sufficient shotcrete strength from cores
• Nail pullout capacity from field testing meeting the re-

quirements
• Drainage properly installed
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Figure 9.37 Installation sequence of soil nails (Lazarte et al. 2003).

PROBLEMS

9.1. Define in situ ground reinforcement and list four com-
monly used in situ ground reinforcement techniques.

9.2. What are the key differences between ground anchors
and soil nails?

9.3. What are the key components of a ground anchor? De-
scribe the functions of spacer, centralizer, and sheath
in the ground anchor.

9.4. List five possible applications of ground anchors.
9.5. What are the advantages and limitations of ground

anchors and anchored systems?

9.6. Describe the load transfer mechanism of a ground an-
chor under tension to stabilize a wall.

9.7. List possible failure modes of a ground an-
chor that may result from insufficient anchorage
length/capacity. Explain why.

9.8. What measures or design considerations are needed to
minimize prestressing steel bars and steel strands from
corrosion in aggressive soil environment?

9.9. What is the major concern for ground anchors to be
installed in organic soils or soils with high plasticity?

9.10. One level of ground anchors are installed at two-third
height of a 3-m-high wall in sand during excavation.
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The sand has a unit weight of 19.0 kN/m3 and a friction
angle of 34∘. A competent soil exists at the base of
the excavation and the groundwater table is at greater
depth. Draw an apparent earth pressure diagram for
the anchored wall and determine the horizontal anchor
load per level using the tributary area method and the
hinge method.

9.11. In Problem 9.10, if the excavation happens in a clay
with a unit weight of 17.8 kN/m3 and an undrained
shear strength of 50 kPa, draw an apparent earth pres-
sure diagram for the anchored wall and determine the
horizontal anchor load per level using the tributary area
method and the hinge method.

9.12. In Problem 9.10, if the anchored wall is subjected to
a large area uniform traffic load of 12 kPa, what are
the apparent earth pressure diagram and the horizontal
anchor load per level?

9.13. Three levels of ground anchors are installed at equal
spacing from the top to bottom of the 12-m-deep ex-
cavation in a clay with a unit weight of 18.2 kN/m3 and
an undrained shear strength of 50 kPa. The wall has an
embedment of 3 m. Draw an apparent earth pressure
diagram for the anchored wall and determine the hori-
zontal anchor load at each level using the tributary area
method and the hinge method.

9.14. One level of ground anchors are spaced at 2 m in the
horizontal direction and installed at an inclination an-
gle of 15∘ below the horizontal direction. The horizon-
tal anchor load per level is 100 kN/m. Calculate the
total anchor load on each anchor.

9.15. A straight shaft anchor is installed in medium dense
fine to medium sand by pressure grouting. The diame-
ter of the anchor drill hole is 60 mm. The anchor bond
length is 1.5 m. Calculate the anchor bond capacity.

9.16. In Problem 9.15, if the same anchor is installed in
stiff medium plasticity clay, what is the anchor bond
capacity?

9.17. A 6-m-deep excavation is to be constructed in a
medium to coarse sand with gravel [SPT (N1)60 =
30]. A site investigation at the site shows the soil unit
weight and effective frictional angle of 20 kN/m3

and 38∘, respectively. The wall facing has sufficient
toe resistance. (1) Determine the total load carried
by the pressure-grouted anchors installed as shown
in the following figure. Assume horizontal spacing
of the anchors is 2 m. (2) Determine the sizes of the
bar and trumpet opening. (A steel of grade 1035 is
selected and the soil is not aggressive). (3) Determine
the unbonded and bond lengths of the anchor. Since
pressure grouting is used, care must be taken for
the minimum overburden depth and critical failure
surface requirements.

9.18. A 9-m-deep excavation is to be constructed in a
medium plasticity sandy silt with an unconfined com-
pressive strength of 400 kPa. A site investigation at the
site shows the soil unit weight and effective frictional
angle of 19.1 kN/m3 and 25∘, respectively. Two levels
of ground anchors are needed: one at 6 m and another
at 3 m from the bottom of the excavation. The wall
embedment depth below the bottom of the excavation
is 4.5 m, which provides sufficient toe resistance to
the wall facing. (1) Determine the total loads carried
by the pressure-grouted anchors. Assume horizontal
spacing of the anchors is 2 m. (2) Determine the sizes
of the bar and trumpet opening (A steel of grade 1035
is selected and the soil is environmentally aggressive.)
(3) Determine the unbonded and bond lengths of the
anchors. Since pressure grouting is used, care must be
taken for the minimum overburden depth and critical
failure surface requirements.

9.19. An 8.5-m-deep excavation with an anchored wall is
to be constructed in stiff to hard clays at a distance
of 25 m in front of an existing building. Estimate the
induced settlement by the excavation at the closest
distance of the existing building.

9.20. Define soil nailing technique for in situ ground rein-
forcement.Whatare thekeycomponentsofsoilnailing?
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9.21. What are the favorable site conditions for soil nailing?
9.22. What are the major applications of soil nailing?
9.23. What are possible modes of failure of soil nailed walls?
9.24. Discuss the load transfer mechanism during the exca-

vation and the installation of soil nails.
9.25. Explain why soil nailed walls, mechanically stabilized

earth (MSE) walls, and ground anchored walls have
different lateral earth pressure distributions.

9.26. Explain why in soil nailed walls, the locations of the
maximum tensile forces are not necessarily the same
as those for the critical failure surfaces.

9.27. A 8.0-m-long soil nail is installed in weathered shale
by a rotary drill method. The diameter of the drill hole
is 150 mm, the length of the nail in the active zone is
2.5 m. The connection strength between the nail and
the facing is 30 kN. Estimate the front and rear pullout
capacities of the nail.

9.28. Soil nails are used to support a 10-m excavation in
a sandy soil as shown below. The horizontal spacing
between soil nails is 2.5 m. Calculate the maximum
in-service load on each nail head.

9.29. A natural slope with a 10∘ slope angle is cut vertically
to a depth of 10 m. To maintain the stability of this
vertical cut, a soil nailed wall is considered. A subsur-
face investigation of the site shows that the soil is silty
sand, which has unit weight of 18.2 kN/m3, cohesion
of 3 kPa, and friction angle of 36∘. The required global
factor of safety is 1.5 and the factor of safety against
pullout is 2.0. Design the layout, length, and diameter
of soil nails required to retain the vertical cut. A rotary
drilling is carried out to install soil nails.

9.30. Estimate the vertical and horizontal deflections at the
top of soil nail wall if the depth of the excavation
=10 m, the designed length of soil nails = 9 m, the
wall batter angle = 10∘, and the global factor of
safety of 1.5. The soil nailing is constructed to retain

fine-grained soil. An existing building is located at a
distance of 6 m. Check whether the construction of the
soil nail wall has any effect on the existing building.
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CHAPTER 10

Fill Reinforcement

10.1 INTRODUCTION

aIn Chapter 9, in situ ground reinforcement is used to stabilize
the ground during excavation and under unstable natural con-
ditions. Other types of reinforcement have also been used to
stabilize fill for construction of slopes, embankments, walls,
foundations, and roads. The reinforcement installed during
the placement of fill is referred to as fill reinforcement in
this book. Fill reinforcement has a long history. More than
1000 years ago (in the Han dynasty), Chinese people built
earth retaining walls using local sand and weed for border
security and paths to the Western world. Figure 10.1 shows
the remains of the Han Great Wall. This wall is located at
Dunhuang in Gansu Province, China, which is about 500 km
west to the Jiayuguan Pass. The photo clearly shows that fill
and reinforcement were placed in layers. The vertical spac-
ing between reinforcement layers is 120–150 mm. The re-
mains of the wall are 0.5 to over 2.0 m high. The modern

Figure 10.1 The Han Great Wall (photo courtesy of Xue).

fill reinforcement technology for retaining wall construction
was pioneered by Henri Vidal, a French architect and engi-
neer, in the early 1960s. More durable and stronger steel strip
reinforcement was used instead of natural weed. In addition,
wall facing was included in front of the wall for erosion pro-
tection.

Nowadays fill reinforcement includes geosynthetic rein-
forcement and metallic reinforcement. In fill reinforcement,
fill and geosynthetic or metallic reinforcement are placed in
layers. Soil is strong in compression but weak in tension. Re-
inforcements are factory-made polymeric or metallic materi-
als that can carry tension. When reinforcements are included
in soil, they make the reinforced soil strong in both compres-
sion and tension. Geosynthetics, including woven geotextile,
geogrid, and geocell, are used to reinforce slopes, embank-
ments, earth retaining walls, foundations, and roads. Metallic
reinforcements, including steel strips and steel meshes, are
mainly used for earth retaining walls. Chapter 2 discusses
types, functions, and properties of geosynthetics. As the
function of reinforcement, geosynthetic provides tension or
confining stress to fill through the mechanisms of anchor-
age, tensioned membrane, and lateral restraint by friction,
interlocking, or close confinement as shown in Figure 10.2.
One or multiple mechanisms may exist in one application.
For example, anchorage is the key mechanism for reinforced
slopes and earth walls, while friction by geotextile, interlock-
ing by geogrid, or closed confinement by geocell contributes
to lateral restraint of granular fill in roads. Tensioned mem-
brane effect may become important in roadway applications
when differential settlement is large, such as embankments
over voids. Geosynthetic reinforcement can also limit the
development of slip surfaces in reinforced foundations and
change the boundary conditions on the top of weak founda-
tions, thus increasing bearing capacity.

This chapter presents the principles, design, construction,
and quality control/assurance of fill reinforcement for rein-
forced slopes, embankments, earth retaining walls, founda-
tions, and roads.

10.2 GEOSYNTHETIC-REINFORCED SLOPES

10.2.1 Introduction

Most design codes or manuals define slopes as having a
face inclination angle less than 70∘ from the horizontal line
while walls have an inclination angle equal or greater than
70∘. This division is not theoretical but artificial. However,
design of reinforced slopes mostly follows limit equilib-
rium methods while design of reinforced walls follows the
lateral earth pressure method. The limit equilibrium and
lateral earth pressure methods result in different require-
ments for tensile strength of geosynthetic reinforcement
(Han and Leshchinsky, 2006). In this section, design and

333
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(a)

(d) (e)

(b) (c)

Figure 10.2 Mechanisms of geosynthetic reinforcement: (a) anchorage,
(b) lateral restraint, (c) tensioned membrane, (d) limitation of slip surface, and
(e) change of boundary.

construction of geosynthetic-reinforced slopes will be intro-
duced. In a later section of this chapter, design and construc-
tion of geosynthetic-reinforced earth walls will be discussed
together with metallic-reinforced earth walls.

Basic Concept Geosynthetic-reinforced slopes are formed
by compacted fill and geosynthetics, which are placed
in an alternating order. Geosynethtic reinforcement pro-
vides tensile resistance fill needs to maintain its stability.
Geosynthetic-reinforced slopes can be built in different an-
gles; however, they are more attractive when steep slopes are
needed. Geosynthetic-reinforced slopes can have different
face options including vegetated face, which can blend with
the natural environment.

Suitability Most geosynthetic-reinforced slopes are cons-
tructed on strong and firm foundations. When weak founda-
tions are encountered, they should be excavated and
replaced, improved, or reinforced by extra geosynthetic
reinforcements. No problematic geomaterial should be
used as the fill material. Fill material should meet specific
gradation and plasticity requirements

Applications Geosynthetic-reinforced slopes have been
used when there is elevation difference. Common applica-
tions include embankments, levees, dams, riverbanks, and
landfills. They have also been used to repair failed slopes.

Advantages and Limitations Geosynthetic-reinforced
slopes have the following advantages:

• Can optimize space in terms of available budge.
• Have different facing options based on appearance, in-

clination, site conditions, and cost.
• Can have ecology-friendly vegetation.

• Are easy and speedy for construction.
• Does not require special labor and equipment.
• Allows the use of non-select fill.
• Are tolerant to different settlement.

Geosynthetic-reinforced slopes require large space as com-
pared with walls. Surficial slope stability and erosion
are two most common problems associated with geo-
synethetic-reinforced slopes.

10.2.2 Principles

A slope with cohesionless soil can be stable when its slope
angle is less than the friction angle of the soil. However, when
the slope angle is larger than the friction angle of the soil, a
slip surface will develop and part of the slope will slide down.
This slip surface divides the slope into an active zone and a
stable zone. Geosynthetics have been successfully used to
reinforce slopes and maintain their stability. The basic prin-
ciple of geosynthetic-reinforced slopes is that geosynthetic
reinforcement prevents the soil mass in the active zone from
sliding down by providing necessary tensile resistance and
resisting moment through its anchorage in the stable soil.
Long and strong geosynthetic layers are often used as pri-
mary reinforcements while short and weak geosynthetic lay-
ers are sometimes used between primary reinforcements as
secondary reinforcements. Geosynthetic-reinforced slopes
have different types in practice, mostly based on the type of
facing. During the design/analysis, all possible failure modes
should be examined and prevented by the use of geosynthetic
reinforcements or other means. Limit equilibrium method is
the most commonly used method for the stability analysis
of geosynthetic-reinforced slopes. Leshchinsky (1999) and
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Duncan and Wright (2005) provided a comprehensive pro-
cedure for the design of steep slopes reinforced by geosyn-
thetics using limit equilibrium methods. Numerical methods,
based on the strength reduction concept have been increas-
ingly adopted recently.

Type of Reinforced Slope Geosynthetic-reinforced slopes
are mostly built with vegetated face and hard facing. The se-
lection of slope facing is often dependent on slope angle and
soil type as suggested by Collin (1996) in Table 10.1. Geosyn-
thetic reinforcement can be wrapped or not wrapped at the
slope face. The wrapped face enables the geosynthetic rein-
forcement to have more pullout resistance from the front and

stabilize the soil exposed at the face. At a flatter slope angle
(less than 45∘), the facing provides the area for vegetation,
which protects soil particles from being eroded. At a steeper
slope angle (greater than 45∘), vegetation growth is diffi-
cult, and, significant soil erosion likely happens; therefore,
permanent erosion blanket or hard facing is used to protect
soil particles from being eroded. Sometimes, steps are created
for plant growth or special plants are directly planted into the
steep slopes.

Failure Modes Geosynthetic-reinforced slopes have four
possible failure modes: (1) surficial failure, (2) internal
failure, (3) compound failure, and (4) global failure, as

Table 10.1 Options of Slope Facings

Slope Face Angle
and Soil Type

Type of Facing

When Geosynthetic Is Not Wrapped at Face When Geosynthetic Is Wrapped at Face

Vegetated Facea Hard Facingb Vegetated Facea Hard Facingb

>45∘ Not recommended Gabions Sod Wire baskets
(>1H:1V)
All soil types

Permanent erosion
blanket w/seed

Stone
Shotcrete

35∘–45∘
(∼1.4H:1V to 1H:1V)

Not recommended Gabions Permanent erosion
blanket w/seed

Wire baskets

Clean sands (SP)c Soil cement Stone
Rounded gravel (GP) Sod Shotcrete

35∘–45∘
(∼1.4H:1V to 1H:1V)

Bioreinforcement Soil-cement Permanent erosion
blanket w/seed

Wire baskets

Silts (ML) Drainage composited Stone veneer Stone
Sandy silts (ML)
Silty sands (SM)

Gabions Sod Shotcrete

35∘–45∘
(∼1.4H:1V to 1H:1V)
Clayed sands (SC)

Temporary erosion
blanket w/seed or
sod

Hard facing not
needed

Geosynthetic wrap
generally not
needed

Geosynthetic wrap
not needed

Well-graded sands &
gravels (SW & GW)

Permanent erosion
mat w/ seed or sod

25∘–35∘
(∼2H:1V to 1.4H:1V)
All soil types

Temporary erosion
blanket w/seed or
sod

Hard facing not
needed

Geosynthetic wrap
generally not
needed

Geosynthetic wrap
not needed

Permanent erosion
mat w/ seed or sod

aVertical spacing of reinforcement (primary/secondary) shall be no greater than 400 mm with primary reinforcements spaced no greater than
800 mm when secondary reinforcements is used.
bVertical spacing of primary reinforcement shall be no greater than 800 mm.
cUnified soil classification.
dGeosynthetic or natural horizontal drainage layers to intercept and drain the saturated soil at the face of the slope.
Source: Collin (1996) and Holtz et al. (2008).
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shown in Figure 10.3. In all these modes, there are an active
soil wedge and a stable soil mass. The active soil wedge is
above the slip surface, while the stable soil mass is below
the slip surface.

Surficial slope failure, mostly triggered by rainfall, is a
common problem for slopes due to poor compaction, low
overburden stress, loss of cohesion, saturation, and seepage
force. The surficial failure typically happens within 1.2 m
deep (Evans, 1972). Secondary weak and short secondary
geosynthetic reinforcements can be placed between long and
strong primary geosynthetic reinforcements to mitigate sur-
ficial slope instability.

Internal failure happens within the reinforced fill. The slip
surface of internal failure can be circular or planar. Geosyn-
thetic interface can be a potential slip plane. Internal failure
may occur when geosynthetic reinforcements are too weak
or too short for pullout resistance.

Compound failure happens when the slip surface partially
cuts through the reinforced zone and the unreinforced zone.
Such a failure mode can be prevented by extending the rein-
forcement length.

Global failure, also called deep-seated failure, is one of the
major concerns when a reinforced slope is constructed on a
weak foundation or a toe slope. This failure mode can be
prevented by ground improvement of the weak foundation
and geosynthetic reinforcement at the bottom of the slope. It
is doable but not economic by extending the lengths of all
the reinforcement layers in the slope to prevent the global
failure.

Slope Stability Analysis Limit equilibrium methods have
been commonly used to analyze the stability of the slope at
each failure mode using a factor of safety. Bishop’s simpli-
fied method (Bishop, 1955) and Spencer’s method (Spencer,
1981) are two commonly used methods for slope stability

Figure 10.3 Possible failure modes of reinforced slope.

analysis and were discussed in Chapter 2. Bishop’s simpli-
fied method assumes a circular slip surface, while Spencer’s
method can be used for two-part or three-part wedge fail-
ure. Surficial and internal failures happen within the rein-
forced zone. The compound failure is partially through un-
reinforced and reinforced zones. Surficial slope stability is
often analyzed by assuming an infinite slope because the
thickness of the active soil is much smaller than its length.
Global slope failure, has a critical slip surface beyond the
reinforced soil mass. Therefore, the global slope stability
analysis is the same as that for an unreinforced slope, which
has been discussed in Chapter 2. In addition to circular slip
failures, transitional failure should be checked because it
may occur along a reinforcement layer or foundation in-
terface. The methods for internal, surficial, compound, and
translational stability analyses are discussed in the following
sections.

10.2.3 Design and Analysis

Performance Requirements Reinforced slopes should be
designed to meet the following performance requirements:

1. Factors of safety against internal, surficial, compound,
translational, and global failures under static loading
should be greater than 1.3–1.5. Higher factors of
safety should be used if a slope supports sensitive
structures.

2. Factors of safety against internal, surficial, compound,
and global failures under seismic loading should be
greater than 1.1.

3. Postconstruction settlement should be based on project
requirements.

Preliminary Design Design of geosynthetic-reinforced
slopes requires the determination of geosynthetic layout
(including length and spacing) and geosynthetic tensile
strength based on the performance requirements. The
determination of these parameters typically demands
a trial-and-error process, which is tedious. The charts
developed by Schmertmann et al. (1987), as shown in
Figure 10.4, can estimate these parameters as a preliminary
design. These charts were developed using limit equilibrium
analyses of reinforced slopes with circular, wedge, and
smooth noncircular slip surfaces based on the following
conditions:

• Geosynthetic reinforcement
• Uniform, cohesionless reinforced and retained fills (i.e.,

c = 0)
• No pore water pressure within fills (i.e., u = 0)
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Figure 10.4 Design chart for geosynthetic-reinforced slopes: (a) force coefficient and (b)
length ration (after Schmertmann et al., 1987, with permission from Industrial Fabrics
Association International).

• Horizontal firm foundation (i.e., no slip surface into the
foundation)

• No seismic force
• Uniform surcharge on the top of the slope with a mag-

nitude less than 0.2𝛾rH (𝛾r is the unit weight of the
reinforced fill and H is the height of the slope)

• Interface friction angle between geosynthetic and fill =
0.9𝜙′r.

This preliminary design includes three design steps:

1. Use the following factored friction angle of the rein-
forced fill to determine the force coefficient K from
Figure 10.4(a):

𝜙
′
f = arctan

(
tan𝜙′r

FS

)
(10.1)

where 𝜙
′
f = factored effective friction angle of

reinforced fill
𝜙
′
r = effective friction angle of reinforced fill

FS= factor of safety

2. Calculate the total maximum required tensile strength
of reinforcements as follows:

Tmax = 0.5K𝛾r(H′)2 (10.2)

where K= geosynthetic force coefficient from Figure
10.4(a)

𝛾r = unit weight of reinforced fill
H′ =H + p∕𝛾r
H= height of reinforced slope
p= uniform surcharge of slope

The distribution of the total maximum required tensile
strength to reinforcements depends on the slope height.
When H < 6 m, Tmax is distributed uniformly to each
reinforcement (i.e., Tmax∕NR for each reinforcement, NR
= number of reinforcements). When H > 6 m, the slope
can be divided into two zones or three zones in equal
height. For two zones, 3

4
Tmax should be distributed to the

bottom zone, while 1
4

Tmax should be distributed to the

top zone. For three zones, 1
2

Tmax, 1
3

Tmax, and 1
6

Tmax
should be distributed to the bottom, middle, and top
zones, respectively. The number of reinforcements in
each zone can be calculated based on assumed spacing.

3. Determine the required top and bottom reinforcement
lengths, LT and LB, from Figure 10.4(b). The reinforce-
ment lengths between the top and bottom reinforce-
ments can be interpolated linearly.

Slope Stability Analysis Different from the design, slope
stability analysis is conducted based on known parameters to
calculate the minimum factors of safety with different failure
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modes, which are compared with the performance require-
ments. If the calculated factor of safety is lower than the
required value, the parameters need to be adjusted until the
performance requirements are met. Therefore, the analysis
process is a trial-and-error process. An experienced designer
can quickly find the solution with a few trials. The advantage
of the analysis over the design is that it provides more flex-
ibility to adjust geosynthetic layout and design strength so
that a more efficient and economical design can be achieved.
Slope stability analysis typically examines internal stability,
surficial stability, compound stability, and global stability.

1. Internal Stability Internal stability analysis assumes
slip surfaces passing through geosynthetic reinforcement.
Both Bishop’s and Spencer’s methods can be used for this
purpose. The contribution of geosynthetic reinforcement is
considered providing tensile resistance to the movement of
the active soil. Geosynthetic reinforcement can have three
different failure modes in soil, as shown in Figure 10.5: (1)
tensile rupture, (2) pullout from stable soil (i.e., rear pullout),
and (3) pullout from face (front pullout).

The allowable tensile strength of geosynthetic reinforce-
ment can be determined as the ultimate tensile strength di-
vided by the reduction factors due to creep, installation dam-
age, and durability as discussed in Chapter 2. The pullout
resistance of geosynthetic reinforcement can be estimated by
the following equation:

Tpo = 2F∗𝛼se𝜎
′
zLaRc (10.3)

where F∗ = pullout resistance (or friction-
bearing-interaction) factor (commonly
assumed as F∗ = tan 𝛿 = Ci tan𝜙)

𝛿 = interface friction angle between
geosynthetic and soil

Ci = interaction coefficient [typically ranging
from 0.6 to 1.0 and 0.67 as the default
value suggested by Berg et al. (2009)]

𝜙= friction angle of soil
𝛼se = a scale effect correction factor to account

for a nonlinear stress reduction over the
embedded length [0.6–1.0 for
geosynthetics and the default values of
0.6 for geotextile and 0.8 for geogrid as
suggested by Holtz et al. (2008)]

𝜎
′
z = normal stress applied on the geosynthetic

reinforcement
La = anchorage length of the geosynthetic

reinforcement (i.e., Laf for the front
pullout or Lar for the rear pullout as
shown in Figure 10.5)

Rc = percent coverage of the geosynthetic
area over a tributary area
[i.e., Rc = (Ag∕A) ⋅ 100%] as shown
in Figure 10.6.

Percent coverage of geosynthetic reinforcement is some-
times used in practice to create a more economic design. The
locations of geosynthetic layers below and above the cur-
rent elevation should be offset to avoid creating large vertical

Figure 10.6 Percent coverage of geosynthetic reinforcement.

(a) (b) (c)

Figure 10.5 Possible failure modes of geosynthetic reinforcement in slope: (a) rupture,
(b) front pullout, and (c) rear pullout (modified from Han and Leshchinsky, 2006).
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unreinforced spacing as show in Figure 10.6. Due to the re-
duction of the cross section of geosynthetic reinforcement,
the allowable tensile strength of the geosynthetic reinforce-
ment should be multiplied by the percent coverage before
used in design.

The contribution of geosynthetic reinforcement to the sta-
bility of reinforcement is to provide an anchorage force to the
active soil mass through the stable soil. This anchorage force
is often considered providing additional resisting moment to
the active soil. Holtz et al. (2008) suggested adding this re-
sisting moment provided by geosynthetic reinforcement to
the resisting moment provided by soil in the calculation of
factor of safety as follows:

FSr =
Mr +Mg

Md
(10.4)

where FSr = factor of safety of reinforced slope
Mr = resisting moment provided by soil
Mg = resisting moment provided by

geosynthetic reinforcement
Md = driving moment due to soil weight and

surcharge

When the reinforcement force for each layer is explicitly
accounted for, Equation (10.4) can be rewritten as

FSr =

Mr +
N∑

i=1

Taiygi

Md
= FSu +

N∑
i=1

Taiygi

Md
(10.5)

where i= ith soil slice
N= total number of soil slices

Tai = allowable tensile strength provided by the
geosynthetic, which is the least of the
rupture strength, and rear and front
pullout capacities of the geosynthetic
(when no geosynthetic intersects with
the base of the slip surface, Tai = 0)

ygi = vertical distance from the center of circle
to the reinforcement (see Figure 10.7)

FSu = factor of safety for unreinforced slope,
which can be calculated following the
procedure discussed in Chapter 2

The stability of a reinforced slope under seismic loading
can be analyzed by considering a pseudoforce in each soil
slice as shown in Figure 10.8:

FSr =

Mr +
N∑

i=1

Taiygi

Md +
N∑

i=1

khsWiyi

(10.6)

Tai

Figure 10.7 Notations used in circular slip surface stability
analysis.

kshWi

Figure 10.8 Consideration of horizontal seismic loading.

where yi = vertical distance from the center of circle
to the centroid of soil slice

khs = horizontal seismic coefficient
Wi =weight of fill slice

Considering the flexibility of reinforced slopes, the hori-
zontal seismic coefficient can be taken as half of the seis-
mic ground coefficient as suggested by AASHTO (2012)
AASHTO LRFD Bridge Design Specifications (Section 11:
Walls, Abutments, and Piers).

A more rigorous solution for a reinforced slope was ob-
tained and is provided in the manual of the ReSSA soft-
ware (ADAMA Engineering, Inc.), which follows the Bishop
procedure of derivations for force and moment equilibrium
(Figure 10.9) as follows:

FSr =

N∑
i=1

{
[ciΔxi + (Wi − Tai sin 𝜃ri) tan𝜙i]∕mai

}
N∑

i=1

[
Wi sin 𝛼i − Tai cos(𝛼i − 𝜃ri)

] (10.7)

where ci = cohesion of fill
𝜙i = friction angle of fill
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θri

αi

Tai

Taf,i

Figure 10.9 Force diagram in the modified Bishop’s simplified
method under static load (Courtesy ADAMA Engineering, Inc.).

Δxi = thickness of fill slice
Wi =weight of fill slice
Tai = allowable tensile strength provided by the

geosynthetic (controlled by rupture or
pullout)

𝜃ri = rotational angle of the geosynthetic
𝛼i = base inclination of the slice

m
𝛼i = cos 𝛼i + tan𝜙 sin 𝛼i∕FS

The rotational angle of the geosynthetic from the horizontal
direction may be considered in the design. The possible angle
ranges from 0∘ (no rotation) to the inclination of the slip
surface (full rotation).

2. Surficial Stability Due to potential shallow slip surfaces,
as shown in Figure 10.10, the factor of safety of surficial
slope stability is estimated based on the theory for an infinite
slope (Collin, 1996):

FS =

c′H + (𝛾sat − 𝛾w)Hzcos2
𝛽 tan𝜙′

+ Ta(cos 𝛽 sin 𝛽 + sin2
𝛽 tan𝜙′)

𝛾satHz cos 𝛽 sin 𝛽
(10.8)

where c′ = effective cohesion of soil
𝜙
′ = effective friction angle of soil

H= slope height
𝛾sat = saturated unit weight of soil
𝛾w = unit weight of water

z= depth of slip surface
𝛽 = slope angle

Ta = total allowable tensile strength of
geosynthetic layers intersecting with
the slip surafce (controlled by rupture
or pullout of geosynthetic)

Figure 10.10 Secondary reinforcement layout.

When front pullout is a dominant failure mode, geosyn-
thetic can be wrapped around at the slope face to increase its
pullout capacity as shown in Figure 10.11.

3. Compound Stability The analysis of compound stability
is similar to that of internal stability. Only the geosynthetic
layers intersected by the slip surface should be considered in
the stability analysis because they contribute to the stability
of the slope. The formulas presented in the internal stability
section can be used for this analysis.

4. Global Stability The global stability analysis examines
slip surfaces beyond the reinforced fill and often becomes a
concern when a slope is constructed on a weak foundation
or a toe slope. This analysis has nothing to do with geosyn-
thetic reinforcement; therefore, it is the same as that for an
unreinforced slope.

Except for the surficial slope stability analysis, most of the
above analyses are based on circular slip surfaces. Under
certain conditions, such as the existence of a thin weak soil
layer under the slope, translational failure may be more crit-
ical than circular slip failure. Translational stability analysis
can utilize two-part and three-part wedge analyses, which are
based on Spencer’s method.

Figure 10.11 Wrapped-around facing.
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Computer-Assisted Design A number of software available
on the market can assist the analysis of reinforced slopes con-
sidering all the preceding failure modes. Most software is
limit-equilibrium-based and some are based on limit analy-
sis. Use of numerical software has been increased for slope
stability analyses. With the rapid increase of computer speed,
an analysis searching through thousands of slip surfaces us-
ing limit-equilibrium-based software may only take a few
seconds to a few minutes. Numerical software may require
more refined data and take longer than the software based on
the limit equilibrium method to complete an analysis from a
few minutes to a few hours, which are often acceptable for
practical applications.

10.2.4 Design Parameters and Procedure

Design Parameters Design parameters for geosynthetic-
reinforced slopes include the following:

• Geometry of slope (height, slope angle, reinforced fill
zone, retained fill zone, top slope if any, and foundation
soil including toe slope if any)

• Properties of reinforced fill (unit weight, cohesion, and
friction angle)

• Properties of retained fill, top and/or toe slope, and foun-
dation soil (unit weight, cohesion, and friction angle)

• Layout of geosynthetic reinforcements (length and
spacing)

• Properties of geosynthetic reinforcements (allowable
tensile strength and interaction coefficient with fill)

• Surcharge

The recommended gradation and plasticity for backfill
used for reinforced slopes are provided in Table 10.2.

Design Procedure A preliminary design may be conducted
first to understand the basic requirements for geosynthetic
layout and tensile strengths. An analysis can be performed

Table 10.2 Recommended Backfill for
Geosynthetic-Reinforced Slopes

Sieve Size (mm) Percent Passing

20 75–100
4.75 20–100
0.425 0–60
0.075 0–50

Plasticity index (PI) ≤ 20

Source: Elias et al. (2001).

later to adjust the design parameters to achieve more efficient
and economical design. The following analysis procedure is
typically adopted in practice:

1. Run a stability analysis for the unreinforced slope, iden-
tify the critical slip surface, and compute the minimum
factor of safety.

2. Place geosynthetic reinforcements in equal spacing and
equal length. The lowermost reinforcement should be
placed at the bottom of the slope if the critical slip
surface is below the top of the foundation soil under
the unreinforced slope. The lowermost reinforcement
may be placed above the bottom of the slope if the
critical slip surface is above the foundation soil. The
reinforcement length should be at least 1 m beyond the
critical slip surface toward the stable zone.

3. Assign the properties of geosynthetic reinforcements.
4. Run a stability analysis for the reinforced slope and

identify the critical slip surface and compute the min-
imum factor of safety. If the computed minimum factor
of safety is at the target value or slightly greater than the
target value, the procedure is complete.

5. If the computed minimum factor of safety is higher or
lower than the target value, adjust layout and properties
of geosynthetic reinforcements and repeat steps 4 and 5
until the desired factor of safety is achieved.

The preceding procedure is only for the slope stability
analysis on one failure mode. The same procedure can be
used for the analysis on other failure modes. It is always a
good idea to check all the failure modes. These analyses can
be accomplished using design software.

Design Example 10.1

A geosynthetic-reinforced slope as shown in Example
Figure 10.1 is to be built on a firm foundation. The
reinforced fill has a unit weight of 19.6 kN/m3 and a
friction angle of 30∘ (assume the cohesion of this fill
is equal to 0). Three geosynthetic layers are used. The
geosynthetic layers have an ultimate tensile strength of
43.8 kN/m. The installation damage factor, the dura-
bility factor, and the creep factor of this product is 1.2,
1.2, and 2.6, respectively. The interaction coefficient of
geosynthetic and fill is 0.8 and the scale effect correc-
tion factor is 0.8. The geosynthetic layers have 100%
coverage. The center of a slip circle is located right
above the toe of this slope and the radius of this cir-
cle is 3.6 m. Divide the soil mass above the slip surface
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into five slices and use the ordinary method to calculate
the factor of the slope (1) without geosynthetics and
(2) with geosynthetics.

Example Figure 10.1 Geometry for reinforced slope.

Solution

For demonstration purposes, the ordinary method is
used herein.

1. Slices. The soil mass above the slip surface is divided
into five slices as shown in Example Figure 10.2
(not to scale).
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Example Figure 10.2 Slices for reinforced slope analysis.

The distance CD can be calculated as

CD = AC
tan 60∘

= 3
1.73

= 1.74 m

The distance DB can be calculated as

DB = CB − CD =
√

OB2 − OC2 − CD

=
√

3.62 − 0.62 − 1.74 = 1.8 m

The 𝛼 angles at points G, H, I, J, and B can be
calculated as follows:

sin 𝛼G =
0.6
3.6

= 0.167 𝛼G = 9.6∘

sin 𝛼H =
1.17
3.6

= 0.325 𝛼H = 19.0∘

sin 𝛼I =
1.74
3.6

= 0.483 𝛼I = 28.9∘

sin 𝛼J =
2.64
3.6

= 0.733 𝛼J = 47.1∘

sin 𝛼B =
3.54
3.6

= 0.983 𝛼B = 79.5∘

The 𝛼 angles in the middle between two adjacent
points A, G, H, I, J, and B can be calculated as
follows:

𝛼AG =
𝛼A + 𝛼G

2
= 0 + 9.6∘

2
= 4.8∘

𝛼GH =
𝛼G + 𝛼H

2
= 9.6∘ + 19.0∘

2
= 14.3∘

𝛼HI =
𝛼H + 𝛼I

2
= 19.0∘ + 28.9∘

2
= 24.0∘

𝛼IJ =
𝛼I + 𝛼J

2
= 28.9∘ + 47.1∘

2
= 37.6∘

𝛼JB =
𝛼J + 𝛼B

2
= 47.1∘ + 79.5∘

2
= 63.3∘

The lengths of EG, FH, DI, and LJ can be calcu-
lated as

EG = 0.6 tan 60∘ − (3.6 − 3.6 cos 9.6∘)

= 0.6 × 1.73 − (3.6 − 3.6 × 0.986) = 0.99 m

FH = 1.17 tan 60∘ − (3.6 − 3.6 cos 19∘)

= 1.17 × 1.73 − (3.6 − 3.6 × 0.946) = 1.83 m

DI = 1.74 tan 60∘ − (3.6 − 3.6 cos 28.9∘)

= 1.74 × 1.73 − (3.6 − 3.6 × 0.875) = 2.57 m

LJ = 3 − (3.6 − 3.6 cos 47.1∘)

= 3 − (3.6 − 3.6 × 0.681) = 1.85 m

The approximate areas of AEG, EGHF, FHID,
DILJ, and LJB can be calculated as

AEG = 1∕2 × 0.6 × EG = 0.296 m2

EGHF = 1∕2 × 0.57 × (EG + FH)

= 1∕2 × 0.57 × (0.99 + 1.83) = 0.804 m2

FHID = 1∕2 × 0.57 × (FH + DI)

= 1∕2 × 0.57 × (1.83 + 2.57) = 1.254 m2
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DIJL = 1∕2 × 0.9 × (DI + LJ)

= 1∕2 × 0.9 × (2.57 + 1.85) = 1.989 m2

LJB = 1∕2 × 0.9 × LJ

= 1∕2 × 0.9 × 1.85 = 0.833 m2

2. Slice weights. The weights of AEG, EGHF, FHID,
DILJ, and LJB can be calculated as

WAEG = 0.296 × 19.6 = 5.8 kN∕m

WEGHF = 0.804 × 19.6 = 15.8 kN∕m

WFHID = 1.254 × 19.6 = 24.6 kN∕m

WDIJL = 1.989 × 19.6 = 39.0 kN∕m

WLJB = 0.833 × 19.6 = 16.3 kN∕m

The normal force along the slip surface for each slice
can be calculated as

NAG=WAEG cos 𝛼AG=5.8 × cos 4.8∘

=5.8 kN∕m

NGH=WEGHF cos 𝛼GH=15.8 × cos 14.3∘

=15.3 kN∕m

NHI=WFHID cos 𝛼HI=24.6 × cos 24∘

=22.5 kN∕m

NIJ=WDIJL cos 𝛼IJ=39.0 × cos 37.6∘

=30.9 kN∕m

NJB=WLJB cos 𝛼JB=16.3 × cos 63.3∘

=7.3 kN∕m

The shear force along the slip surface for each slice
can be calculated as (since c = 0)

TAG = NAG tan 𝜙 = 5.8 tan 30∘ = 3.3 kN∕m

TGH = NGH tan 𝜙 = 15.3 tan 30∘ = 8.8 kN∕m

THI = NHI tan 𝜙 = 22.5 tan 30∘ = 13.0 kN∕m

TIJ = NIJ tan 𝜙 = 30.9 tan 30∘ = 17.8 kN∕m

TJB = TJB tan 𝜙 = 7.3 tan 30∘ = 4.2 kN∕m

3. Moments. The driving moment is the sum of the
weight of each slice multiplying the arm distance
from the center of each slice to the origin:

Md = WAEG ⋅ x1 +WEGHF ⋅ x2 +WFHID ⋅ x3

+WDIJL ⋅ x4 +WLJB ⋅ x5

= 5.8 × 0.6
2
+ 15.8 ×

(
0.6 + 0.57

2

)
+ 24.6 ×

(
1.17 + 0.57

2

)
+ 39.0 ×

(
1.74 + 0.9

2

)
+ 16.3 ×

(
2.64 + 0.9

2

)
= 1.74 + 13.98 + 35.79 + 85.41

+ 50.37 = 187 kN ⋅ m∕m

The resisting moment for the unreinforced case is
the sum of the shear force of each slice multiplying
the radius of the circle:

Mr = TAG ⋅ R + TGH ⋅ R + THI ⋅ R + TIJ ⋅ R + TJB ⋅ R

= 3.3 × 3.6 + 8.8 × 3.6 + 13.0 × 3.6

+ 17.8 × 3.6 + 4.2 × 3.6

= 170 kN ⋅ m∕m

4. Factor of safety for the unreinforced slope. The fac-
tor of safety for the unreinforced case is

FSu =
Mr

Md
= 170

187
= 0.9

5. Reinforced slope. The design strength of geosyn-
thetic layers is

Ta =
Tult

RFIDRFDRFCR
= 43.8

1.2 × 1.2 × 2.6

= 11.7 kN∕m

The anchorage length of each geosynthetic layer can
be calculated as follows:

Lar1 = UK + L − US = 2.4
tan 60∘

+ 3.6 −
√

3.62 − 1.22 = 1.59 m

Laf1 = 3.6 − 1.59 = 2.01 m

Lar2 =
1.5

tan 60∘
+ 3.6 −

√
3.62 − 2.12 = 1.53 m,

Laf2 = 3.6 − 1.53 = 2.07 m

Lar3 =
0.6

tan 60∘
+ 3.6 −

√
3.62 − 32 = 1.95 m,

Laf3 = 3.6 − 1.95 = 1.65 m
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The allowable pullout capacity of each geosyn-
thetic layer from the rear is (assume the factor of
safety for pullout is 1.5)

Tpo1 =
2𝜎′zLar1𝛼seCi tan𝜙Rc

FSpo

= 2 × 19.6 × 0.6 × 1.59 × 0.8 × 0.8

× tan 30∘ × 1.0∕1.5 = 9.2 kN∕m

Tpo2 =
2𝜎′zLar2𝛼seCi tan𝜙Rc

FSpo

= 2 × 19.6 × 1.5 × 1.53 × 0.8 × 0.8

× tan 30∘ × 1.0∕1.5 = 22.2 kN∕m

Tpo3 =
2𝜎′zLar3𝛼seCi tan𝜙Rc

FSpo

= 2 × 19.6 × 2.4 × 1.95 × 0.8 × 0.8

× tan 30∘ × 1.0∕1.5 = 45.2 kN∕m

The allowable pullout capacity of each geosynthetic
layer from the front is (assume the factor of safety
for pullout is 1.5) as follows.

The weight of fill above the geosynthetic layer
1 in the active side and the pullout capacity of this
geosynthetic layer are:

W1 = 𝜎
′
zLaf1 =

1
2

(
2.01 + 2.01 − 0.6

tan 60∘
)

× 0.6 × 19.6 = 21.6 kN∕m

T ′po1 =
2W1𝛼seCi tan𝜙Rc

FSpo
= 2 × 21.6 × 0.8

× 0.8 × tan 30∘ × 1.0∕1.5 = 10.6 kN∕m

The weight of fill above the geosynthetic layer 2
in the active side and the pullout capacity of this
geosynthetic layer are:

W2 = 𝜎
′
zLaf2 =

1
2

(
2.07 + 2.07 − 1.5

tan 60∘
)

× 1.5 × 19.6 = 48.1 kN∕m

T ′po2 =
2W2𝛼seCi tan𝜙Rc

FSpo
= 2 × 48.1 × 0.8

× 0.8 × tan 30∘ × 1.0∕1.5 = 23.7 kN∕m

The weight of fill above the geosynthetic layer 3
in the active side and the pullout capacity of this
geosynthetic layer are:

W3 = 𝜎
′
zLaf3 =

1
2

[
1.65 +max

(
1.65 − 2.4

tan 60∘
, 0

)]
× 2.4 × 19.6 = 45.0 kN∕m

T ′po3 =
2W3𝛼seCi tan𝜙Rc

FSpo
= 2 × 45 × 0.8 × 0.8

× tan 30∘ × 1.0∕1.5 = 22.2 kN∕m

Since Tpo1 is less than T ′po1 and Ta, the pullout

from the rear will control. The design strength for
geosynthetic layer 1 is Ta1 = 9.2 kN∕m.

Since Tpo2 and T ′po2 are both greater than Ta, the

rupture of geosynthetic will control. The design
strengthforgeosynthetic layer2isTa2 = 11.7 kN∕m.

Since Tpo3 and T ′po3 are both greater than Ta, the

rupture of geosynthetic will control. The design
strengthforgeosynthetic layer3isTa3 = 11.7 kN∕m.

The total resisting moment provided by the three
layers of geosynthetics is

Mg =
∑

Taiygi = 9.2 × 1.2 + 11.7 × 2.1 + 11.7 × 3

= 70.7 kN ⋅ m∕m

The factor of safety for the reinforced case is

FSr =
Mr +Mg

Md
= 170 + 70.7

187
= 1.28

10.2.5 Construction

Construction of a reinforced slope is relatively easy, which
mainly involves placement of geosynthetic and fill followed
by compaction and installation of facing. The following con-
struction sequence is commonly adopted in the field:

1. Prepare a site by removing large objects (e.g., trees),
leveling ground, dewatering, filling existing ponds and
local depressed area, and so forth.

2. Place the lowermost geosynthetic or the first lift of fill
depending on design. If the geosynthetic is placed first,
the principal strength direction of the reinforcement
should be oriented toward the slope facing.

3. Place and compact fill on the reinforcement. A vibratory
roller or plate compactor can be used to compact gran-
ular fill while a rubber-tired compactor can be used for
cohesive fill. A lightweight compactor should be used
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close to the slope face to avoid soil movement toward
the face. The maximum lift thickness of granular fill
should be limited to 300 mm, while the maximum lift
thickness of cohesive fill should be limited to 200 mm.
The fill should be compacted to at least 95% the max-
imum dry density determined by laboratory standard
Proctor tests.

4. Construct slope face. An appropriate face should be
selected based on the recommendations in Table 10.1.
At a flatter slope (slope angle < 45∘), no wrapped face is
needed, but the vertical spacing of geosynthetics should
be limited to the maximum of 0.4 m. The geosynthetic
layers are extended to the slope face. At a steeper slope
(slope angle > 45∘), gabion stone can be placed at the
face. Alternatively, wrapped face can be constructed as
shown in Figure 10.11. Welded wire baskets are often
used in the field to help install the face.

The general construction procedure for fill compaction dis-
cussed in Chapter 3 should be followed.

10.2.6 Quality Control and Assurance

Quality control and assurance typically include the following
items:

• Gradation and plasticity index of backfill
• Allowable tensile strength of geosynthetic reinforce-

ment
• Installation damage to geosynthetic
• Density of compacted fill
• Drainage system components and installation
• Vertical spacing of primary and secondary reinforce-

ments
• Lengths and orientations of primary and secondary re-

inforcements including wrapped face return
• Slope angle, alignment, and top elevation
• Lateral movement and settlement of slope

Field test methods, such as the nuclear gauge method, the
sand cone method, and the rubber balloon method, have been
commonly used for quality assurance of the density of the
compacted fill.

10.3 GEOSYNTHETIC-REINFORCED
EMBANKMENTS

10.3.1 Introduction

Basic Concept Embankment is a man-made mound of
earth fill to confine water or support roadways. Hydraulic
dams, since their magnitudes are much larger than typical
embankments and their requirements are very different, are

not considered in this book. Embankments, especially when
constructed on soft soils, may encounter bearing capacity,
stability, and settlement problems. A variety of techniques
are available to geotechnical engineers to address these
problems, including preloading and/or staged construction,
use of lightweight fill, overexcavation and replacement,
geosynthetic reinforcement, and column technologies.
The advantages and disadvantages of these techniques are
discussed in Magnan (1994).

Among these techniques, geosynthetic reinforcement is
one of the commonly used ones. Geosynthetic reinforce-
ment is placed at the base of the embankment to increase
bearing capacity, enhance stability, and reduce differential
settlement. Therefore, it is also referred to as basal reinforce-
ment. High-strength geotextile and uniaxial geogrid have
been commonly used for this application.

Suitability Geosynthetic-reinforced embankments are suit-
able and cost effective when they are constructed over weak
foundations without strict settlement and time constraints.
Settlement can be significantly reduced when columns are
used under the geosynthetic-reinforced embankment. This
method will be discussed in the next section. Vertical drains
can be used to shorten construction and consolidation time,
which have been discussed in Chapter 7. A variety of fill
materials, such as gravel, sand, and clay, can be used for em-
bankment construction. Lightweight fill is used under some
occasions when extremely soft soil is encountered and/or
rapid construction is needed.

Applications Geosynthetic-reinforced embankments have
been commonly used for levees or dikes, tailing dams, high-
ways, and railways. They have also been used to widen ex-
isting embankments.

Advantages and Limitations The use of basal reinforce-
ment can speed up the construction, avoid potential bearing
failure and slope instability, increase the height of the em-
bankment, and eliminate stabilizing berms. Construction of
geosynthetic-reinforced embankments is relatively easy and
does not require specialty contractors and equipment except
earthmoving and compaction equipment.

However, geosynthetic reinforcement is not effective in
reducing total settlement of the embankment. Construction
takes time and often requires field monitoring and construc-
tion rate control to avoid possible bearing or slope failure.

10.3.2 Principles

FailureModes Geosynthetic-reinforced embankments over
soft soils may have the following failure modes (Fi-
gure 10.12): (1) local bearing failure due to lateral squeeze
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Figure 10.12 Potential failure modes of geosynthetic-reinforced embankments (modified
from Fowler and Koerner, 1987, with permission from Industrial Fabrics Association Inter-
national).

of a thin soft soil from the toe of the embankment, (2) general
bearing failure, (3) lateral spreading above the geosynthetic,
(4) global failure, and (5) excessive total and/or differential
settlement. For lateral squeeze and bearing failure, the
two key controlling factors are the embankment height,
H, and the slope angle. For lateral spreading, the two key
controlling factors are the interface shear resistance between
geosynthetic and embankment fill or soft soil, 𝜏, and the
tensile strength of the geosynthetic, T. For the global failure,
the geosynthetic reinforcement can fail due to rupture
(depending on the tensile strength of the geosynthetic, T) or
pullout (depending on the interface shear resistance between
geosynthetic and embankment fill or soft soil, 𝜏 and the
anchorage length, L), which is the same as what has been
discussed in the reinforced slope design in the previous
section. The elastic modulus, E, and the tolerable strain, 𝜖,
of the geosynthetic reinforcement may affect the settlement
of the embankment (especially the differential settlement).

Basal Reinforcement Mechanism In addition to providing
tensile resistance, Houlsby and Jewell (1988) attributed the
geosynthetic to provide additional contribution by altering the
interface characteristics between the embankment and the soft
foundation. The construction of an embankment induces not
only vertical stresses but also shear stresses at the interface
between the embankment and the soft foundation. Without
a geosynthetic layer, the shear stresses on the top of the soft
foundation are outward as shown in Figure 10.13. The out-
ward shear stresses reduce the ultimate bearing capacity of the
soft foundation as compared with that under vertical stresses
only without any shear stress as shown in Figure 10.14. When
the shear stress on the top of the uniform soft foundation
τ = 0 (i.e., a smooth surface), the bearing capacity factor
Nc = 5.14. When the outward shear stress 𝜏 = cu, the bear-
ing capacity factor Nc is 2.57, which is half of that without
the shear stress. However, Figure 10.13 also shows that the

geosynthetic reinforcement resists the shear stresses induced
by the lateral thrust by the embankment fill. At the same time,
the geosynthetic reinforcement applies inward shear stresses
to the soft foundation so that the ultimate bearing capacity
of the soft foundation is increased. When the inward shear
stress 𝜏 = cu, the top surface of the soft foundation is fully
restrained by the reinforcement as a rough surface. The bear-
ing capacity factor of a uniform soft foundation with a rough
surface is Nc = 5.71 (Giroud and Han, 2004a).

10.3.3 Design Considerations

Performance Requirements The performance require-
ments tabulated in Table 10.3 are commonly used in practice
(Holtz et al., 2008) to design geosynthetic-reinforced
embankments.

Local Bearing Failure Local bearing failure (or lateral
squeeze or extrusion failure) may occur when a thin soft soil
existing above a firm soil and below the embankment toe
as shown in Figure 10.15. When the soft soil has a uniform
undrained shear strength, cu, and is underlain by a rough firm
soil, the factor of safety against the local bearing failure can
be estimated as follows (Jewell, 1988):

FS =
4cu

𝛾eH + p
+
(1 + 𝛼sr)cu

𝛾eh tan 𝛽
(10.9)

where cu = undrained shear strength of soft soil

𝛾e = unit weight of embankment soil

h= thickness of soft soil

H= height of embankment

p= surcharge on the crest of embankment

𝛽 = slope angle

𝛼sr = ratio of shear stress to undrained shear
strength of soft soil (ranging from −1 to 1)
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Figure 10.13 Basal reinforcement mechanism (modified from Houlsby and Jewell, 1988).
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Figure 10.14 Effect of outward shear stress on bearing capacity
factor (modified from Houlsby and Jewell, 1988).

When 𝛼sr = 1, it represents a fully restrained upper surface
with inward shear stresses (i.e., a rough surface). Under this
condition, this formula is similar to that obtained by Silvestri
(1983) in which a constant of 4.14 instead of 4 is used. When
𝛼sr = 0, it represents a free upper surface (i.e., a smooth
surface). For an unreinforced embankment, 𝛼sr = −1 (i.e.,
outward shear stresses).

General Bearing Failure The general bearing failure may
happen when the reinforced embankment behaves as an

Table 10.3 Performance Requirements for
Geosynthetic-Reinforced Embankments

Failure Mode Requirement

General bearing capacity FS > 1.5–2.0

Local bearing failure FS > 1.3–2.0

Global rotational failure FS> 1.3 at end of construc-
tion and 1.5 in long term

Lateral spreading FS > 1.5

Failure under seismic load-
ing

FS > 1.1

Settlement and differential
settlement

Project dependent

equivalent rigid footing. When the soft soil is deeper than
1.6 times the width of the footing, the bearing capacity fac-
tor is Nc = 5.14, which assumes a smooth interface between
the footing and the soft soil. When the soft soil has a limited
thickness (e.g., underlain by bedrock or a firm soil stratum),
the bearing capacity factor, Nc, can be estimated based on the
ratio of the average width of the embankment to the thickness
of soft soil (Figure 10.16). The boundary conditions noted in
the figure are referred to as the surface roughness of the firm
stratum.
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Figure 10.15 (a) Local bearing failure mode and (b) model for
analysis (after Silvestri 1983, with permission from Canadian
Geotechnical Journal).

The average applied pressure on the average footing width,
p′, is

p′ = 𝛾eH +
pBt

B
(10.10)

where 𝛾e = unit weight of the embankment fill
H= embankment height
B= average embankment width

Bt = embankment top width
p= surcharge on the crest of the embankment

The factor of safety against the general bearing failure is

FS =
Nccu

p′
=

NccuB

𝛾eHB + pBt
(10.11)

Lateral Spreading Due to the lateral thrust from the active
earth pressure, the soil wedge may slide above or below the
geosynthetic reinforcement as shown in Figure 10.17. The
factor of safety against these two lateral spreading modes can
be calculated as follows:

Sliding above the reinforcement:

FS =
Tr1

Pa
=

0.5𝛾eHbCi1 tan𝜙′

Ka(0.5𝛾eH2 + pH)
(10.12)

Sliding below the reinforcement:

FS =
Tr2 + Ta

Pa
=

bCi2cu + Ta

Ka(0.5𝛾eH2 + pH)
(10.13)

h

Figure 10.17 Lateral spreading analysis.

(a) (b)

Figure 10.16 (a) Embankment dimensions and soil conditions and (b) bearing capacity
factor considering limited thickness of soft soil (modified from Bonaparte et al. (1978)).
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where Tr1, Tr2 = shear resistance above and below the
geosynthetic reinforcement,
respectively

Pa = lateral active thrust from the
embankment

𝛾e = unit weight of the embankment fill
𝜙′ = effective friction angle of the

embankment fill
cu = undrained shear strength of the soft

soil
Ta = allowable tensile strength of the

geosynthetic reinforcement
Ci1, Ci2 = interaction coefficients between

geosynthetic and embankment fill
and between geosynthetic and soft
soil, respectively

p= surcharge on the crest of embankment

Design of geosynthetic-reinforced embankments over soft
soils should consider the strain compatibility among geosyn-
thetic, embankment fill, and soft soil (especially sensitive
soil). Elias et al. (2006) suggested the allowable tensile
strength of the geosynthetic reinforcement should be selected
in terms of a tolerable strain limit according to the quality of
embankment fill and/or properties of soft soil. For a cohe-
sionless fill, the tolerable strain limit of the geosynthetic is
5–10%. For a cohesive fill, the tolerable strain limit of the
geosynthetic is 2%. When an embankment is constructed on
peat, the tolerable strain limit of the geosynthetic is 2–10%.

Circular Slip Failure Circular slip failure likely happens
when embankments are constructed on thick soft soils. The
method for a circular slip analysis of an embankment over
soft soil as shown in Figure 10.18 is similar to that for a
global slope stability of a reinforced slope. Different from
reinforced slopes, geosynthetic reinforcement is commonly
placed at the base of the embankment. The rotation of
geosynthetic reinforcement may be considered depending
on properties of foundation soil and tolerable deformation.
Holtz et al. (2008) have the following suggestion for the
angle of geosynthetic rotation:

𝜃ri = 0 for brittle, strain-sensitive foundation soil (e.g.,
leached marine clay) or where a crust layer is considered
in the analysis for increased support.

𝜃ri = 𝛼i∕2 for soil depth to embankment width ratio h∕B ≤

0.4 and moderate to highly compressible soil (e.g., soft
clay, peat).

𝜃ri = 𝛼i for h∕B > 0.4 and highly compressible soil (e.g.,
soft clay, peat) and design geosynthetic elongation 𝜀g ≥

10% and large tolerable deformation.

Slip surface

Slice Fill

Foundation soil

Geosynthetic
Ta

h

Laf Lar

θri

αi

O
RR

 cos (α
i -θ

ri )

B

Figure 10.18 Circular slip analysis.

The tensile resistance of the geosynthetic reinforcement
Ta is limited by its tensile strength or pullout capacity. The
capacities of geosynthetic pullout from the front and the rear
should be calculated and the lesser of these two capacities
should be used in design.

Translational Failure Translational failure likely happens
when a shallow weak foundation exists under an embank-
ment. It can be analyzed using the two-part wedge and/or
three-part wedge methods as discussed in Section 10.2.3.

Simplified Method Milligan and Busbridge (1983) devel-
oped a simplified method for the design of geosynthetic-
reinforced embankments over weak foundations. This
method considers deep-seated circular failure and shal-
low translational failure as shown in Figure 10.19. In
Figure 10.19(a), the deep-seated circular failure surface de-
velops in the soft foundation, and the Rankine failure plane
develops in the embankment fill. In Milligan and Busbridge
(1983), no surcharge on the embankment was considered.
Their solutions can be easily expanded by considering the
surcharge on the embankment. The total embankment thrust
consists of the thrusts by the fill Pa1 and the surcharge Pa2.
Considering the foundation soil is uniform and undrained,
the center of the failure circle is above the midpoint of the
slope. Based on moment equilibrium, the following equation
can be derived to calculate the required tensile strength of
geosynthetic reinforcement:

Tf

𝛾eH2
= 1

2Y

[
2YZ − 1

12 tan 𝛽
+ Ka

(
Y − 1

3

)
+ 2Ka

p

𝛾eH

(
Y − 1

2

)
+ Z2 −

2cuf

𝛾eH
(Y + Z)2𝜃1

]
(10.14)

where Tf = factored tensile strength of geosynthetic
reinforcement, i.e., Tg/FS

Tg = required tensile strength of geosynthetic
reinforcement

FS= factor of safety
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where 𝛾e = unit weight of embankment fill
cuf = factored undrained shear strength of

foundation soil, i.e., cuf = cu/FS
Ka = coefficient of active earth pressure of

embankment fill, i.e.,
Ka = tan2(45∘ − 𝜙f∕2)

𝜙f = arc(tan𝜙∕FS)
𝜙= friction angle of embankment fill
p= surcharge on the crest of embankment
Y= y/H and y = vertical distance from the

center of circle to the geosynthetic
reinforcement

Z= h/H and h = thickness of weak
foundation soil

tan 𝜃1 =
√

2Z∕Y + (Z∕Y)2
H= height of embankment
𝛽 = slope angle

The factored tensile strength of geosynthetic reinforcement
can be determined as the maximum value of Tf by varying the
Y value. As shown in Equation (10.14), Y should be greater
than 1

3
without a surcharge or 1

2
with a surcharge.

For the shallow translational failure in Figure 10.19(b),
the slip surface is formed by the Rankine failure planes.
Based on the force equilibrium, the required tensile strength

of geosynthetic reinforcement can be derived as follows to
calculate the required tensile strength of geosynthetic rein-
forcement:

Tf

𝛾eH2
=

Ka

2
+ Ka

p

𝛾eH
+

ph

𝛾eH2
+ Z −

cuf

𝛾eH

(
4Z + 1

tan 𝛽

)
(10.15)

The preceding equation does not involve the variable Y.
The factored tensile strength of geosynthetic reinforcement
can be calculated with known parameters. The final factored
tensile strength of geosynthetic reinforcement should be the
larger value of Tf from these two calculations. It should be
noted that this simplified method is based on the assump-
tion that the Rankine earth pressure in the embankment fill
is fully mobilized. To satisfy this condition, the slip sur-
face should not cross the centerline of the embankment. In
other words, the average width of the embankment should
be wide enough. Otherwise, the solution would result in a
conservative design. Figure 10.20 shows the comparison of
the calculated results by the simplified method and the limit
equilibrium (LE) methods based on the Bishop approach
and the Spencer three-part wedge method at the factor of
safety equal to 1.0. The comparison shows that the simpli-
fied method overpredicts the required tensile strengths in
geosynthetic reinforcement as compared with the LE meth-
ods. The analysis also shows that the wedge failure controls
when h∕H ≤ 0.25.

Figure 10.19 (a) Deep-seated circular failure and (b) shallow translational failure
(modified from Milligan and Busbridge, 1983).
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Figure 10.20 Comparison of the calculated results by simplified
and LE methods.

Computer-Assisted Design A number of software available
on the market can assist the analysis of reinforced embank-
ments considering all the above failure modes. Most soft-
ware is limit-equilibrium-based and some are based on limit
analysis. Numerical software has been increasingly used for
slope stability analyses. With the rapid increase of computer
speeds, an analysis searching through thousands of slip sur-
faces using limit-equilibrium-based software may only take
a few seconds to a few minutes. Numerical software takes
longer to complete an analysis from a few minutes to a few
hours, which are often acceptable for practical applications.

10.3.4 Design Parameters and Procedure

Design Parameters Design parameters for geosynthetic-
reinforced embankments include the following:

• Geometry of embankment (height, side slope angle,
foundation soil, and depth to firm soil or bedrock if any)

• Properties of embankment fill (unit weight, cohesion,
and friction angle)

• Properties of foundation soil (unit weight, cohesion, and
friction angle)

• Location and length of geosynthetic reinforcements
• Properties of geosynthetic reinforcements (allowable

tensile strength and interaction coefficient with fill or
foundation soil)

• Surcharge

Design Procedure The following procedure may be used
for design/analysis of geosynthetic-reinforced embankments
over soft foundations:

1. Calculate the factors of safety against local and general
bearing failures for an unreinforced embankment.

2. Run a stability analysis for the unreinforced embank-
ment, identify the critical slip surface, and compute the
minimum factor of safety.

3. If at least one of the factors of safety is less than the
required, geosynthetic reinforcement is needed. Place
a full-length geosynthetic reinforcement at the base of
the embankment (two or more reinforcement layers may
be used if a single reinforcement layer is not enough).
Assign the properties of geosynthetic reinforcements
(including tensile strength and interaction coefficients
with fill and foundation soil).

4. Calculate the factors of safety against local and general
bearing failure, and lateral spreading for the reinforced
embankment. Adjust the parameters until all the calcu-
lated factors of safety are equal or slightly greater than
the required.

5. Run rotational and translational stability analyses for
the reinforced embankment and identify the critical slip
surface and compute the minimum factor of safety. If the
computed minimum factor of safety is at the target value
or slightly greater than the target value, the procedure
is complete. If the computed minimum factor of safety
is higher or lower than the target value, adjust layout
and properties of geosynthetic reinforcements until the
desired factor of safety is achieved.

For a small project or a preliminary design, the simplified
method developed by Milligan and Busbridge (1983) may
be used.

Design Example 10.2

A 4.5-m-high embankment is to be constructed on a
1.5-m-thick uniform soft soil with an undrained shear
strength of 15 kPa (the groundwater table is near the
ground surface). The embankment has 2 (horizontal):
1 (vertical) side slopes. The unit weight and the fric-
tion angle of the embankment fill are 20 kN/m3 and
34∘, respectively. The uniform soft soil is underlain by
bedrock. The required factor of safety is 1.5. Determine
the required tensile strength of the geosynthetic rein-
forcement using the simplified method.

Solution

The simplified method developed by Miligan and
Busbridge (1983) was based on factored soil strength.
The factored cohesion of the soft soil is

cuf =
cu

FS
= 15

1.5
= 10 kPa

The factored friction angle of the embankment fill is

𝜙f = arctan

[
tan (𝜙)

FS

]
= arctan

[
tan

(
34∘

)
1.5

]
= 24.2∘
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The active earth pressure coefficient of the embank-
ment fill is

Ka = tan2

(
45∘ −

𝜙f

2

)
= tan2

(
45∘ − 24.2∘

2

)
= 0.418

The ratio of soft soil depth to embankment height is

Z = h
H
= 1.5

4.5
= 0.333

Since Z ≥ 0.25, the circular failure mode controls.

tan 𝜃1 =
√

2Z∕Y + (Z∕Y)2

=
√

2 × 0.333∕Y + (0.333∕Y)2

=
√

0.667∕Y + 0.109∕Y2

Equation (10.14) can be used to calculate the re-
quired factored tensile strength of the geosynthetic
reinforcement.

Tf

𝛾eH2
= 1

2Y

[
2YZ − 1

12 tan 𝛽
+ Ka

(
Y − 1

3

)
+ 2Ka

p

𝛾eH

(
Y − 1

2

)]
+ Z2 −

2cuf

𝛾eH
(Y + Z)2𝜃1

= 1
2Y

⎡⎢⎢⎢⎢⎢⎢⎢⎣

2 × 0.333Y − 1
12 × 0.5

+ 0.418 (Y − 0.33) + 2

× 0.418 × 0 + 0.332

− 2 × 10
20 × 4.5

(Y + 0.333)2𝜃1

⎤⎥⎥⎥⎥⎥⎥⎥⎦
= 1

2Y
[0.667Y − 0.167 + 0.418 (Y − 0.33)

+ 0.945 − 0.222(Y + 0.333)2𝜃1]

To solve the preceding equation, Y should be varied
as shown in Example Table 10.4 and the maximum
value of Tf can be found within the range of Y as

Tf

𝛾eH2

= 0.125.
Therefore, the required tensile strength of the

geosynthetic reinforcement is

Tg = FS ⋅ Tf = FS ⋅
Tf

𝛾eH2
𝛾eH2

= 1.5 × 0.125 × 20 × 4.52 = 50.5 kN∕m

Example Table 10.4 Calculation of Tf

Y 𝜃1 Tf

1.0 0.723 0.076
1.1 0.696 0.089
1.2 0.672 0.099
1.3 0.650 0.107
1.4 0.631 0.112
1.5 0.613 0.117
1.6 0.596 0.120
1.7 0.581 0.122
1.8 0.567 0.124
1.9 0.553 0.124
2.0 0.541 0.125
2.1 0.530 0.125
2.2 0.519 0.124
2.3 0.509 0.123
2.4 0.499 0.122
2.5 0.490 0.121

10.3.5 Construction

The construction of geosynthetic-reinforced embankments
typically involves the following steps: site preparation, place-
ment of geosynthetic, placement of fill and compaction, and
construction monitoring.

Site preparation can vary depending on site conditions. It
may include removal of large objects (e.g., trees), leveling
of ground, dewatering, filling of existing ponds and local
depressed areas, and the like. Caution should be taken not
to disturb the soil below the designed elevation, especially
for sensitive soil. If the site is too weak for human activities
and/or light equipment, a construction platform needs be
constructed first. A low-strength sacrificial geosynthetic that
is often helpful to stabilize the ground can be placed first and
followed with a thin (100–150 mm) layer of soil.

Geosynthetic should be placed with the principal strength
direction perpendicular to the centerline of the embankment.
Unless geosynthetic seam or joint strength is used in the
design, no seam or joint should be allowed in the direc-
tion parallel to the centerline of the embankment. After the
placement of the geosynthetic, it should be manually pulled
straight to remove wrinkles. The surface of geosynthetic
should be visually inspected for possible defects, including
holes, rips, and tears. Defects should be removed and the ma-
terial replaced.
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Figure 10.21 Sequence of construction of geosynthetic-reinforced embankment on extremely weak foun-
dation (modified from Haliburton et al., 1977).

The sequence and rate of fill placement depend on the
properties of soft foundations and the size and number of
construction equipment. A typical rate of fill placement on
soft foundations should not exceed 0.3 m vertically every
week. To avoid mudwave on extremely soft foundations,
a special sequence of construction from 1 to 6, as shown
in Figure 10.21 is suggested by Haliburton et al. (1977),
which involves the construction of two end dump access
roads, placement of anchorage masses, central filling, edge
expansion, and completion of final section.

Staged construction may be needed when high embank-
ments are constructed on soft foundations. The basic idea is
to build the full-height embankments in more than one stage.
After the completion of each stage, there is a waiting period
for soils to gain their strengths through consolidation before
the next stage starts. The design procedure of staged con-
struction is discussed in Chapter 7.

10.3.6 Quality Control and Assurance

In addition to the quality control and assurance of embank-
ment fill and geosynthetic products, it is important to control
the construction rate and have field monitoring during the
construction, especially on sensitive or weak foundation soil.
Depending on the size and importance of the embankment,
different instrumentations can be adopted. Settlement and
lateral movement of embankment toes are basic monitoring
items. More comprehensive monitoring can include settle-
ment plates or horizontal inclinometer tubes at the base of
the embankment, piezometers and extensometers at different
depths of the soft foundation, and vertical inclinometer tubes
at the toes of the embankment. Criterion for each measure-
ment to control the rate of fill placement or halt construction
should be predetermined before the construction. It is a typi-
cal requirement that the accumulated excess pore water pres-
sure should be less than 50–60% of the applied stress. The
excess pore water pressure measurements can also estimate
the degree of consolidation of the soft soil.

10.4 GEOSYNTHETIC-REINFORCED
COLUMN-SUPPORTED EMBANKMENTS

10.4.1 Introduction

Basic Concept Many studies have shown that geosyn-
thetic reinforcement can be used to reduce differential
settlements; however, they have limited contributions in
reducing total settlements of embankments over soft soils.
When geosynthetic-reinforced embankments are connected
to structures (such as bridges), large total settlements of-
ten create bumps at the interface between embankments and
structures, which are not tolerable in terms of serviceability.
In addition, geosynthetic-reinforced embankments often re-
quire staged construction to avoid failure during construction,
which takes time. Vertical drains can be used to accelerate
consolidation but required construction time and/or postcon-
struction settlement are often still the issues for projects.
Column or pile-supported embankments have been increas-
ingly used recently as an expedite construction technique.
When piles are used, pile caps are often needed to reduce clear
spacing between piles. Large columns installed by ground
improvement techniques do not require caps. The column
technologies by deep replacement and deep mixing or grout-
ing are discussed in Chapters 5 and 8. The terms “column”
and “pile” are both used in the literature. In this section, the
term “pile” is used when there is a cap.

Column or pile-supported embankment systems have been
used with or without geosynthetic reinforcement. A system
without geosynthetic reinforcement is referred to herein as
the conventional column-supported (CCS) or conventional
pile-supported (CPS) embankment system while the sys-
tem with geosynthetic reinforcement is referred to as the
geosynthetic-reinforced column or pile-supported (GRCS or
GRPS) embankment system (Figure 10.22). For a CPS em-
bankment, inclined piles are commonly used near side slopes
to carry the lateral thrust from the embankment. In addition,
piles need to be closely spaced and/or have large pile caps
in order to transfer surcharge loads through soil arching to
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Figure 10.22 Column/pile-supported embankments: (a) CPS and (b) GRCS embankments.

the piles and minimize deflection of the soil between pile
caps and the deflection being reflected to the embankment
surface. In the GRCS embankment system, the geosynthetic
reinforcement carries the lateral thrust from the embank-
ment, creates a stiffened fill platform to enhance the load
transfer from the soil to the columns, and reduces the differ-
ential settlement between columns. One single high-strength
geosynthetic layer may be placed over the columns acting
as a tensioned membrane or multiple layers of geosynthetics
with adequate strengths may be placed within granular fill
to form a load transfer platform. As a result, the GRCS em-
bankment system does not require inclined columns, large
caps, and close column spacing. Therefore, the GRCS em-
bankment system creates a more cost-effective solution.

Suitability The GRCS embankments are suitable for accel-
erated construction of embankments over soft foundations,
which are connected to stationary structures (such as bridge
abutments) or existing embankments with strict total and dif-
ferential settlement requirements. The suitable depth of im-
provement ranges from 5 to 20 m.

Applications The GRCS embankments have been mostly
used for bridge approach and embankment widening. They
have also been used to support pavements, storage tanks, and
buildings.

Advantages and Limitations In the column or pile-
supported embankment system, the columns or piles carry
most of the loads from the embankment, and the soil is only
subjected to small loads. The benefits associated with the use
of column or pile-supported embankments are as follows:
(1) allows construction of the embankment in a single
stage without prolonged waiting time, (2) significantly
reduces total and differential settlements, and (3) reduces or
eliminates global stability concerns. The use of geosynthetic
reinforcement eliminates inclined piles and reduces the size
of pile caps.

The GRCS embankments are expensive as compared with
other ground improvement methods. They often require

columns to be seated on firm soil or bedrock to be more
effective.

10.4.2 Principles

Load Transfer Mechanisms The interactions among col-
umn, foundation soil, embankment fill, and geosynthetic re-
inforcement as shown in Figure 10.23 can be described as
follows. Under the influence of fill weight, W, the embank-
ment fill mass between columns has a tendency to move
downward, due to the presence of the soft foundation soil.
This movement is restrained by shear resistance, 𝜏, from the
fill above the columns. The shear resistance reduces the pres-
sure, psl, acting on the geosynthetic but increases the pressure
applied onto the columns, pcl. This load transfer mechanism
was termed the soil arching effect by Terzaghi (1943).

Compared with the unreinforced case, the inclusion of
geosynthetic reinforcement is expected to reduce the dis-
placement of the embankment fill between the columns. The
reduction of the displacement would reduce the shear stresses
in the embankment so that the effect of soil arching in the
embankment would be minimized. As a result, the load trans-
ferred by soil arching to the columns is reduced. At the same
time, however, the load on the columns is increased by the
vertical components of the tension force in the reinforce-
ment. A single geosynthetic layer behaves as a tensioned

pcl

psl

Δσc

Tg

Δσs

Figure 10.23 Load transfer mechanisms (modified from Han,
1999; Han and Gabr, 2002, with permission from ASCE).
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membrane, while a multilayer system acts as a stiffened plat-
form (or like a beam) due to the interlock of reinforcement
with the surrounding soil. Underneath the geosynthetic re-
inforcement, stresses are concentrated on columns and less
stresses are applied on soil between columns. Stress concen-
tration ratio is defined as the average vertical stress on the
columns to that on the soil, that is, n = Δ𝜎c∕Δ𝜎s, which has
been discussed in Chapter 5. Soil arching, tensioned mem-
brane effect, and stress concentration also depend on the rel-
ative stiffness of the columns to the soil. A rigid column pro-
motes the differential settlement between the columns and
the soft soil so that there is more soil arching, tensioned mem-
brane effect, and stress concentration. Han and Gabr (2002)
have confirmed these phenomena in their numerical analysis.
Therefore, the mechanisms of load transfer can be consid-
ered as a combination of soil arching, tensioned membrane
effect, and stress concentration. The load transfer contributed
by each mechanism depends on a number of factors, includ-
ing the number of geosynthetic and the tensile stiffness of
geosynthetics, the properties of embankment fill and foun-
dation soils, and the moduli of columns and soil.

The interaction between the embankment and the column
foundation is discussed in detail in Chapter 5. This section
mainly addresses the design and construction of the load
transfer platform.

Soil Arching Different soil arching models have been pro-
posed or used by researchers, as shown in Figure 10.24, to
analyze GRCS embankments: (a) vertical slip surfaces (Rus-
sell and Pierpoint, 2008; British Standard 8006, 2010; Chen
et al., 2008); (b) semispherical dome (Hewlett and Randolph,
1988; Kempfert et al., 2004); and (c) triangular wedge (Carls-
son, 1987; Miki, 1997; and Collin, 2003).

The vertical slip surfaces model was originally proposed by
Terzaghi (1943) in which the shear resistance develops along
the vertical slip surfaces as shown in Figure 10.24(a) so that
the vertical stress between the stationary supports decreases.
Russell and Pierpoint (1997) modified Terzaghi’s arching
theory by considering the three-dimensional shape of the

settling soil mass in the embankment above the geosynthetic
between columns. This modified method is also referred to as
the adapted Terzaghi method. The British Standard BS8006
(2010) also assumed vertical slip surfaces; however, it con-
sidered the columns acting similar to buried rigid pipes in a
conduit. The average vertical stress on the top of the columns
is estimated using Marston’s formula for positive projecting
subsurface conduits. The degree of soil arching is commonly
expressed by a soil arching ratio, 𝜌sa, or stress reduction ratio
(SRR) as follows:

𝜌sa = SRR =
𝜌sl

𝛾eH + p
(10.16)

The soil arching ratio, 𝜌sa, ranges from 0 to 1; 𝜌sa = 0 repre-
sents complete soil arching, while 𝜌sa = 1 represents no soil
arching.

Hewlett and Randolph (1988) proposed a semispherical
dome model based on the mechanism observed in model tests
in which they assumed the soil above the columns forms a
semispherical soil arching as shown in Figure 10.24(b). This
model considers possible failure of soil arching either at the
crown of the arch or at the top of the column and ignores
foundation support. Based on the limit equilibrium, a solu-
tion for the vertical stress between the columns was derived.
Kempfert et al. (2004) also assumed semispherical domed
arch between columns and derived a solution based on lower
bound plasticity theory, pilot-scale tests, and numerical anal-
ysis. The Kempfert et al. (2004) method considers the foun-
dation support underneath the geosynthetic reinforcement.

Carlsson (1987), Miki (1997), and Collin (2003) considered
the formation of triangular soil wedges between columns, as
shown in Figure 10.24(c). They assumed different𝜃 angles for
the soil wedge and the vertical stress between the columns
induced by the weight of the soil wedge, which is carried
by the geosynthetic reinforcement. All the embankment fill
outside the wedge and surcharge are carried by the columns.

All the preceding models assume full mobilization of soil
arching between rigid supports. Terzaghi (1936) and Mc-
Nulty (1965) observed in experimental trapdoor tests that

H
K(γez+p)

a s

psl pslpcl pcl

pp

psl
pcl

z

Hcr

p

θ

(a) (b) (c)

Figure 10.24 Soil arching models: (a) vertical slip surfaces, (b) semispherical dome, and (c) triangular
wedge.
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soil arching developed with an increase of the displacement
of the trapdoor. This phenomenon was confirmed by Han
and Gabr (2002) in their numerical analysis of GRCS em-
bankments in which the soil arching was fully mobilized
at approximately 6.5% differential settlement of the clear
spacing of the columns at the elevation of column heads.
Filz and Smith (2006) and McGuire and Filz (2008) exam-
ined these soil arching models and found that they resulted
in very different vertical stresses between columns. Sloan
et al. (2011) showed that the adapted Terzaghi model and
the Hewlett and Randolph model had reasonable compar-
isons with field-measured vertical stresses. Therefore, these
two methods will be presented in the design procedure.

Based on field test data and laboratory experimental tests,
van Eekelen and Bezuijen (2012) found that the vertical
stresses on the top of the reinforcement were not uniform
and they could be better modeled by an inversely triangular
distribution.

Critical Height To minimize the deflection at the top of the
columns to be extended to the top of the embankment as
shown in Figure 10.24(a), it is important to maintain the crit-
ical height lower than the embankment height. It is a general
believe that the critical height depends on the clear spac-
ing of columns. However, Filz et al. (2012) showed that this
height also depends on the diameter of columns. Table 10.4
lists the suggested critical heights by different researchers.
The criterion, Hcr ≥ 1.4 (s − a), has been commonly used
in practice.

Foundation Soil Resistance The foundation soil resistance
has a significant effect on the tension development in the
geosynthetic reinforcement. Figure 10.25 shows that consid-
eration of the foundation soil resistance reduced the tension
more than 70%. Han and Wayne (2000) showed that the
measured stress concentration ratios of GRCS embankments
were higher than those of CCS embankments; however, they

Table 10.4 Suggested Critical Height

Reference Recommendationa Note

Hewlett and Randolph (1988) Hcr ≥ 1.0(s − a) Based on laboratory model test data and theoretical solution
Han and Gabr (2002) Hcr ≥ 1.3(s − a) Numerical result
Chen et al. (2008a) Hcr ≥ (1.4–1.6)(s − a) Based on laboratory model test data
Chen et al. (2010) Hcr ≥ (1.1–1.5)(s − a) Based on field test data
British Standard BS8006 (2010) Hcr ≥ 1.4(s − a)
Filz et al. (2012) Hcr ≥ 1.15s′ + 1.44d Based on laboratory model tests and field test data
as = center-to-center column spacing; s′ = distance from the edge of a column to the centroid of a column array; a = width of square
column; and d = diameter of column.

Figure 10.25 Effect of foundation soil resistance (modified from Jones et al.,
Jones et al., 1990).
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were lower than those determined by plate loading tests as
shown in Figure 10.26. This is because plate loading tests
used rigid plates. Numerical results by Han and Gabr (2002)
also show that the inclusion of geosynthetic reinforcement
increased the stress concentration ratio by creating a stiffer
fill platform. Therefore, it is conservative to use the stress
concentration ratio determined by a plate loading test to es-
timate the foundation soil resistance if no void is expected
under the platform. As discussed in Chapters 7 and 8, the
stress concentration ratios for flexible, semirigid, and rigid
columns under rigid loading are 2–5, 5–10, and 10–25, re-
spectively. Alzamora et al. (2000) used a stress concentra-
tion ratio of 25 to estimate the foundation soil resistance in
the design of geogrid-reinforced platform over jet-grouted
columns in soft soil. Van Eekelen et al. (2011) suggested
using a subgrade reaction modulus to account for founda-
tion soil resistance. van Eekelen and Bezuijen (2012) also
suggested that the foundation soil resistance should be ac-
counted for within the entire reinforcement area instead of
strips between columns.

Due to possible development of voids under the platform,
no foundation soil resistance should be considered when
the settlement between columns is caused by (Han, 1999):

• Consolidation of underconsolidated soil (OCR < 1.0)
• Liquefaction
• Lowering of groundwater
• Dissipation of pore water pressure not due to embank-

ment loading
• Sinkholes due to Karstic collapse
• Soil dissolution
• Municipal solid waste settlement
• Soil loss due to adjacent excavation and tunneling.

When the foundation soil resistance is considered, the net
vertical stress on the geosynthetic reinforcement is the differ-
ence between the vertical stress on the top of the reinforce-
ment and the foundation soil resistance.

Tension in Reinforcement Once the geosynthetic rein-
forcement is subjected to the vertical stress from the embank-
ment fill, it deforms and develops tension. The relationship
between the deflection and the tension at certain vertical stress
can be described by the tensioned membrane theory. Differ-
ent tensioned membrane solutions have been proposed, for
example, John (1987), Carlsson (1987), Giroud et al. (1990),
and British Standard BS8006 (2010), which result in sim-
ilar results. All these tensioned membrane solutions were
developed based on a plane strain condition or a strip be-
tween two supports. To account for the three-dimensional
effect as shown in Figure 10.27, Rogbeck et al. (1998)
suggested a three-dimensional relative coverage area factor,
f3D, to convert the calculated tension under the plane strain

Figure 10.27 Three-dimensional relative coverage area (modified
from Rogbeck et al., 1998).

Figure 10.26 Field-measured stress concentration ratios (Han and Wayne, 2000).
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condition to that under the three-dimensional condition as
follows:

f3D = 1 + s − a
2a

(10.17)

This factor was developed based on the diamond area as
compared with the strip area between two pile caps.

According to the tensioned membrane theory, the tension
in the reinforcement decreases with the increase of its strain
or deflection as shown in Figure 10.28. However, the tension
in the reinforcement is also proportional to the strain if the
reinforcement has constant tensile stiffness, J. The intersec-
tion point between these two lines meets the tension–strain
compatibility and results in the predicted tensile strain in
the reinforcement. The British Standard BS8006 (2010) sug-
gests an upper strain limit of 6% for load transfer in a high
embankment (i.e., the critical height is below the embank-
ment height) or 3% in a low embankment (i.e., the critical
height extends to the surface) and 2% for creep in the service
life. Collin (2004) suggested a 5% tensile strain for design.
If the calculated tensile strain or tension exceeds the design
requirement, a stiff or strong geosynthetic should be used.
Alternatively, column spacing can be adjusted.

The tensioned membrane theory assumes a uniform ten-
sion in the reinforcement; however, the numerical analyses
by Han and Gabr (2002), Huang et al. (2005), and Han
et al. (2012b) and the experimental study by Bhandari (2010)
showed the tension in the reinforcement was not uniform
along the span. Han and Gabr (2002) and Bhandari (2010)
showed that the maximum tension of a single reinforcement
developed at the edges of the column top. However, Huang
et al. (2005) showed the maximum tension of the upper re-
inforcement was located on the top of the columns, while
the maximum tension of the lower reinforcement was located
at the midspan between columns when three reinforcements
were included in the load transfer platform.

Influence Factors Soil arching, foundation soil resistance,
and tension in geosynthetic reinforcement all depend on ge-
ometry (size and spacing) and arrangement (e.g., square and

T
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Tg = Jεg

Tg

εg

εg

Figure 10.28 Tension–strain compatibility.

triangular patterns) of columns, modulus ratio of column to
soil, strengths of columns and soil, column end-bearing con-
dition, embankment height, properties of platform fill and
embankment fill, number, stiffness, and strength of geosyn-
thetic reinforcement, type of loading (static or dynamic), and
rate of construction. Han and Gabr (2002), Bhandari (2010),
and Huang and Han (2010) and Han et al. (2012b) investi-
gated most of these influence factors using finite-difference
and discrete-element methods.

Han and Gabr (2002) showed that an increase of column
modulus promotes differential settlement between columns
and soil, soil arching, stress concentration on columns, re-
duces maximum settlement, and increases tension in geosyn-
thetic reinforcement. Soil arching was fully mobilized at the
column modulus of 1 GPa. When the column modulus was
less than 100 MPa, geosynthetic reinforcement did not have
any effect on soil arching. It is important to point out that
geosynthetic reinforcement is less effective when flexible
columns are used because less differential settlements oc-
cur between columns. Kempfert et al. (2004) suggested that
the modulus ratio of column to soil be larger than 100 to
ensure full mobilization of soil arching. The use of geosyn-
thetic reinforcement and an increase of the reinforcement
stiffness reduce maximum and differential settlements, min-
imize soil arching, promote stress concentration, and attract
more tension in the reinforcement. An increase of embank-
ment height increases the maximum settlement and the dif-
ferential settlement at the top of columns but reduces the
differential settlement on the top of the embankment, pro-
motes soil arching and stress concentration, and increases
the tension in the geosynthetic. Bhandari (2010) showed that
cyclic loading minimizes soil arching and stress concentra-
tion more significantly in the unreinforced embankment than
in the geosynthetic-reinforced embankment. Huang and Han
(2010) found that the construction rate has a significant in-
fluence on the performance of the GRCS embankment but
soil modulus and spacing of columns are two most impor-
tant factors affecting the performance of the GRCS embank-
ment. Most of GRCS embankments have been supported by
end-bearing columns. However, GRCS embankments have
been increasingly used with floating columns, which result in
larger maximum settlements. It is important to point out that
floating columns are less effective to control maximum set-
tlements of GRCS embankments; therefore, they should be
used with caution. At the same time, more research is needed.

Failure Modes If not properly designed, the GRCS em-
bankment system may have the following possible failure
modes: failure of foundation soil, failure of columns, failure
of geosynethetic reinforcement, and slope instability.

When CCS embankments are constructed over soft soil, the
soft soil between the columns may fail due to low bearing
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capacity. The inclusion of geosynthetic reinforcement above
the columns reduces the load transmitted to the soft soil so
that such a failure mode can be prevented.

The columns under the embankment may have the follow-
ing possible failures modes:

• Column heads punching into or through embankment
fill

• Compression failure of column heads or shafts
• End-bearing failure of columns
• Bending failure of columns
• Shear failure of columns

The inclusion of geosynthetic reinforcement increases the
resistance against the punching of column heads into the fill
and minimizes the chance of bending failure of columns by
reducing lateral thrust from the embankment. However, it
may require more load capacities of columns since more load
is transferred onto the columns.

The geosynthetic reinforcement above column heads may
fail due to rupture or pullout from the soil, especially when
the reinforcement is near the edge of the embankment. The
reinforcement can also experience excess elongation due to
low modulus and/or creep deformation. The tension in a
geosynthetic layer when acting as a tensioned membrane
would be reduced as the deflection/elongation of the rein-
forcement increases (i.e., stress relaxation).

The embankment system may encounter the following pos-
sible slope instability situations:

• Lateral spreading along the geosynthetic due to the
thrust from the embankment

• Local slope instability
• Slope instability outside the first row of columns
• Slope instability through columns
• Global slope instability below columns

10.4.3 Design Considerations

Percent Coverage Based on the performance investiga-
tion of conventional pile-supported embankments, Rath-
mayer (1975) recommended design criteria as shown in
Figure 10.29. The required percent coverage of pile caps, de-
fined as the percentage of the total area of pile caps to that of
foundation footprint, depends on the quality of fill materials.
For columnar systems, the percent coverage is equivalent to
the area replacement ratio. The percent coverage of pile caps
or column heads for 13 actual GRCS embankments is plot-
ted in Figure 10.29 for comparison purposes (Han, 1999). As
shown in Figure 10.29, the percentage with geosynthetic re-
inforcement is much lower than that suggested by Rathmayer
(1975) for the CCS embankments. The percent coverage of
the GRCS embankment systems is consistently less than 20%.

Figure 10.29 Percent coverage of columns in column-supported
embankments (Han, 1999).

The reduction of percent coverage creates a more economical
solution for embankment systems. The percent coverage for
GRCS embankment systems mostly ranges from 5 to 30%.

Stress above Geosynthetic Reinforcement The vertical
stress applied on the geosynthetic reinforcement between
columns is reduced due to the soil arching effect. The vertical
stress below the geosynthetic reinforcement is further re-
duced by the tensioned membrane effect. The vertical stress
applied on the geosynthetic reinforcement is a key variable
for computing the tension in geosynthetic reinforcement.
The adapted Terzaghi method and the Hewlett and Randolph
method are introduced below to calculate the vertical stress
on the geosynthetic reinforcement. Most of research so far
has been based on a square pattern of columns; therefore,
the design based on this pattern is presented below. The
design guidelines for GRCS embankments on columns in
other patterns can be found in Sloan et al. (2011).

1. Adapted Terzaghi Method Sloan et al. (2011) ex-
panded the adapted Terzaghi method by Russell and Pier-
point (1997) to a double layer system, which includes an
embankment fill over a load transfer platform as shown in
Figure 10.30. When the critical height, Hcr, is greater than
the embankment height, H, the average vertical stress above
the geosynthetic reinforcement can be calculated by

psl =
𝛾1

𝛼1
(1 − e−𝛼1H1 ) +

𝛾2

𝛼2
e−𝛼1H1 (1 − e−𝛼2H2 )

+ pe−𝛼1H1−𝛼2H2 (10.18)

𝛼1 =
4aK1 tan𝜙1

s2 − a2
; 𝛼2 =

4aK2 tan𝜙2

s2 − a2

where 𝛾1 and 𝛾2 = unit weight of the platform fill and the
embankment fill, respectively
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K1 and K2 = coefficients of lateral earth pressure in the load
transfer platform and the embankment fill,
respectively

𝜙1 and 𝜙2 = friction angles of the platform fill and the
embankment fill, respectively

p = surface surcharge on the top of the embank-
ment; other symbols are shown in
Figure 10.30.

When the critical height, Hcr, is greater than the platform
thickness, H1, but less than the embankment height, H, the
average vertical stress above the geosynthetic reinforcement
can be calculated by

psl =
𝛾1

𝛼1
(1 − e−𝛼1H1 ) +

𝛾2

𝛼2
e−𝛼1H1 [1 − e−𝛼2(Hcr−H1)]

+ [p + (H − Hcr)𝛾2]e−𝛼1H1−𝛼2(Hcr−H1) (10.19)

When the critical height, Hcr, is within the platform (Hcr
< H1), the average vertical stress above the geosynthetic
reinforcement can be calculated by

psl =
𝛾1

𝛼1
(1 − e−𝛼1Hcr) + [p + (H1 − Hcr)𝛾1 + H2𝛾2]e−𝛼1Hcr

(10.20)
The platform thickness typically ranges from 0.5 to 1.0 m.

Sloan et al. (2011) suggested that K1 and K2 should be 0.75
as the solution with this value had a reasonable match with
field data.

2. The Hewlett and Randolph Method Hewlett and Ran-
dolph (1988) assumed the soil above the columns forms a
semispherical soil arching as shown in Figure 10.24(b). The
design considers possible failure of soil arching either at the
crown of the arch or at the top of the column. The verti-
cal stress above the reinforcement can be determined as the
greater of the values in the following two equations:

At the crown,

psl = (𝛾eH + p)

{(
1 − a

s

)2(Kp−1)
[

1 − s√
2H

(2Kp − 2

2Kp − 3

)]

+ s − a√
2H

(2Kp − 2

2Kp − 3

)}
(10.21)

On the top of the column,

psl =
𝛾eH + p(

2Kp

Kp+1

)[(
1 − a

s

)1−Kp
−

(
1 − a

s

)(
1 + a

s
Kp

)]
+
(

1 − a2

s2

)
(10.22)

where Kp is the coefficient of passive earth pressure of fill.

Hewlett and Randolph (1988) suggested that the thickness
of well-compacted high-grade fill (Kp > 3) should not be less
than the spacing of columns. When two layers of fill materi-
als (such as the load transfer platform and the embankment
fill) exist in the embankment, the weighted-average friction
angle can be obtained from the friction angles of the plat-
form fill and the embankment fill within the height above the
column heads equal to the spacing of columns.

The design methods for soil arching presented above are
based on full mobilization of soil arching between rigid sup-
ports, which likely happen when end-bearing rigid columns
are used to support embankments over soft soil. When the
columns have a modulus more than 100 times that of the soft
soil, they can be considered as rigid columns or rigid sup-
ports. Limited soil arching between flexible columns (such
as stone columns and sand columns) may be mobilized due
to small differential settlement between columns. For semi-
rigid columns (such as deep mixed columns and jet-grouted

Figure 10.30 Cross-section and column layout for the adapted Terzaghi
method: (a) cross section and (b) column layout (modified from Sloan et al., 2011).
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columns), partial soil arching may develop. Currently, no de-
sign guideline is available for soil arching in flexible and
semirigid column-supported embankments and therefore re-
quires further research.

Strain and Tension in Geosynthetic Reinforcement Geo-
synthetic reinforcement under applied vertical stresses be-
haves as a tensioned membrane. A number of methods are
available to estimate the strain and tension developed in the
geosynthetic reinforcement. Two methods introduced below
can be used to calculate the tensile strain in reinforcement:

1. Catenary Method The method presented in John
(1987) included the calculation of the strain developed in
the geosynthetic reinforcement:

𝜀g =
1
2

√
1 + 16

ΔS2
g

(s − a)2
+ s − a

8ΔSg

× ln
⎛⎜⎜⎝

4ΔSg

s − a
+

√
1 +

16ΔS2
g

(s − a)2
⎞⎟⎟⎠ − 1 (10.23)

and

Tg =
psl − Δ𝜎s

4a
(s2 − a2)

√
1 + (s − a)2

16ΔS2
g

(10.24)

where 𝜀g = strain developed in the geosynthetic
reinforcement

ΔSg =maximum deflection of the geosynthetic
reinforcement

Tg = tension developed in the geosynthetic
reinforcement

psl = average vertical stress on the geosynthetic
reinforcement

Δ𝜎s = average vertical stress (soil resistance)
below the geosynthetic reinforcement

2. Parabolic Method Under a plane strain condition, the
British Standard BS8006 (2010) suggested a formula to es-
timate the tension in geosynthetic reinforcement between
columns based on a parabolic deflection shape. Considering
the square pattern of square columns and the foundation soil
resistance, the following formula can be obtained (Russell
and Pierpoint, 1997):

Tg =
(psl − Δ𝜎s)(s2 − a2)

4a

√
1 + 1

6𝜀g
(10.25)

Giroud (1995) suggested that the tensile strain of the rein-
forcement can be approximated with the midspan deflection
of the reinforcement when the deflection to the clear span
is small:

𝜀g =
8ΔS2

g

3(s − a)2
(10.26)

This formula should be limited to a maximum midspan
deflection of 300 mm. When Equation (10.26) is substi-
tuted into Equation (10.25), it yields the same equation as
Equation (10.24).

When a geosynthetic reinforcement has a constant tensile
stiffness, J, the tensile strain, 𝜀g = Tg∕J, can be substituted
into Equation (10.25), which leads to the formula (McGuire
and Filz, 2008)

96T3
g −

6(psl − Δ𝜎s)2(s2 − a2)2

a2
Tg

−
(psl − Δ𝜎s)2(s2 − a2)2

a2
J = 0

This formula satisfies the tension–strain compatibility re-
quirement and the tension in the reinforcement can be solved.

Foundation Soil Resistance The average vertical stress on
the geosynthetic reinforcement can be determined based on
the methods discussed above. John (1987) assumed Δ𝜎s =
0.15𝛾H for the foundation soil resistance. Alzamora et al.
(2000) used a stress concentration ratio of 25 to estimate
the foundation soil resistance considering the weight of the
embankment fill:

Δ𝜎s =
𝛾eH

1 + (a2∕s2)(n − 1)
(10.27)

where n is the stress concentration ratio (assume 25 for rigid
columns).

Traffic load should not be considered in the calculation
of the foundation soil resistance because it is not a perma-
nent load.

The foundation soil resistance should be less than the al-
lowable bearing capacity to limit the differential settlement
between the columns:

qa =
qult

FS
=

5.14cu

FS
≥ Δ𝜎s (10.28)

where FS is the factor of safety (typically use 2.0) and cu
is the undrained shear strength of soft soil. If the preceding
condition cannot be satisfied, the column spacing should be
reduced.

As discussed earlier, the foundation soil resistance may be
ignored to be conservative if voids are expected under the
load transfer platform.

Lateral Spreading The method to evaluate the possible
lateral spreading is the same as that for the geosynthetic-
reinforced embankment presented in Section 10.3.2. The
required tensile strength of the geosynthetic reinforcement
due to lateral spreading needs be added to the required
strength of the geosynthetic reinforcement under vertical
stresses. Alternatively, additional geosynthetic reinforcement
is added to accommodate this need.
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Tg

Failure circle

Geosynthetic

Figure 10.31 Stability of edge slope.

Edge Slope Stability The stability of an edge slope can
be analyzed using typical limit equilibrium methods, such
as the simplified Bishop method with a consideration of
the contribution by geosynthetic reinforcement as shown
in Figure 10.31. The tensile strength or pullout resistance
(whichever is less) of geosynthetic reinforcement is included
in the stability analysis as contributing a resisting moment to
the system in addition to that by the soil.

Global Slope Stability The global slope stability of GRCS
embankments can be analyzed in the same way as that dis-
cussed in previous chapters.

10.4.4 Design Parameters and Procedure

Design Parameters The following parameters are typ-
ically needed for the design of geosynthetic-reinforced
column-supported embankments:

• Geometry of embankment (height, width, and slope
angle)

• Properties of embankment fill (unit weight and friction
angle)

• Thickness of load transfer platform
• Properties of load transfer platform (unit weight and

friction angle)
• Size, spacing, length, and pattern of columns
• Strength, modulus, and end-bearing condition of

columns
• Surcharge on embankment
• Tolerable total and differential settlements

Elias et al. (2006) suggested a granular fill to be used in the
load transfer platform as listed in Table 10.5.

Design Procedure The design procedure to select a geosyn-
thetic reinforcement to carry vertical loads under the em-
bankment is as follows:

1. Calculate the modulus ratio of column to soil. If the ratio
is greater than 100, proceed with further calculations. If

Table 10.5 Recommended Backfill for Load Transfer
Platform

Sieve Size (mm) Percent Passing

200 100
38 95–100
4.75 40–65
0.425 20–40
0.075 0–15
Plasticity index of soil particles passing No. 40 sieve,
PI < 20

Source: Elias et al. (2006).

the ratio is less than 100, the following procedure may
not be used or may be used with great caution.

2. Calculate the critical height.
3. Use the adapted Terzaghi method or the Hewlett and

Randolph method to calculate the average vertical stress
above the geosynthetic reinforcement.

4. Estimate the foundation soil resistance. Check the foun-
dation soil resistance against the allowable bearing ca-
pacity.

5. Based on a tolerable maximum deflection of the geosyn-
thetic reinforcement, use the catenary method or the
parabolic method to calculate the strain in the geosyn-
thetic reinforcement.

6. Calculate the tension in the geosynthetic reinforcement
using Equation (10.24) or (10.25) to calculate the ten-
sion in the geosynthetic.

7. Select a geosynthetic product with the tensile strength
at the required tensile strain higher than the calculated
tension.

Design Example 10.3

A 5-m-high embankment will be constructed on a soft
soil. To accelerate the construction and minimize post-
construction settlement, the geosynthetic-reinforced
column embankment system is considered in the
design. Concrete columns with a diameter of 1 m are
installed in a square pattern with spacing of 2.5 m.
The elastic modulus of the concrete is 1 GPa. The
undrained shear strength and the elastic modulus of
the soft soil are 20 kPa and 4 MPa, respectively. Within
the embankment, there is a 0.60-m-thick load transfer
platform with geosynthetic reinforcement. The unit
weights of the platform fill and the embankment
fill are 20 and 18 kN/m3, respectively. The friction
angle of the platform fill and the embankment fill are
38∘ and 30∘, respectively. The surcharge on top of
the embankment is 13 kPa. The allowable maximum
differential settlement between the columns at the base
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of the embankment is 0.15 m. Calculate the required
tensile strength of the geosynthetic reinforcement and
its corresponding tensile strain (using the adapted
Terzaghi method).

Solution

1. The modulus ratio of columns to soil is Ec∕Es =
1000∕4 = 250 > 100; therefore, the methods for
fully mobilized soil arching can be used.

The equivalent width of the column is

a =
√

𝜋d2

4
=

√
3.14 × 12

4
= 0.89 m

2. The critical height is Hcr = 1.4(s − a) = 1.4 ×
(2.5 − 0.89) = 2.26 < 5 m (embankment height).

3. Since the critical height is greater than the plat-
form fill thickness, but less than the embankment
height, the following formula in the adapted Terza-
ghi method can be used to calculate the average ver-
tical stress:

psl =
𝛾1

𝛼1
(1 − e−𝛼1H1 ) +

𝛾2

𝛼2
e−𝛼1H1 [1 − e−𝛼2(Hcr−H1)]

+ [p + (H − Hcr)𝛾2]e−𝛼1H1−𝛼2(Hcr−H1)

Assume K1 = K2 = 0.75.

𝛼1 =
4aK1 tan𝜙1

s2 − a2
= 4 × 0.89 × 0.75 × tan 38∘

2.52 − 0.892
= 0.38

𝛼2 =
4aK2 tan𝜙2

s2 − a2
= 4 × 0.89 × 0.75 × tan 30∘

2.52 − 0.892
= 0.28

psl =
𝛾1

𝛼1
(1 − e−𝛼1H1 ) +

𝛾2

𝛼2
e−𝛼1H1 [1 − e−𝛼2(Hcr−H1)]

+ [p + (H − Hcr)𝛾2]e−𝛼1H1−𝛼2(Hcr−H1)

= 56.8 kPa

4. The foundation soil resistance (using n = 25) is

Δ𝜎s =
𝛾1H1 + 𝛾2H2

1 + (a2∕s2)(n − 1)
= 22.7 kPa

The ultimate bearing capacity of the soft soil is

qult = 5.14cu = 5.14 × 22.7 = 102.8 kPa

The allowable bearing capacity of the soft soil is

qa =
qult

FS
= 102.8

2.0
= 51.4 kPa > Δ𝜎s (OK)

5. Use the Giroud method to calculate the tensile strain
in the reinforcement:

𝜀g =
8ΔS2

g

3(s − a)2
= 2.3%

6. The tension in the reinforcement can be calculated
as follows:

Tg =
(psl − Δ𝜎s)(s2 − a2)

4a

√
1 + 1

6𝜀g
= 151 kN∕m

7. Select a geosynthetic product with a tensile strength
at 2.3% strain higher than 151 kN/m.

10.4.5 Construction

The procedure for installing columns is the same as that de-
scribed in Chapters 5 and 8, depending on which column
technology is selected. The procedure for placing and com-
pacting embankment fill is the same as that described in the
previous section for geosynthetic-reinforced embankments.
The following procedure is commonly adopted in practice to
construct the load transfer platform:

• Prepare the surface of the foundation soil to the desired
elevation by removing any deleterious objects and ma-
terials including extra column heads above the eleva-
tion and/or filling depressed areas including extension
of column heads below the elevation.

• Place the granular fill in lifts (limit uncompacted lift
thickness to 250 mm for a heavy compactor or 150 mm
for a hand-operated compactor).

• Compact the granular fill to at least 95% maximum dry
density determined using the modified Proctor method
within ±2% of the optimum moisture content.

• Place geosynthetic reinforcement(s) at design eleva-
tion(s). The lowermost geosynthetic reinforcement
should be placed at least 100 mm above column heads
to avoid any puncture failure. When uniaxial geosyn-
thetic reinforcements are used, they should be placed in
orthotropic directions to have a uniform tensile strength
in both directions. Geosynthetic reinforcement should
be pretensioned manually to prevent sags and wrinkles.

• Continue with the placement and construction of the
embankment fill.

10.4.6 Quality Control and Assurance

The quality control and assurance should include the follow-
ing items:

• Examine location, elevation, and diameter of columns.
Larger column spacing and/or smaller and uneven col-
umn heads will adversely affect the performance of the
load transfer platform; therefore, they should be fixed
by adding more columns and/or enlarging column heads
before the placement of fill and geosynthetic.
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• Verify quality of granular fill and geosynthetic rein-
forcement before placement.

• Verify the density and thickness of each fill lift after
compaction.

It is recommended that geosynthetic-reinforced column-
supported embankments should be monitored during and af-
ter construction, especially for large projects. Instrumenta-
tion can include settlements and vertical stresses on the top
and between columns, strains in geosynthetics, and lateral
movement of embankment toe and soil below the toe.

10.5 MECHANICALLY STABILIZED
EARTH WALLS

10.5.1 Introduction

Basic Concept Mechanically stabilized earth (MSE) wall
has been successfully used in practice for transportation and
other applications since the 1960s. It consists of wall fac-
ing with more than 70∘ inclination angle, reinforced fill,
retained soil, foundation soil, and drainage layer behind the
wall facing as shown in Figure 10.32. Wall facing can be
geosynthetic-wrapped around, stone-filled gabion baskets,
modular blocks, and concrete panels. The reinforcement can
be geosynthetic reinforcement (geogrid or woven geotextile)
or metallic reinforcement (steel strip or steel mesh), which
provides tensile resistance to minimize active fill movement
and maintain the stability of the wall. The reinforcement
and compacted fill are placed in an alternating manner. Each
reinforcement is connected to wall face by a mechanical con-
nector or friction. Geosynthetic reinforcement is also referred
to as extensile reinforcement while metallic reinforcement is
referred to as inextensible reinforcement. A drainage layer
(geosynthetic or stone) behind the wall facing is often needed
for drainage. When crushed stone or gravel is used as the
drainage layer, it also eases the compaction behind the wall
facing. A drainage layer is sometimes placed behind the re-
inforced fill to enhance external stability by reducing excess
pore water pressure behind the reinforced fill. Under certain

Figure 10.32 Components of mechanically stabilized earth wall.

conditions, there is an unreinforced or reinforced slope on
the top or below the MSE wall.

Suitability The MSE walls are suitable when large eleva-
tion changes are needed. They can be built in less land space
as compared with slopes. Free-draining granular fill with a
plasticity index less than 6 is often required for the back-
fill material. Most MSE walls are constructed on unyielding
foundations. If weak foundations exist, they should be re-
moved and replaced, improved, or considered in the global
stability analysis. MSE walls have performed well in seismic
areas because of their flexibility.

Applications The MSE walls have been commonly used for
bridge abutments, highways, railways, and commercial and
residential areas with raised elevations for bridge approach
or hill terrain. They can be temporary or permanent earth
structures. They have also been used to repair failed slopes.

Advantages and Limitations The MSE walls are relatively
easy to build and do not require specialty contractors and
equipment (mostly earthwork equipment; however, panel
walls may require cranes during the installation of large con-
crete panels). They require less right-of-way space as com-
pared with slopes. They are cost effective and more tolerant
to differential settlement as compared with gravity walls.

The MSE walls often require high-quality backfill materi-
als. Durability of metallic and geosynthetic reinforcements
in chemically active backfill may reduce service life. Poor
drainage and global instability are two major reasons for
some failed MSE walls.

10.5.2 Principles

Failure Modes The MSE walls may have the following
modes of failure: (1) external, (2) internal, (3) local,
(4) compound, and (5) global (or deep seated) as shown in
Figure 10.33. The external failure includes sliding, over-
turning, and bearing failure. The internal failure may result
from the rupture, pullout, and connection failure of rein-
forcement. The local failure including toppling and bulging
may happen due to large unreinforced space. Compound
and global failures are in the form of slope failure and their
slip surfaces are partially or completely out of the reinforced
zone. The above failure modes happen when the strength
limits are exceeded. It is also considered unacceptable when
deformations of walls exceed serviceability limits.

Potential Slip Surface and Tension in Reinforcement The
reinforced fill is divided into active and stable zones by a
slip surface as shown in Figure 10.34. The active zone tends
to slide down under its self-weight, while the reinforcement
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Figure 10.33 Failure modes of MSE walls: (a) external, (b) internal, (c) local, (d) compound, and
(e) global.

Figure 10.34 Potential slip surface and tension in reinforcement.

anchored in the stable zone provides tensile resistance to
stabilize the active zone. The slip surface inside the rein-
forced fill is not necessarily planar and the location and shape
of the slip surface depend on the soil strength, the batter of
the wall facing, and the stiffness of reinforcement. Metal-
lic reinforcement has higher tensile stiffness, which mini-
mizes wall movement. As a result, the potential slip surface is
close to the wall facing. On the other hand, geosynthetic re-
inforcement has lower tensile stiffness, which allows more
wall movement. As a result, the potential slip surface ex-
tends more deeply into the reinforced fill. However, a pla-
nar or bi-planar slip surface is often assumed for design
of geosynthetic-reinforced earth walls or metallic-reinforced
earth walls, respectively, based on Coulomb or Rankine’s
theory for the internal analysis of an MSE wall to be dis-
cussed in later sections. Both experimental and theoretical
results show that maximum tension in each reinforcement de-
velops at the slip surface and the tension decreases toward the
stable zone and the back of the wall face (Han and Leshchin-
sky, 2006). The rear end of a reinforcement is controlled by
pullout capacity of the reinforcement, while the front end is
controlled by the connection force between reinforcement
and wall facing. In most design codes, however, the max-
imum tension extends to the back of the wall facing as an
approximation, which is conservative.

Active Earth Pressure Theory The analysis of a geosyn-
thetic-reinforced earth wall is mainly based on active
earth pressure theory (i.e., Rankine or Coulomb’s theory).
Figures 10.35 and 10.36 shows the force diagrams for

Pa = KaeγtH1
2/2

za = H1/3

Rbs

Nbs

b L

Figure 10.35 Force diagrams for external stability analysis.

external and internal analyses. Active earth pressures develop
behind the reinforced fill and within the reinforced fill (i.e.,
behind the wall face). Coulomb’s active earth pressure theory
can be used to describe the distributions of these lateral earth
pressures.

For external stability analysis, the active thrust from the
retained soil can be calculated based on the coefficient of
external active earth pressure, the unit weight of the retained
soil, and the height of the wall, including the top slope height.
AASHTO (2012) assumes the inclination angle of the thrust
is the same as the top slope angle. The coefficient of external
earth pressure can be expressed based on Coulomb’s solution
as follows:

Kae =
cos2(𝜙t + 𝜔)

cos2𝜔 cos(𝜔 − 𝛿)

[
1 +

√
sin(𝜙t+𝛿) sin(𝜙t−𝛽)
cos(𝜔−𝛿) cos(𝜔+𝛽)

]2

(10.29a)

where 𝜔= batter of wall facing
𝛽 = top slope angle
𝜙t = friction angle of the retained soil
𝛿 = interface friction angle between reinforced fill

and retained soil
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Figure 10.36 Force diagrams and slip planes for internal stability analysis:
(a) geosynthetic and (b) metallic reinforcements.

AASHTO (2012) suggests 𝛿 = 𝛽 and 𝛿 ≤ (2∕3)min (𝜙r, 𝜙t)
(𝜙r = friction angle of reinforced fill) when computing the
coefficient of active earth pressure.

When the batter of the wall is small (i.e., less than 10∘),
however, Rankine’s coefficient of external active earth pres-
sure may be used instead:

Kae = cos 𝛽

[
cos 𝛽 −

√
cos2𝛽 − cos2𝜙t

cos 𝛽 +
√

cos2𝛽 − cos2𝜙t

]
(10.29b)

The lateral component of the active thrust, PaH, is the driv-
ing force for possible lateral sliding and overturning of the
reinforced mass as a rigid body. The sliding resistance devel-
ops at the base of the reinforced fill. The soil weights, W1 and
W2, and the vertical component of the active thrust, PaV, are
the stabilizing forces to resist the possible rotation induced
by the lateral component of the active thrust, PaH. The ver-
tical applied load as a result of W1, W2, and PaV, should be
checked against the allowable bearing capacity of the foun-
dation. It should be noted that different design manuals or
guidelines may have different definitions of the width of the
reinforced zone or the length of reinforcement. AASHTO
(2012) defines the reinforced zone and the reinforcement
length start from the back of the wall face. However, the
National Concrete Masonry Association (2010) defines the
reinforced zone and the reinforcement length start from
the front of the wall face.

For internal stability analysis, the reinforced fill is di-
vided into an active zone and a stable zone, as shown in
Figure 10.36. Reinforcements anchored in the stable zone
provide tensile resistance to the active zone. The potential
failure plane, which divides the active and stable zones, can
be determined by the inclination angle, 𝜓 , in the following

equation based on Coulomb’s theory:

tan(𝜓 − 𝜙r)

=

− tan(𝜙r − 𝛽) +

√√√√√tan(𝜙r − 𝛽)[tan(𝜙r − 𝛽)
+ cot(𝜙r + 𝜔)][1 + tan(𝛿 − 𝜔)

cot(𝜙r + 𝜔)]
1 + tan(𝛿 − 𝜔)[tan(𝜙r − 𝛽) + cot(𝜙r + 𝜔)]

(10.30)

When the wall batter,𝜔, is smaller than 10∘, Rankine’s theory
can be used to determine this inclination angle, that is, 𝜓 =
45∘ + 𝜙r∕2. When metallic reinforcements are used, the
slip surface becomes vertical at the midheight of the wall.

The active lateral earth pressure applied on the back of the
wall facing can be induced by the active earth pressure of the
reinforced fill and the surcharge on the top of the wall. The
coefficient of internal active earth pressure for the internal
analysis can also be calculated using Equation (10.29). For
simplification and approximation, AASHTO (2012) suggests
an average vertical stress on the top of the wall acting as the
surcharge to represent an actual slope. In addition, AASHTO
(2012) assumes a smooth interface between the wall facing
and the reinforced fill so that Equation (10.29) can be sim-
plified into:

Kai =
cos2(𝜔 + 𝜙r)

cos3𝜔[1 + sin𝜙r∕ cos𝜔]2
(10.31)

When the wall batter is smaller than 10∘, the coefficient of
internal active earth pressure can be further simplified into:

Kai = tan2

(
45∘ −

𝜙r

2

)
(10.32)

The variation of lateral earth pressure coefficient ratio de-
pends on the depth below the top of the wall as shown in
Figure 10.37. For metallic reinforcement, the lateral earth
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Figure 10.37 Variation of lateral earth pressure coefficient ratio
with depth (Berg et al., 2009).

pressure coefficient decreases with depth down to 6 m and
then becomes constant with depth. For geosynthetic rein-
forcements, the lateral earth pressure coefficient is constant
with depth and equal to Kai. The active lateral earth pressure
on the back of the wall facing is carried by the reinforcements
at different elevations. The tensile resistance provided by
each reinforcement depends on the tensile rupture strength,
pullout capacity, and connection strength with facing.

10.5.3 Design Considerations

Performance Requirements The performance require-
ments tabulated in Table 10.6 are commonly used in practice
for the design of MSE walls (Holtz et al., 2008). Both
British Standard BS8006 (2010) and AASHTO (2012)
require that the reinforcement length should be at least 70%
the wall height under a normal condition. However, the
National Concrete Masonry Association (2010) suggests
that the reinforcement length should be at least 60% the wall
height. Research shows that the MSE walls may have large

Table 10.6 Performance Requirements for
Geosynthetic-Reinforced Earth Walls

Location Failure Mode Requirement

External Base sliding FS > 1.5
Bearing failure FS > 2.0–2.5
Overturning FS > 2.0

Geosynthetic rupture FS > 1.5
Internal Pullout FS > 1.5 with 1.0 m

embedment length
Connection FS > 1.5

Deep-seated FS > 1.3
Overall Settlement and

differential
settlement

Project-dependent

Seismic All failure modes FS > 75% static FS

deformations if the reinforcement length is less than 60%
the wall height.

External Stability Analysis
1. Base Sliding In the analysis of base sliding, the rein-
forced fill is treated as a rigid block subjected to lateral load
from the retained soil. The factor of safety against base slid-
ing can be calculated as follows:

FSbs =
Sliding resisting force

Sliding driving force

=
cbL + (W1 +W2 + PaV) tan 𝛿b

PaH

where cb and 𝛿b are the interface cohesion and friction angle
between wall base and foundation soil and other symbols are
shown in Figure 10.38.
2. Overturning The factor of safety against overturning
about the toe of the wall as shown in Figure 10.38 can be
calculated as follows:

FSot =
Resisting moment

Driving moment
=

W1x1 +W2x2 + PaVL

PaHza
(10.33)

where x1 and x2 are the distances from the wall face to the
centroids of the triangular and rectangular blocks.

The overturning of the reinforced fill can also be controlled
by limiting the eccentricity at the base of the reinforced
zone to be less than (1/6) L on soil or (1/4) L on rock. The
eccentricity, e, can be calculated in the same way as a footing
subjected to a moment as follows:

e = L
2
−

W1x1 +W2x2 + PaVL − PaH(H1∕3)
W1 +W2 + PaV

(10.34)

3. Bearing Failure Due to the driving moment by the thrust
from the retained soil, the applied pressure at the base of
the wall is not uniform. The resultant reaction force, Nbs,
has an eccentricity, e, from the center of the wall base. For
the convenience of calculating the factor of safety against
bearing failure, a Meyerhof-type distribution method can
be used to estimate the equivalent uniform applied pressure

Figure 10.38 Force diagrams for external stability analysis.



368 10 FILL REINFORCEMENT

Figure 10.39 Applied pressure equivalency.

(Figure 10.39) as follows:

pv =
Nbs

L − 2e
=

W1 +W2 + PaV

L − 2e
(10.35)

In the design of MSE walls, the embedment effect on the
bearing capacity is often ignored to be conservative. The
ultimate bearing capacity of the MSE wall foundation with
the equivalent base width, L − 2e, is

qult = cf Nc + 0.5(L − 2e)𝛾f N
𝛾

(10.36)

Therefore, the factor of safety against bearing failure can
be calculated as follows:

FSbc =
qult

pv
=

cf Nc + 0.5(L − 2e)𝛾f N
𝛾

W1 +W2 + PaV
(L − 2e) (10.37)

where Nc and N
𝛾

are bearing capacity factors of the founda-
tion.
Internal Stability Analysis The reinforced fill is divided
into active and stable zones by a slip surface, as shown in
Figure 10.40. The active zone tends to slide down, while
the reinforcements anchored in the stable zone provide ten-
sile resistance to stabilize the active zone. Both experimental
and theoretical results show that maximum tension in each
reinforcement develops at the slip surface and the tension
decreases toward the stable zone and the back of the wall
face (Han and Leshchinsky, 2006). The rear end of each re-
inforcement is controlled by the pullout capacity of the rein-
forcement while the front end is controlled by the connection
force between reinforcement and wall facing. In most design
codes, however, the maximum tension extends to the back of
the wall facing as an approximation, which is conservative.
The slip surface inside the reinforced fill is not necessarily

planar. However, a planar slip surface is often assumed based
on Coulombs or Rankine’s theory for the internal analysis of
an MSE wall.

In internal stability analysis, it is assumed that each re-
inforcement carries the lateral pressure within the tributary
distance from the midpoint of the upper spacing to the mid-
point of the lower spacing, as shown in Figure 10.41 as an
example. The uppermost reinforcement carries all the lat-
eral pressure above the reinforcement and the lateral pressure
down to the midpoint of the lower space. Similarly, the low-
ermost reinforcement carries the lateral pressure from the
midpoint of the upper space to all the lateral pressure below
the reinforcement. The maximum tension in each reinforce-
ment can be calculated using the following equation:

Ti,max =
1
2
(pai + pa(i+1))svi, i = 1, 2,… , n (10.38)

where n is the total number of reinforcement.

pa1

sv1

sv2

sv3

sv4

pa2
T1max

T2max

T3max

T4max

pa3

pa4

pa5

Figure 10.41 Calculation of maximum tension in reinforcement.

Laf Lar Laf Lar

(a) (b)

Figure 10.40 Simplified slip surface and tension distribution: (a) geosynthetic and
(b) metallic reinforcements.
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The reinforcement should be designed with a required fac-
tor of safety against possible rupture and pullout as follows:

FSrp =
Ta

Tmax
(10.39a)

FSpo =
Tpo

Tmax
(10.39b)

where FSrp, FSpo = factor of safety against rupture and
pullout, respectively

Ta = long-term allowable design strength
of reinforcement after consider-
ing reduction factors of creep,
installation, and durability for
geosynthetic reinforcement or
corrected cross-sectional area of
metallic reinforcement due to
corrosion

Tpo = pullout capacity of reinforcement

The pullout capacity of reinforcement in fill can be calcu-
lated as follows:

Tpo = 2F∗𝛼seRc𝜎zLa = 2CiRc𝜎zLa (10.40)

where 𝛼se = scale effect correction factor (default value =
1.0 for all steel reinforcements, 0.8 for
geogrids, and 0.6 for geotextiles)

Rc = percent coverage of reinforcement
𝜎z = vertical stress on reinforcement at depth z from

top of wall
La = anchorage length in fill
F∗ = pullout friction factor

The default values for F∗ are provided in Figure 10.42,
where 𝜙r is the friction angle of fill and Cu is uniformity of
fill material (Cu ≥ 4.0) and Ci is the interaction coefficient
between reinforcement and fill (i.e., Ci = F∗𝛼se).

It is also necessary to check the factor of safety against
internal sliding along each reinforcement. This calculation is
similar to the base sliding in the external stability analysis.

Default values for pullout friction factor, F*
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Figure 10.42 Default values for pullout friction factor, F∗ (after Elias et al., 2001).
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Instead of the interface cohesion and friction angle between
wall base and foundation soil, the interface friction angle
between reinforced fill and reinforcement should be used.

In order for reinforcement to mobilize its maximum tensile
strength, the connection between reinforcement and wall fac-
ing should have enough connection strength. Under a normal
condition, the force at the connection is lower than that at the
failure plane. For a conservative design, the connection force
is often assumed to be equal to the maximum tensile force,
Tmax. Therefore, the factor of safety against the connection
failure can be calculated as follows:

FScn =
Tcn

Tmax
(10.41)

The allowable connection strength of reinforcement, Tcn,
can be determined by connection tests. The modes of connec-
tion failure can be rupture and pullout. Reinforcement can be
connected to wall facing mechanically or by friction.

Local Stability Analysis Possible local failures include top-
pling of the blocks above the uppermost reinforcement and
bulging between blocks when modular block walls are con-
structed. To avoid these local failure modes, the height of the
blocks above the uppermost reinforcement and the spacing
between adjacent reinforcement layers should be less than
two times the block depth. For most modular block walls,
the allowable maximum reinforcement spacing is 0.6 m.

Compound and Global Stability Analyses The stability
analyses of compound and global failures are the same as
those for the reinforced slopes.

Consideration of External Load The MSE walls can carry
external loads, such as bridge or building footings. Detailed
design procedure for this application can be found in the
ASSHTO LRFD Bridge Design Specifications (AASHTO,
2012). MSE walls have also been used to support piles sub-
jected to lateral loads. Recent research on this topic can be

found in publications by Pierson et al. (2009, 2011), and
Huang et al. (2011, 2013).

Consideration of Earthquake Loading The MSE walls
have performed well in past earthquake events due to their
flexibility. Details on the design procedure for MSE walls un-
der earthquake loading can be found in the ASSHTO LRFD
Bridge Design Specifications (AASHTO, 2012).

Consideration of Stable Boundary An MSE wall is some-
times bounded by a stable boundary, such as bedrock and a
soil nailed wall. When the stable boundary is close to the wall
face or the reinforced fill, the internal or external active lat-
eral earth pressure cannot be fully mobilized; therefore, the
earth pressure is reduced. The reduced active lateral earth
pressure coefficient, K′a, can be estimated using the design
chart in Figure 10.43. When point A is at the back of the wall
face, K′a is the internal active lateral earth pressure coeffi-
cient. When point A is at the back of the reinforced fill, K′a
is the external active lateral earth pressure coefficient. When
the base width to wall height ratio is greater than 0.2, no re-
duction may be considered.

Consideration of Tiered Wall Tiered MSE walls may be
used to reduce required reinforcement tensile strengths for
tall walls. In addition to design of individual wall stability,
the overall stability should be checked using the slope stabil-
ity method as shown in Figure 10.44 (Leshchinsky and Han,
2004).

10.5.4 Design Parameters and Procedure

Design Parameters Many factors influence the perfor-
mance and design of MSE walls. Figure 10.45 shows most
of the influence factors, which include:

• Geometry of wall: wall height, H, top slope height,
h, wall batter, 𝜔, top slope angle, 𝛽, wall embedment
depth, D

Figure 10.43 Design chart for (a) geometry and (b) reduced lateral earth pressure
coefficient, K′

a, of MSE wall bounded by stable medium (modified from Leshchin-
sky et al., 2004).
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• Properties of reinforced fill: friction angle, 𝜙r, and unit
weight, 𝛾r

• Properties of retained soil: friction angle, 𝜙t, and unit
weight, 𝛾t

• Properties of foundation soil: cohesion, cf friction an-
gle, 𝜙f , and unit weight, 𝛾f

• Property of top slope soil: unit weight, 𝛾s
• Reinforcement: length, L, front anchorage length, Laf ,

and rear anchorage length, Lar, tributary distance, svi,
allowable tensile strength, Ta, pullout capacity, Tpo, and
allowable connection strength, Tcn

• Surcharge, p

Proper selection of reinforced fill is important for the per-
formance of geosynthetic-reinforced earth walls. AASHTO
(2012) requires the backfill for the reinforced zone should
meet the gradation limits as provided in Table 10.7.
Poor-quality backfill material is one of the reasons that

Figure 10.44 Overall stability of tiered wall (modified from
Leshchinsky and Han, 2004).

Hs

Df

Laf Lar
svi

Ta

Figure 10.45 Influence factors for MSE wall.

Table 10.7 Required Gradation Limits for
Mechanically Stabilized Earth Walls

Sieve Size Percent Passing

102 mm 100
0.425 mm (No. 40) 0–60
0.075 mm (No. 200) 0–15
Plasticity Index (PI) shall not exceed 6

Source: Elias et al. (2001).

causes failure of geosynthetic or metallic-reinforced earth
walls. It is well understood that an increase of the plasticity
index of backfill increases construction and creep deforma-
tions and results in poorer workability. An increase of fines in
backfill results in poorer drainage and maintains higher ex-
cess pore water pressure, which may cause wall failure. No
cohesion should be considered for reinforced fill and retained
soil. A decrease of friction angle of backfill increases hori-
zontal stress and reduces pullout capacity of geosynthetic or
metallic reinforcement so that stronger and longer reinforce-
ments are required. Backfill should also be checked for its
pH value so that a proper geosynthetic type can be selected
based on Table 10.8.

Traffic loading is a dynamic load, which does not remain
on the top of the wall all the time. To be conservative, the
basic design principle is to consider the traffic loading in
the calculation of driving force and/or driving moment but
not to consider it in the calculation of resisting force and/or
resisting moment as shown in Figure 10.46.

Design Procedure The following design procedure is com-
monly used in practice to design MSE walls:

1. Select reinforcement type (geosynthetic versus metallic
reinforcement) and wall facing type.

2. Layout reinforcements based on the minimum length
and spacing requirements.

3. Calculate coefficients of lateral earth pressure for exter-
nal and internal analyses.

4. Calculate factors of safety against external failures
including sliding, overturning, and bearing failure.
If any calculated factor of safety does not meet the

Table 10.8 pH Limit of Backfill for Geosynthetic
Reinforcement

Base Polymer Criterion Test Method

Polyester (PET) 3 < pH < 9 AASHTO T-289-91
Polypropylene (PP) and

high-density
polyethylene (HDPE)

pH > 3 AASHTO T-289-91

Source: Elias et al. (2001).
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Figure 10.46 Consideration of traffic loading in analysis (Elias et al., 2001).

performance requirement, extend reinforcement length
until all the requirements are met.

5. Calculate the maximum tension in each reinforcement
and then select the grade of reinforcement to meet the
strength requirement based on the desired factor of
safety. Also, check the maximum tension against the
pullout capacity. If the pullout capacity is not sufficient,
extend the length of the reinforcement.

6. Check the maximum tension against the connection
strength of reinforcement. If the connection strength is
not sufficient, change connector or reinforcement type
or reduce vertical spacing of reinforcements.

7. Calculate the factor of safety against compound fail-
ure. If the factor of safety is not sufficient, extend the
reinforcement and/or increase tensile strength of rein-
forcements intersecting with the critical slip surface.

8. Calculate the factor of safety against global failure. If
the factor of safety against the global failure is not suf-
ficient, improve the foundation soil by basal reinforce-
ment or other ground improvement techniques.

Design Example 10.4

A vertical geosynthetic-reinforced MSE wall is shown
in Example Figure 10.3. The reinforced fill, retained
fill, and foundation soil have the same properties as
shown in the figure. The traffic loading on top of the
wall is 15 kPa. The AASHTO (2012) design method

Example Figure 10.3 Geometry for MSE wall.

is used to determine the required tensile strength of
each geosynthetic layer. Calculate the factors of safety
for internal (pullout) and external stability (sliding,
overturning, and bearing failure).

Solution

(1) Required Tensile Strength
Since it is a vertical wall, the active earth pressure

coefficient of the reinforced fill, Kai, is

Kai = tan2

(
45∘ −

𝜙r

2

)
= tan2

(
45∘ − 30∘

2

)
= 0.333

The height of the tributary area for layer 1 is sv1 =
0.9 m.
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The required tensile strength for layer 1 is

T1max = 1∕2Kai𝛾rs
2
v1 + Kaipsv1

= 1∕2 × 0.333 × 20 × 0.92 + 0.333 × 15 × 0.9

= 7.20 kN∕m

The height of the tributary area for layer 2 is sv2 = 0.6m.
The lateral earth pressure at the elevation of layer 2

(z2 = 1.2 m) is

𝜎h = Kai𝛾rz2 + Kaip

= 0.333 × 20 × 1.2 + 0.333 × 15 = 13 kPa

The required tensile strength for layer 2 is

T2max = 𝜎hsv2 = 13 × 0.6 = 7.8 kN∕m

The height of the tributary area for layer 3 is sv3 =
0.6 m.

The lateral earth pressure at the elevation of layer 3
(z3 = 1.8 m) is

𝜎h = Kai𝛾rz3 + Kaip = 0.333 × 20 × 1.8 + 0.333 × 15

= 17 kPa

The required tensile strength for layer 3 is

T3max = 𝜎hsv3 = 17 × 0.6 = 10.2 kN∕m

The height of the tributary area for layer 4 is sv4 =
0.9 m.

The lateral earth pressure at the middle of the tribu-
tary area for layer 4 (z4 = 2.55 m) is

𝜎h = Kai𝛾rz4 + Kaip = 0.333 × 20 × 2.55 + 0.333 × 15

= 22 kPa

The required tensile strength for layer 4 is

T4max = 𝜎hsv4 = 22 × 0.9 = 19.8 kN∕m

(2) FS against Pullout
Since the top slope is flat, the critical failure plane

within the reinforced zone is the Rankine failure plane,
that is,

𝜓 = 45∘ +
𝜙r

2
= 45∘ + 30∘

2
= 60∘

The rear anchorage length of each layer (Hi is the
height of the geosynthetic reinforcement, i, from the
bottom of the wall) is

Layer 1 ∶ Lar1 = L −
H1

tan𝜓
= 3.0 − 2.4

tan 60∘

= 1.61 m

Layer 2 ∶ Lar2 = L −
H2

tan𝜓
= 3.0 − 1.8

tan 60∘
= 1.96 m

Layer 3 ∶ Lar3 = L −
H3

tan𝜓
= 3.0 − 1.2

tan 60∘
= 2.31 m

Layer 4 ∶ Lar4 = L −
H4

tan𝜓
= 3.0 − 0.6

tan 60∘
= 2.65 m

The pullout capacity of each layer and the corre-
sponding factor of safety are:

Layer 1:

Tpo1 = 2𝛾r(H − H1)Lar1CiRc tan𝜙r

= 2 × 20 × (3 − 2.4) × 1.61 × 0.8 × 1 × tan 30∘

= 17.85 kN∕m

FSpo1 =
17.85
7.20

= 2.48 > 1.5 (OK)

Layer 2:

Tpo2 = 2𝛾r(H − H2)Lar2CiRc tan𝜙r

= 2 × 20 × (3 − 1.8) × 1.96 × 0.8 × 1 × tan 30∘

= 43.45 kN∕m

FSpo2 =
43.45

7.8
= 5.57 > 1.5 (OK)

Layer 3:

Tpo3 = 2𝛾r(H − H3)Lar3CiRc tan𝜙r

= 2 × 20 × (3 − 1.2) × 2.31 × 0.8 × 1 × tan 30∘

= 76.82 kN∕m

FSpo3 =
76.82
10.2

= 7.53 > 1.5 (OK)

Layer 4:

Tpo4 = 2𝛾r(H − H4)Lar4CiRc tan𝜙r

= 2 × 20 × (3 − 0.6) × 2.65 × 0.8 × 1 × tan 30∘

= 117.5 kN∕m

FSpo4 =
117.5
19.8

= 5.93 > 1.5 (OK)

(3) FS against Base Sliding
The coefficient of lateral earth pressure for the exter-

nal stability when 𝛽 = 0 and 𝜙t = 30∘ is

Kae = cos 𝛽
cos 𝛽 −

√
cos2𝛽 − cos2𝜙t

cos 𝛽 +
√

cos2
𝛽 − cos2

𝜙t

= cos(0)
cos(0) −

√
cos2(0) − cos2(30)

cos(0) +
√

cos2(0) − cos2(30)
= 0.333
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The lateral forces due to soil and surcharge are

PaH1 = 1∕2Kae𝛾tH
2 = 1∕2 × 0.333 × 20 × 32

= 30 kN∕m

PaH2 = KaepH = 0.333 × 15 × 3 = 15 kN∕m

The vertical force due to soil (surcharge is ignored for
conservative design) is

W1 = 𝛾rLH = 20 × 3 × 3 = 180 kN∕m

The factor of safety against sliding along the base is

FSbs =
W1 tan 𝛿b

PaH1 + PaH2
= 180 × tan 30∘

30 + 15
= 2.31 > 1.5 (OK)

(4) FS against Overturning
The driving moment due to soil pressure and sur-

charge is

Md = PaH1 × (1∕3H) + PaH2 × (1∕2H)

= 30 × (1∕3 × 3) + 15 × (1∕2 × 3)

= 52.5 kN ⋅ m∕m

The resisting moment by the weight of the reinforced
soil (surcharge is ignored for conservative design) is

Mr = W1 × (1∕2L) = 180 × (1∕2 × 3) = 270 kN ⋅ m∕m

The factor of safety against overturning is

FSot =
Mr

Md
= 270

52.5
= 5.14 > 2.0 (OK)

(5) FS against Bearing Failure
The resisting moment by the weight of the reinforced

soil and surcharge is

Mr =W1 × (1∕2L) + pL × (1∕2L)

= 180 × (1∕2 × 3) + 15 × 3 × (1∕2 × 3)

= 337.5 kN ⋅ m∕m

The eccentricity for bearing capacity calculation is

e = L
2
−

Mr −Md

W1 + pL
= 3

2
− 337.5 − 52.5

180 + 15 × 3
= 0.23m

The equivalent applied bearing pressure is

pv =
W1 + pL

L − 2e
= 180 + 15 × 3

3 − 2 × 0.23
= 88.6 kPa

The ultimate bearing capacity is

qult = 0.5𝛾f (L − 2e)N
𝛾

= 0.5 × 20 × (3 − 2 × 0.23) × 22.4

= 568.9 kPa

The factor of safety against bearing failure is

FSbc =
qult

pv
= 568.9

88.6
= 6.42 > 2.5 (OK)

10.5.5 Construction

The following construction sequence is commonly adopted
in the field to construction MSE walls: site preparation, con-
struction of leveling pads, erection of facing (panels, modular
blocks, wire baskets, or gabions), placement and compaction
of fill, and placement of reinforcement.

Site preparation can vary depending on site conditions. It
may include removal of large objects (e.g., trees), leveling of
ground to a desired elevation, removal of unsuitable materials
(such as organic matters, vegetation, etc.). If foundation soil
is too weak, other ground improvement measures may be
taken.

Leveling pads (mostly unreinforced concrete but some-
times made of gravel) are casted or placed on the foundation
soil to support facing panels, modular blocks, wire baskets, or
gabions. Pads are typically 300 mm wide and 150 mm thick.

Installation of wall facing depends on the type of wall fac-
ing. The first row of facing panels needs to be braced to
maintain their stability and alignment. Upper facing panels
are placed on and connected to lower panels after reinforce-
ment and fill are placed. Wire baskets have built-in bracing
components. Modular blocks and gabions do not need any
bracing.

When the compacted fill reaches the design level of a rein-
forcement, the reinforcement is placed on the top of the fill
and connected to the facing. Different wall systems may have
different connection mechanisms (mechanical or frictional).
Reinforcement should be manually pulled straight to remove
wrinkles before placement of next lift of fill.

Repeat the above procedure until the wall reaches the de-
sired height.

10.5.6 Quality Control and Assurance

Quality control and assurance include the following items:

• Check the quality, gradation, pH value, and electro-
chemical properties of backfill material and the grades
of reinforcements and corrosion protection (for metallic
reinforcements only).

• Inspect precast panels or modular blocks for any dam-
age and quality issues.

• Ensure the elevation and alignment of leveling pads.
• Ensure panels or blocks are erected or placed within the

tolerance of vertical and horizontal alignments.
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• Verify the density of compacted fill and its correspond-
ing moisture content.

• Ensure the reinforcements are placed in a correct orien-
tation.

• Inspect that the reinforcements are correctly connected
to the panels or blocks.

• Ensure drainage systems behind the wall face and
within the reinforced fill are properly installed.

10.6 GEOSYNTHETIC-REINFORCED
FOUNDATIONS

10.6.1 Introduction

Basic Concept When problematic geomaterial exists near
ground surface, one of the most economic and efficient
ground improvement technologies is overexcavation and re-
placement. Chapter 4 discusses the design and construction
for overexcavation and replacement. The ultimate bearing ca-
pacity of replaced foundations may be limited by the strength
of the replacing fill and the thickness of the replaced zone.
Reinforcements can be placed in layers (mostly two to four
layers) within the replaced foundation to increase its ultimate
bearing capacity by providing confinement and tensile resis-
tance, distributing stresses to a wider area, and preventing
punching failure.

Suitability This technology is most suitable for spread foot-
ings, such as isolated footings and continuous footings. Rein-
forcements, such as geogrid, woven geotextile, geocell, and
metallic reinforcement, have been used in reinforced foun-
dations. Metallic reinforcements (steel strips and meshes)

have been used in the laboratory for research purposes;
however, they are rarely used in practice. Aggregate, sand,
clay, and fly ash have been used as the fill materials in
geosynthetic-reinforced foundations (Chen, 2007). However,
aggregate and sand have been mostly used in the field.

Applications Geosynthetic-reinforced foundations are
mostly used to improve replaced fill under footings.

Advantages and Limitations The use of geosynthetic
reinforcements can increase bearing capacity, reduce set-
tlement, and allow the use of low-quality fill or a thinner
replaced zone.

Numerous studies have been done in the past, most of
which were laboratory model tests and numerical anal-
yses. Few large plate loading tests and field tests were
conducted for geosynthetic-reinforced foundations. For
example, Adams and Collin (1997) and Demir et al. (2013)
reported plate loading tests with plate sizes varying from
0.3 m × 0.3 m to 0.9 m × 0.9 m on geogrid-reinforced
sand. Miura et al. (1995) reported a case study in which a
geogrid-reinforced gravel foundation was used to support a
2.8-m-wide box culvert. Most experimental and numerical
studies show that geosynthetic reinforcement is effective in
increasing the ultimate bearing capacity but is less effective
in reducing settlement.

10.6.2 Principles

Failure Modes Six potential failure modes of
geosynthetic-reinforced foundations have been iden-
tified by researchers (Binquet and Lee, 1975; Huang
and Menq, 1997; Wayne et al., 1998; Chen, 2007), as
shown in Figure 10.47. The shallow failure as shown in
Figure 10.47(a) happens when the distance from the base

(e) Punching failure through
reinforced zone

(a) Shallow failure above
uppermost reinforcement 

(f) Punching failure of 
reinforced zone

(b) Interlayer failure
between reinforcements

Bf Bf Bf

Geosynthetics

zu

Bf

Df

s

Bf

Df
zu

hrhr
hr

qb
qb

Brz
Brz

(d) Failure of distributed
foundation

(c) General failure
within reinforced zone

hr

Bf

Df

DfDfDf

θ

Figure 10.47 Potential failure modes of reinforced foundations (modified from Binquet and Lee,
1975; Huang and Menq, 1997, and Wayne et al., 1998; and Chen, 2007).
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of the footing to the uppermost reinforcement is too large
and/or the fill is too weak. Interlayer failure as shown in
Figure 10.47(b) can develop when the spacing between
reinforcements are too large. Within a thick reinforced
foundation with multiple layers of reinforcement, a general
failure, which involves one or more layers of reinforcements,
may develop, as shown in Figure 10.47(c). Applied stress
at the base of the footing distributes to the underlying soil.
When the reinforced zone is thin and the underlying soil
is weak, the distributed foundation may fail due to the low
strength of the weak soil, as shown in Figure 10.47(d). When
the reinforced foundation is thin but wide and underlain by
weak soil, the footing may punch through the reinforced
zone as shown in Figure 10.47(e). Figure 10.47(f) shows the
punching of a reinforced zone into the weak soil due to the
narrow reinforced zone and the existence of the underlying
weak soil.

Effects of Geosynthetic Reinforcement The inclusion of
geosynthetic reinforcement in replacing fill can have the fol-
lowing effects: (1) limited depth effect, (2) lateral restraint
effect, (3) tensioned membrane effect, (4) lateral confine-
ment effect, (5) deep-footing effect, and (6) wide-slab effect.
A stable geosynthetic reinforcement (i.e., having sufficient
tensile strength and pullout capacity) can serve as a bound-
ary, limiting potential slip surfaces from going deeper. Man-
del and Salencon (1972) demonstrated that limited depth of
soil by a rigid base resulted in a higher bearing capacity.
The uppermost reinforcement and close reinforcement spac-
ing have this effect. Perkins and Ismeik (1997) and Giroud
and Han (2013) indicated that geosynthetic reinforcement
can provide lateral restraint to granular fill through inter-
locking with geogrid apertures, friction by geotextile, and
closed confinement inside geocell pockets. Lateral restraint
to granular fill adds apparent cohesion and increases mod-
ulus of the fill. When geosynthetic reinforcement deforms
locally under an applied load, it develops tension, which has
a vertical component of resistance (i.e., uplift force). This ef-
fect is the so-called tensioned membrane effect. Giroud and
Han (2004a) pointed out that the tensioned membrane effect
becomes important when large deformation develops. Das
(1998), Wayne et al. (1998), and Chen (2007) suggested a
complete rotation of reinforcement to model the tensioned
membrane effect as shown in Figure 10.48. Chen (2007) at-
tributed the contribution of geosynthetic reinforcement to
providing lateral confinement to the punching wedge. As a
result, the shear strength between the punching wedge and
the surrounding soil is increased. Huang and Tatsuoka (1990)
and Huang and Menq (1997) demonstrated that reinforced
foundations have deep-footing and wide-slab effects. Even

Ta

TaTa

Ta

π/4 + ϕr/2
ΔqT

Reinforcement

TaTa
TaTa

ΔqT

Reinforcement

(a) (b)

Frictionless
roller

Frictionless
roller

Figure 10.48 Complete rotation of geosynthetic reinforcement:
(a) vertical punching and (b) triangular active wedges (modified
from Das, 1998; Wayne et al. 1998; Chen, 2007).

if the reinforcements have the same length as the width of
the footing, they can increase the bearing capacity by ex-
tending the footing to a deeper embedment depth. The in-
clusion of reinforcement helps distribute the applied load
to a wide area as shown in Figure 10.47(d) so that the ap-
plied stress on the weak soil is reduced, the bearing capacity
is increased, and the settlement is reduced. This effect has
been confirmed by many experimental studies, for example,
Gabr and Hart (1996), Han et al. (2013), and Qian et al.
(2013).

When static plate loading tests are conducted on unre-
inforced and reinforced foundations, typical results (e.g.,
Guido et al., 1986; Adams and Collin 1997; Dong et al.,
2010; Pokharel et al., 2010) are obtained as shown in
Figure 10.49. Figure 10.49 shows that reinforcement in-
creases bearing capacity and modulus but reduces settlement
of the foundation. The increase of bearing capacity is often
expressed as the bearing capacity ratio (BCR) as follows:

BCR =
qult,r

qult,u
(10.42)

where qult,u = ultimate bearing capacity of unreinforced
foundation

qult,r = ultimate bearing capacity of reinforced
foundation

The increase of the modulus is expressed as the modulus
improvement factor (MIF):

MIF =
kr

ku
=

Er

Eu
(10.43)

where kr = subgrade reaction modulus of reinforced
foundation

ku = subgrade reaction modulus of
unreinforced foundation

Er = elastic modulus of reinforced foundation
Eu = elastic modulus of unreinforced

foundation
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Figure 10.49 Plate loading tests on unreinforced and reinforced foundations:
(a) plate loading test and (b) pressure vs. settlement.

Past studies show that BCR values mostly range from 1.0
to 3.0 while MIF values range from 1.0 to 2.0. The reason
for the MIF to have a smaller value than the BCR value is
that the MIF is determined at a smaller deformation at which
reinforcement is less mobilized.

10.6.3 Design Considerations

Bearing Capacity against Shallow Failure To prevent the
possible failure above the uppermost reinforcement, the rein-
forcement should be placed close to the base of the footing so
that the potential slip surface is bounded by the reinforcement
as shown in Figure 10.47(a). Binquet and Lee (1975) indi-
cated that shallow failure likely happens when zu∕Bf >

2
3
.

Mandel and Salencon (1972) developed a solution for a foot-
ing on sand bounded by a rigid base. Figure 10.50 shows that
the BCR increases with an increase of sand friction angle,ϕr,
but decreases toward 1.0 with an increase of the distance to
the uppermost reinforcement, zu. In this figure, Bf is the width
of the footing. The ultimate bearing capacity of the footing
against shallow failure, qult,r, is

qult,r = BCRsf ⋅ qult,u (10.44)

where BCRsf = bearing capacity ratio due to shallow
failure

qult,u = ultimate bearing capacity of unreinforced
foundation

Test data from three laboratory studies generally match
these theoretical curves. However, when zu is small, over-
burden stress on the uppermost reinforcement is low so that
pullout capacity of the reinforcement is limited. Under such
a condition, the slip surface extends below the uppermost
reinforcement. Therefore, the interlayer failure between rein-
forcements or general failure in the reinforced zone controls.

zu/Bf

Figure 10.50 Bearing capacity ratio due to shallow failure above
the uppermost reinforcement (after Wayne et al., 1998, with
permission from ASCE).

Bearing Capacity against Interlayer Failure When the
spacing between reinforcements is large, the failure can hap-
pen between the uppermost reinforcement and the next rein-
forcement as shown in Figure 10.47(b). Above the uppermost
reinforcement, there is a punching failure. The formula for
the ultimate bearing capacity of a footing due to punching
failure has been discussed in Chapter 4. The ultimate bearing
capacity against interlayer failure is contributed by the base
resistance, the tensile effect of uppermost reinforcement, and
the side resistance of the punching wedge:

qult,r = BCR ⋅ qb +
2C1cazu

Bf
+ 2𝛾′rz2

u

(
1 +

2Df

zu

)
Ks tan𝜙r

Bf

+
2C1Ta tan 𝛿

Bf
− 𝛾

′
rzu (10.45)
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where BCR= bearing capacity ratio when the footing is at
the depth of Df + zu

qb = ultimate bearing capacity of the unreinforced
foundation when the footing is at the
depth of Df + zu

C1 = constant (2 for square footing and 1 for
continuous footing)

𝜙r = friction angle of the reinforced fill
𝛾
′
r = effective unit weight of the reinforced fill

Ks = coefficient of punching shear proposed by
Meyerhof and Hanna (1978)
(see Chapter 4)

Ta = allowable tensile strength of reinforcement
(lesser of tensile strength at a specific
strain and pullout capacity of
reinforcement)

ca = interface cohesion between punching wedge
and reinforced fill

𝛿 = interface friction angle between punching
wedge and reinforce fill

Wayne et al. (1998) attributed the geosynthetic rein-
forcement to providing uplift force to the foundation.
They assumed a complete rotation (i.e., setting tan 𝛿 = 1
in Equation (10.45)) of the geosynthetic reinforcement at
the edges of the punching wedge. Chen (2007) attributed
the geosynthetic reinforcement to providing additional
confining stress to the punching wedge; 𝛿 =

(
2
3

)
𝜙r is a

typical assumption. Test results show most measured tensile
strains in geosynthetic reinforcement at failure were less
than 3% (Chen, 2007) when a square plate size of 457 mm
× 457 mm was used. It is expected that larger footings gen-
erate more deformation, which can result in higher strain in
geosynthetic reinforcement. Without any field data, a tensile

strain of 3% in the reinforcement may be used to calculate
the ultimate bearing capacity of a reinforced foundation by
limiting the overstress of geosynthetic reinforcement. The
tensile strength of geosynthetic reinforcement at a specific
strain, 𝜀g, due to overstress can be calculated by

Tg = J𝜀g (10.46)

where J is the tensile stiffness of geosynthetic reinforcement.
The pullout capacity of geosynthetic reinforcement on each

side of the footing can be estimated using the following
equation:

Tpo = 2Ci[cr + 𝛾
′
r(Df + z) tan𝜙r]La

(for a continuous footing) (10.47)

Tpo =
2Ci[cr + 𝛾

′
r(Df + z) tan𝜙r]Aa

Bf
(for a square footing)

(10.48)
where z, La, and Aa are defined in Figure 10.51; and Aa can
be calculated as follows:

Square footing with uniaxial and biaxial reinforcements:

Aa = Bf

Brz − Bf

2
(10.49)

Square footing with uniform reinforcements:

Aa =
B2

rz − B2
f

4
(10.50)

As Dong et al. (2010) pointed out, biaxial geogrid is strong
in the machine and cross-machine directions but weak in
other directions, especially at 45∘ to the loading direction.
Therefore, it is conservative to ignore the contributions of
biaxial geogrid in the directions different from the machine
and cross-machine directions. Dong et al. (2010) also found
that triaxial geogrid has uniform tensile strength and stiffness

Bf

Bf

BfBf

Df

Figure 10.51 Pullout anchorage length or area.
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in all the directions; therefore, it can be designed as a uniform
reinforcement.

When the spacing is the same or smaller than the dis-
tance to the uppermost reinforcement, the ultimate bearing
capacity against interlayer failure is always higher than that
against the shallow failure above the uppermost reinforce-
ment. Therefore, no analysis is needed if the ultimate bearing
capacity against shallow failure is sufficient.

Bearing Capacity against General Failure within Rein-
forced Zone When a reinforced foundation is relatively
thick and has multiple reinforcement layers, a general fail-
ure likely occurs within the reinforced zone as shown in
Figure 10.47(c). Chen (2007) derived a theoretical solution
for this failure mode. In this derivation, the contribution of
geosynthetic reinforcement is to increase lateral confining
stress between the active wedge and the passive wedge. The
ultimate bearing capacity of the reinforced foundation due
to the general failure within the reinforced zone can be ex-
pressed as follows:

qult,r = qult,u + ΔqT (10.51)

where ΔqT is the additional bearing capacity due to tensile
resistance provided by geosynthetic reinforcement, which
can determined by the following formula:

ΔqT =
NR∑
i=1

4Tai[zu + (i − 1)sv]rT

B2
f

(10.52)

where Tai = allowable tensile strength of the ith layer of
reinforcement due to overstress or pullout

rT =

⎧⎪⎪⎪⎪⎨⎪⎪⎪⎪⎩

1, for continuous footing

3

[
1 − 2 zu+(i−1)sv

Bf
tan

(
𝜋

4
− 𝜙r

2

)]
, for square footing

and zu + (i − 1)sv <
Bf

2
tan

(
𝜋

4
+ 𝜙r

2

)
3

(
1
2
− zu+(i−1)sv

2hf

)
, for square footing

and zu + (i − 1)sv ≥
Bf

2
tan

(
𝜋

4
+ 𝜙r

2

)
where hf is the depth of failure surface, that is,

hf =
Bf

2 cos(𝜋∕4 + 𝜙r∕2)
e(𝜋∕4+𝜙r∕2) tan𝜙r

It should be pointed out that geosynthetic reinforcements
below the depth of the failure surface are not included in the
calculation.

Under a large deformation, if the geosynthetic reinforce-
ment is assumed to have a complete rotation as shown in
Figure 10.48, the ultimate bearing capacity of the reinforced
foundation can be calculated as follows:

ΔqT =
NR∑
i=1

2C2Tai sin(𝜋∕4 + 𝜙r∕2)
Bf

(10.53)

where

C2 =
⎧⎪⎨⎪⎩

1, for square footing

2Bf − 4
[
zu + (i − 1) sv

]
tan

(
𝜋

4
− 𝜙r

2

)
,

for continuous footing

Bearing Capacity against Distributed Foundation Failure
Huang and Menq (1997) suggested reinforced foundations
have deep-footing and wide-slab effects. These effects
can be represented by distributed foundations as shown in
Figure 10.47(d). The distributed foundation has a deeper
and wider base. The similar method for the analysis of
the distributed foundation through the replaced zone in
Chapter 4 can be used for the reinforced foundation. The
key is how to determine the distribution angle. An empirical
relation was proposed by Huang and Menq (1997) based
on laboratory tests on reinforced sandy foundations as
follows:

tan 𝜃 = 0.680 − 2.071
sv

Bf
+ 0.743CR

+ 0.030
Brz

Bf
+ 0.076NR (10.54)

where 𝜃 = stress distribution angle from the reinforced
zone to the underlying soil

CR= coverage ratio of the area of reinforcement
strips or ribs over total reinforced area

NR = number of reinforcements

The above relation is only valid for the following
conditions:

tan 𝜃 > 0

0.25 ≤
sv

Bf
≤ 0.5

0.02 ≤ CR ≤ 1.0

1 < Brz∕Bf ≤ 10

1 ≤ NR ≤ 5

Wayne et al. (1998) found that the distribution angle for un-
reinforced foundations is 26.7∘, while the distribution angle
for reinforced foundations is 45∘.

Bearing Capacity against Punching Failure through Re-
inforced Zone The punching failure through the reinforced
zone as shown in Figure 10.47(e) likely happens when the re-
inforced zone is thin and/or the underlying soil is weak. The
ultimate bearing capacity against punching failure through
the reinforced zone is contributed by the base resistance, the
tensile effect of reinforcement, and the side resistance of the
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punching wedge:

qult,r = qb +
2C1cahr

Bf
+ C1𝛾

′
rh

2
r

(
1 +

2Df

hr

)
Ks tan𝜙r

Bf

+
2C1Ta tan 𝛿

Bf
− 𝛾

′
rhr (10.55)

where qb = ultimate bearing capacity of the foundation
with a width of Bf at a depth of Df + hr

Ta = total allowable tensile strength of all
reinforcement layers in one side of footing

Bearing Capacity against Punching Failure of Reinforced
Zone The punching failure of the reinforced zone into the
underlain soil as shown in Figure 10.47(f) likely happens
when the reinforced zone is too narrow and the underlying
soil is too weak. Since the reinforced zone acts as part of the
rigid footing, geosynthetic reinforcement does not have any
reinforcing effect. The same formula for the punching failure
of a replaced zone into weak soil, as presented in Chapter 4,
can be used to calculate the ultimate bearing capacity against
the punching failure of the reinforced zone.

Critical FailureMode Although six potential failure modes
exist for a reinforced foundation, the actual failure of the
foundation is always controlled by a critical mode. As such,
the ultimate bearing capacity due to the critical failure mode
is smaller than that due to any of the other modes of fail-
ure. The critical failure mode depends on the reinforcement
configuration (distance of the reinforcement to the base of
the footing, reinforced zone thickness, width and length of
the reinforcement, and spacing of subsequent layers) and
the properties of the reinforcement and soil, and the pull-
out interaction coefficient between soil and reinforcement.
As mentioned previously, the failure above the uppermost
reinforcement may be the critical mode when the distance
to the uppermost reinforcement is too large. The punching
failure may be the controlling mode for the case when the re-
inforced zone is thin and underlain by a layer of soft soil. The
general failure may control when the reinforced foundation
is thick and have multiple layers of reinforcements.

The design methods discussed above are based on pla-
nar reinforcements, such as geogrid, geotextile, and steel
mesh. Geocell, a three-dimensional reinforcement, can be
used to increase the bearing capacity as well. No systematic
design method is available to calculate the bearing capacity
of geocell-reinforced foundations over weak soil; therefore,
more research is needed.

Settlement of Reinforced Foundation One of the benefits
of geosynthetic in the reinforced foundation is to provide
lateral restraint to granular fill so that its elastic modulus is
increased. Based on laboratory and field plate loading tests,

the elastic modulus of the reinforced foundation is higher
than that of the unreinforced foundation. The following for-
mula can be used to estimate the elastic modulus of the
reinforced foundation, Er:

Er = MIF ⋅ Eu (10.56)

where MIF =modulus improvement factor
Eu = elastic modulus of unreinforced fill

The higher modulus of the reinforced fill reduces the
settlement of the foundation. The method to calculate the set-
tlement of the replaced zone in Chapter 4 can be used for the
reinforced foundation by considering the modulus improve-
ment factor, MIF.

10.6.4 Design Parameters and Procedure

Design Parameters The design parameters for geo-
synthetic-reinforced foundations include:

• Type of footing, square or continuous footing
• Width of footing, Bf
• Embedment depth of footing, Df
• Distance from base of footing to uppermost reinforce-

ment, zu
• Spacing between reinforcements, sv
• Number of reinforcements, NR
• Tensile stiffness of reinforcement, J
• Allowable tensile strength of reinforcement at a speci-

fied strain, Ta
• Thickness of reinforced zone, hr
• Width of reinforced zone, Brz
• Friction angle and unit weight of reinforced fill,

𝜙r and 𝛾r
• Ultimate bearing capacity of underlying weak soil, qb

Design Procedure The following procedure may be
adopted to design a geosynthetic-reinforced foundation:

1. Follow the procedure for the overexcavation and re-
placement method to design a replaced zone without
geosynthetic reinforcement.

2. Evaluate whether geosynthetic reinforcement is needed.
If the designed replaced zone does not meet the perfor-
mance requirements or there is a need to use low-quality
fill and/or reduce the thickness of the replaced zone,
geosynthetic reinforcement(s) may be used.

3. Layout geosynthetic reinforcement(s). Depending on
the thickness of the replaced zone and the need for per-
formance, one to four reinforcements may be placed.
In soft soil, one reinforcement layer may be placed on
the top of the soft soil to assist placement and com-
paction of fill. The spacing of reinforcements may be
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selected in terms of lift thickness. The practical mini-
mum spacing is 150 mm. The length and width of rein-
forcement(s) may be the same as those of the replaced
zone at the base.

4. Calculate the ultimate bearing capacities and factors of
safety in terms of different failure modes. If the calcu-
lated minimum factor of safety against critical bearing
failure is less than the required, adjust the layout in step
3 and repeat the calculations until a satisfactory result
is reached.

5. Calculate the settlement of the footing on the reinforced
zone. If the calculated settlement is larger than the al-
lowed value, adjust the layout in step 3 and repeat the
calculations until a satisfactory result is reached.

6. Calculate the volumes of excavation and fill material
and quantity of geosynthetic reinforcement.

Design Example 10.5

In the design example in Chapter 4, the thickness of
the replaced zone is reduced to 700 mm. Three uni-
form geosynthetic layers are placed within the replaced
zone as shown in Example Figure 10.4. The proper-
ties of geosynthetics are as follows: secant modulus at
3% is 500 kN/m and interaction coefficient with fill is
0.9. Calculate the ultimate bearing capacity of the rein-
forced foundation and the factor of safety at the applied
pressure.

Solution

1. Ultimate bearing capacity and factor of safety with-
out geosynthetic reinforcement: The ultimate bear-
ing capacities of the 700-mm-thick replaced zone
without geosynthetic reinforcement can be calcu-
lated following the same procedure presented in
Chapter 4 as follows:
General failure: qult = 2093 kPa
Punching failure through the replaced zone:

qult = 426 kPa (under short term) and 604 kPa
(long term).

Failure of distributed foundation: qult = 663 kPa (un-
der short term) and 1365 kPa (under long term).

Punching of the replaced zone into in situ soil: qult =
879 kPa (under short term) and 2387 kPa (under
long term).
The minimum ultimate bearing capacity is

qult,u = 426 kPa due to punching failure of the
footing through the replaced zone under the short
term. Therefore, the minimum factor of safety is

FSu =
426
170

= 2.51 < 3.0

(geosynthetic reinforcement is needed)

2. Ultimate bearing capacity and factor of safety with
geosynthetic reinforcement: Since only the factor of
safety against punching failure through the replaced
zone under short term does not meet the require-
ment, the analysis of punching failure through the
reinforced foundation is needed.

The anchorage area for a uniform geosynthetic
layer is

Aa = 1∕4(B2
rz − B2

f ) = 1∕4 × (22 − 12) = 0.75 m2

The pullout capacities for three reinforcements are

Tpo1 =
2Ci[cr + 𝛾

′
r(Df + z) tan𝜙r]Aa

B

=

2 × 0.9 × [0 + (20 − 9.81) × (1.0 + 0.2)
tan 38∘] × (0.75)

1
= 12.9 kN∕m

Tpo2 =

2 × 0.9 × [0 + 10.19 × (1.0 + 0.45) tan 38∘]
×(0.75)

1
= 15.1 kN∕m

Tpo3 =

2 × 0.9 × [0 + 10.19 × (1.0 + 0.7) tan 38∘]
×(0.75)

1
= 17.2 kN∕m

The tensile resistance due to overstress at the strain
of 3% is

Tg = 𝜀gJ = 0.03 × 500 = 15.0 kN∕m

The design tensile strengths for three reinforcements
are Ta1 = 12.9 kN/m, Ta2 = 15.0 kN/m, and Ta3 =
15.0 kN/m.

The ultimate bearing capacity against punching
failure through the reinforced zone is

qult,r = qb +
2C1cahr

Bf
+ C1𝛾

′
rh

2
r

(
1 +

2Df

hr

)
Ks tan𝜙r

Bf

+
2C1Ta tan 𝛿

Bf
− 𝛾

′
rhr

= 235 + 2 × 2 × 0 × 0.7
1

+ 2 × (20 − 9.81) × 0.72

×
(

1 + 2 × 1
0.7

)
× 7 × tan 38∘

1

+ 2 × 2 × (12.9 + 15.0 + 15.0) × tan(0.67 × 38)
1

− (20 − 9.81) × 0.7 = 520 kPa
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The factor of safety of the reinforced foundation is

FSr =
520
170

= 3.1 > 3.0 (OK)

Example Figure 10.4 Cross section of reinforced
foundation.

10.6.5 Construction

The construction procedure for geosynthetic-reinforced
foundations is similar to that for overexcavation and replace-
ment. The only difference is the placement of geosynthetic
reinforcement, which should be placed on compacted fill.
Typically, biaxial geogrid, triaxial geogrid, or woven geotex-
tile is used for this application. Geocell has been used for this
application as well. Under a continuous footing, the machine
direction of uniaxial geogrid may be placed perpendicularly
to the centerline of the footing. When uniaxial geogrids are
placed under square footings, they should be oriented in
perpendicular directions between two adjacent layers.

10.6.6 Quality Control and Assurance

In addition to the quality control and assurance of overexca-
vation and replacement, it is important to have appropriate
quality control and assurance of geosynthetic products and
placement. To verify designed bearing capacity and modulus
of a reinforced foundation, static plate loading tests may be
performed.

10.7 GEOSYNTHETIC-REINFORCED ROADS

10.7.1 Introduction

Basic Concept Geosynthetics (geotextile, geogrid, geocell,
geocomposite, and geomembrane) have been increasingly
used for the construction of roadways to reduce required

base thickness and prolong roadway life. Their functions
in the roadway applications include separation, filtration,
drainage, reinforcement, and/or barrier. Chapter 6 discusses
the use of geosynthetics for separation, filtration, drainage,
and barrier. Woven geotextile and geogrid (planar reinforce-
ments) and geocell (a three-dimensional reinforcement) can
be placed at the interface between subgrade and base course
or within the base course. They interact with subgrade and
base course materials and provide lateral confinement to
prevent bearing failure of subgrade and base courses, reduce
rut depth, and minimize the chance of fatigue failure of
pavement surfaces. The geosynthetic reinforcement at the
interface can increase the bearing capacity of subgrade and
slow down the deterioration of the base course. The geosyn-
thetic reinforcement within the base course can increase base
course stiffness. Geocell has been increasingly used with
onsite or recycled geomaterials for roadway applications
(Han and Thakur, 2014). Geosynthetic reinforcement used
to increase subgrade bearing capacity is often referred to
as subgrade improvement while geosynthetic reinforcement
used to increase base course stiffness is often referred to as
base reinforcement or stabilization.

Suitability Geotextile, geogrid, and geocell are suitable for
subgrade of different California Bearing Ratio (CBR) val-
ues, as shown in Table 10.9. Problematic subgrade may
include rounded sand, silty sand, silt, silty clay, clay, or-
ganic soil, and peat. Geotextile and geogrid typically require
well-graded base course materials because they interact with
particles by interlocking and friction. Low-quality geomate-
rials, such as poorly graded granular fill, sand, and recycled
asphalt pavement (RAP) aggregate, can be used with geo-
cell through closed confinement (Han et al., 2011; Han and
Thakur, 2014). Subgrade improvement by geosynthetics has
been used for low-strength subgrade of CBR lower than 3%
while base reinforcement by geosynthetics has been used for
low- to medium-strength subgrade of CBR up to 8% with
noticeable benefits to different degrees (Berg et al., 2000).

Table 10.9 Use of Geosynthetics for Different
Subgrade CBR Values

CBR Value (%)

Function Unsoaked Soaked Geosynthetic Product

Separation >8 >3 Nonwoven geotextile
Reinforcement 8–3 3–1 Woven geotextile,

geogrid, or geocell
Reinforcement

and sepa-
ration

<3 <1 Woven geotextile,
geogrid + nonwoven
geotextile, and
geocell + nonwoven
geotextile

Source: Modified from Berg et al. (2000).
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Applications Geosynthetics for roadway applications in-
clude unpaved roads, paved roads, and railroads. Unpaved
roads (i.e., without a pavement surface) are commonly con-
structed as local, low-volume roads and temporary construc-
tion platforms. AASHTO (2008) defined low-volume roads
as those expected to carry traffic loads for less than 100,000
ESALs (equivalent single-axle loads). Paved roads include
flexible (asphalt) and rigid (concrete) pavements. However,
geosynthetics have been used as reinforcement mostly for
unpaved roads and flexible pavements. The use of geosyn-
thetic reinforcement in rigid pavements is mostly related
to asphalt overlays, which is part of pavement rehabilita-
tion; therefore, this application will not be discussed in this
chapter. There have been some research and applications of
geosynthetics for railroads; however, no well-developed de-
sign methods are available for this application. Geocells, as
three-dimensional geosynthetics, have been increasingly re-
searched and used in the past few years. The recent advances
in the use of geocells for unpaved and paved roads and rail-
roads can be found in the publications, for example, Han et al.
(2011a), Pokharel et al. (2010), Acharya et al. (2012), Yang
et al. (2012), Han et al. (2013), Leshchinsky and Ling (2013),
and Yang et al. (2013).

Advantages and Limitations The use of geosynthetic rein-
forcement can prolong roadway life by typically 2–6 times.
Under the same service life, geosynthetic reinforcement can
reduce required base thickness. Geosynthetics can be eas-
ily installed without any specialty worker and construction
equipment. Geosynthetic-reinforced roads are often cost ef-
fective in life-cycle analysis. Geocell has been used with
recycled asphalt pavement (RAP) aggregate, recycled con-
crete, and recycled ballast to create a more economic and
sustainable solution (Han et al., 2011a; Han et al., 2012; Han
and Thakur, 2014).

Different geosynthetic properties, such as tensile stiffness,
interface characteristics, and aperture shape, size, thickness,
junction strength, and junction stiffness of geogrid, affect the
performance of geosynthetic reinforcement (Webster, 1992).
No design method can quantify all these factors; therefore,
calibration of a design method for a specific product is often
needed. No well-accepted quality assurance method is avail-
able to evaluate the performance of geosynthetic-reinforced
roads right after construction. Geosynthetic-reinforced roads

may have higher initial cost especially when no or small base
thickness reduction is allowed. Compaction of infill material
in geocell pockets is sometimes difficult and challenging, es-
pecially with tall geocell. Height of geocell should be limited
to not more than 300 mm to minimize compaction difficulty.

10.7.2 Principles

Roadway Structure Figure 10.52 shows the roadway struc-
tures for unpaved road, paved road, and railroad, which are
layered systems. The unpaved road typically has two layers:
base and subgrade. Paved roads and railroads have more lay-
ers. Ballast in the railroad is equivalent to base course in the
paved road while subballast is equivalent to subbase. There-
fore, the terms “base or base course” and “subbase” will be
used instead of “ballast” and “subballast” in this discussion
unless otherwise noted. Subbase may not be used for some
projects. Railroads are actually one type of unpaved roads.
The required strengths and moduli of layers decrease with the
depth because less stress is transferred to the deeper depth by
the above layer(s). Base and subbase can be different types of
materials. However, geosynthetic reinforcement has mostly
been used with granular materials because geosynthetic rein-
forcement can provide confinement needed by granular ma-
terials to become strong and stiff.

Geosynthetic reinforcement, including biaxial or triax-
ial geogrid, woven geotextile, and geocell, can be placed
at different elevations of the roadway system. When sub-
grade is weak, the top of the subgrade is an ideal location
for geosynthetic reinforcement. Geosynthetics can also be
placed within bases and subbases. California Department of
Transportation (2012) suggested that if the thickness of the
base course is more than 450 mm, the first geogrid layer
should be placed at the interface between base course and
subgrade and the second geogrid layer should be added
within the base course. To avoid the interference of tamp-
ing machines’ operation, geosynthetic reinforcement should
be placed in ballast at least 200 mm below the bottom of the
tie (or sleeper) (Coleman, 1990).

Load Transfer Unpaved roads, paved roads, and railroads
have channelized traffic, which can be quantified in terms of
number of passes of vehicle or axle. An axle load of 80 kN
is considered as a standard axle load in the 1993 AASHTO

Figure 10.52 Roadway structures: (a) unpaved road, (b) paved road, and
(c) railroad.



384 10 FILL REINFORCEMENT

Pavement Design Guide. However, unpaved areas, such as
construction sites and log yards, may not have channelized
traffic. It is not clear how repeated loading on unpaved areas
and their service life should be quantified. In practice, design
methods for unpaved roads have been often used for unpaved
areas (Giroud and Han, 2013).

The roadway structure, including the surface, base, and
subbase, distributes the traffic load to the subgrade and
the subgrade carries the load. The load transfer or stress
distribution through the unreinforced roadway structure can
be determined using the layered elastic theory (Burmister,
1958). Figure 10.53 shows the distributed stresses in un-
paved and paved roads, which are used for design. These
stresses induce vertical compressive strains within the
layers or a tensile strain at the bottom of the surface layer.
Figure 10.54 shows the vertical stresses along the centerline
of the load and the interface between base and subgrade.
Under the load, the base course with a higher modulus
reduces the vertical stress on the subgrade under the load
and results in more uniform distribution of the vertical stress
at the interface than the base with an equal modulus to the
subgrade. It should be noted that the vertical stress away
from the center of the load under the base with the higher
modulus is higher than that under the base with the equal
modulus to maintain the force equilibrium.

Giroud and Noiray (1981) used a stress distribution angle
method to estimate the stress at the interface between base
and subgrade and assumed that the stress distribution angle
is fixed at 31∘ for the design of geotextile-reinforced unpaved
roads. Based on experimental data, Giroud and Han (2004a)

Δσz2 → εz2

Δσz3 → εz3

Δσzi

Δσt → εt

Δσz1 → εz1

Figure 10.53 Stress distribution in (a) unpaved and (b) paved
roads.

Figure 10.54 Vertical stress profiles along the centerline and in-
terface (modified from Giroud and Han, 2013).

proposed the stress distribution angle decreasing with the
number of cycles as shown in Figure 10.55. The reduction
of the stress distribution angle results from the deterioration
of the base course. The lateral restraint of geosynthetic rein-
forcement can slow down the rate of deterioration of the base
course.

In the unpaved road design, the distributed stress on the
top of the subgrade, Δ𝜎zi, should be lower than the bearing
capacity of the subgrade. The vertical stresses in the surface,
base, and subgrade,Δ𝜎z1,Δ𝜎z2,Δ𝜎z3, in Figure 10.53(b) can
be used to calculate the vertical compressive strains in these
layers, 𝜀z1, 𝜀z2, 𝜀z3, which are used to calculate the rut of the
pavement.

The theory of elasticity shows that the high-modulus sur-
face layer develops compressive stresses in the upper part of
the layer but tensile stresses in the lower part. Since the gran-
ular base in the unpaved road cannot take any tensile stress,
it deteriorates with repeated loading. The tensile stress at the
base of the pavement surface, Δ𝜎t, in Figure 10.53(b) can be
used to calculate the tensile strain at this location, 𝜀t, which
is the key parameter for the fatigue life of the pavement.

The improvement of the unpaved road by geosynthetic re-
inforcement includes the improvement of stress distribution
and subgrade bearing capacity; therefore, it is often referred
to as subgrade improvement. The improvement of the paved
road by geosynthetic reinforcement includes the improve-
ment of stress distribution, base modulus, and structural
capacity; therefore, it is referred to as base reinforcement.
The geosynthetic reinforcement at the bottom of the base
can provide lateral restraint to granular base through friction
between woven geotextile and granular soil and confinement
of granular soil by geogrid or geocell. Giroud and Han
(2013) considered the confinement of granular soil through
interlocking with geogrid apertures as an open confinement
but the confinement of granular soil in geocell pockets as a
closed confinement. All types of soils in geocell pockets are
confined due to the three-dimensional configuration. How-
ever, granular soil can be effectively confined by interlocking
with geogrid apertures only when the soil particles are strong
and have appropriate sizes relative to the aperture size. Based
on an experimental study, Brown et al. (2007) suggested that
the aperture size, defined as the diameter of the largest sphere

Initial
Na cycles

Figure 10.55 Variation of stress distribution angle with number of
cycles (modified from Giroud and Han, 2011).
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passing through the aperture, should be 1.2–1.6 times the
nominal size of a uniform granular soil (i.e., less than 10%
soil particles retained on the sieve of this size). In addition
to lateral restraint, tensioned membrane effect is another
mechanism for geosynthetic reinforcement in roadway
applications. The tensioned membrane effect is valid when
the traffic is channelized. However, Giroud and Han (2004a)
indicated that the tensioned membrane effect becomes
important only if a large deformation (i.e., rut for roadway
applications) of 100 mm or more develops. From large cyclic
plate-loading tests, Qian et al. (2013) concluded that the
tensioned membrane effect was recognized when the per-
manent deformation was larger than 33% (i.e., one third) of
the base thickness. Such large deformations are not tolerable
for paved roads and railroads. Even for unpaved roads, ruts
are periodically backfilled as part of road maintenance and
the traffic may not be channelized at the same location. As
a result, the tensioned membrane effect is minimized. Since
the traffic in unpaved areas is not channelized the tensioned
membrane effect is hard to develop and be quantified.

Bearing Capacity Figure 10.56 shows general rutting
behavior of roads subjected to traffic and the basic design
philosophy for unpaved and paved roads. When a road has
an unstable base course or subgrade, rut increases with the
number of traffic passes at an accelerated rate. Such behavior
can be considered as the process of bearing failure. When
a road has stable base course and subgrade, rut increases
with the number of passes at a decreasing rate or eventually
reaches an equilibrium state (i.e., only elastic deformation
without any permanent deformation). Such behavior is often
referred to as resilient behavior. Unpaved roads are often
designed based on bearing failure, while paved roads are
designed based on resilient behavior.

Bearing failure in unpaved roads is progressive, as shown
in Figure 10.57. Soil movement develops under wheel
loading, which includes vertical compression and lat-
eral movement. Lateral movement often results in subgrade
heave. Geosynthetic reinforcement provides vertical restraint
to subgrade heave so as to maintain the stability of the road.
Field measurements have shown that vertical restraint of

Figure 10.56 Design philosophy for unpaved and paved roads.

(b)
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Figure 10.57 (a) Soil movement and vertical restraint and
(b) bearing capacity factors (modified from Giroud and Noiray,
1981; Giroud and Han, 2004a; Giroud and Han, 2013).

subgrade can be achieved with small strains (e.g., 1%) in the
geogrid (Giroud and Han, 2013). To limit large deformation
of an unreinforced unpaved road, Giroud and Noiray (1981)
suggested limiting the applied pressure on the top of sub-
grade lower than soil elastic limit, which is 𝜋cu (i.e., 3.14cu,
cu is undrained shear strength of a saturated, cohesive soil).
For a geotextile-reinforced unpaved road, Giroud and Noiray
(1981) suggested the applied pressure can reach the ultimate
bearing capacity of the subgrade due to the vertical restraint
before the road develops excessive deformation. Considering
the smooth interface between the woven geotextile and the
subgrade, the ultimate bearing capacity of the subgrade is
(𝜋 + 2)cu (i.e., 5.14cu). Considering a rough interface
between the geogrid with interlocked aggregate and the
subgrade, the ultimate bearing capacity of the subgrade
is (3𝜋/2 + 1)cu (i.e., 5.71cu) (Giroud and Han, 2004a).
Therefore, the use of woven geotextile and geogrid results
in bearing capacity increases by 64 and 82%, respectively.
It should be pointed out that these bearing capacity factors
(i.e., 3.14, 5.14, and 5.71) are for the two-dimensional
situation that prevails in case of rutting (Giroud and Han,
2013). Both Giroud and Noiray (1981) and Giroud and Han
(2004a) used the two-dimensional case, which is slightly
conservative, as compared with an axisymmetric case.

Resilient Behavior and Permanent Deformation
Figure 10.58 shows the vertical strains of a sample
subjected to cyclic loading with a deviator stress from
0 to 𝜎1 − 𝜎3. The total strain of the sample under each
loading cycle consists of elastic strain and plastic strain.
The elastic strain, 𝜀r, is recoverable while the plastic strain
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Figure 10.58 Resilient behavior and permanent deformation.

(also referred to as permanent strain), 𝜀p, is unrecoverable
and accumulates with the number of cycles. The permanent
strain can be used to calculate the permanent deformation
of each pavement layer. The sum of the permanent defor-
mations of all the layers is the rut on the road. The resilient
behavior is often described by a resilient modulus, MR,
which is defined as the ratio of the deviator stress divided
by the elastic strain. Resilient modulus is an elastic modulus
but it is under cyclic loading. Cyclic triaxial tests and field
tests [e.g., falling weight deflectometer (FWD), lightweight
FWD, dynamic cone pentrometer (DCP)] can be used to
determine or estimate the resilient modulus of each layer.
Correlations are also available to estimate its value.

Cyclic triaxial tests show that geosynthetic reinforcement
placed horizontally in the sample slightly increases the
resilient modulus of granular material but significantly
reduces its permanent deformation (Mengelt et al., 2000;
Moghaddas-Nejad and Small, 2003; Perkins, et al. 2004;
Nazzal, 2007; Wayne et al., 2011). This result has been
confirmed by Yang and Han (2013) based on their theoretical
solution.

The accumulated permanent strain can be estimated by the
formula developed by Tseng and Lytton (1989):

𝜀p

𝜀z
=

(
𝜀0

𝜀r

)
e−(𝜌∕Na)𝛽 (10.57)

where 𝜀p = accumulated permanent strain in a
layer

𝜀z = average vertical resilient strain in a
layer

(𝜀0∕𝜀r), 𝜌, 𝛽 =material constants obtained from
permanent deformation test

Na = number of cycles (axles)

This model is also often referred to as a damage model.
The average vertical resilient strain in each layer, 𝜀z, can be
calculated based on the layered elastic theory under a static
load as discussed earlier.

It should be pointed out that the layered elastic the-
ory and the accumulated permanent strain model were
based on the assumption that pavement layers are
isotropic. Due to the inclusion of geosynthetic reinforce-
ment, however, geosynthetic-reinforced layers are
anisotropic. These approaches may not be exactly valid for
geosynthetic-reinforced roads; therefore, further research is
needed to resolve this issue. As an approximation, equivalent
resilient modulus may be determined based on measured
distributed stresses and permanent deformations (Giroud
and Han, 2013).

Fatigue Failure Fatigue failure is considered when an as-
phalt surface exists in a paved road. Under a wheel load, a
tensile strain, 𝜀t, develops at the bottom of the pavement sur-
face. Similar to vertical compressive strains, the tensile strain
accumulates with the number of cycles and the pavement sur-
face has fatigue failure when the accumulated tensile strain
reaches the limit. The lateral restraint of geosynthetic rein-
forcement to base course can increase the modulus of the
base course and reduce the tensile strain in the pavement sur-
face. However, limited research has been done to quantify the
benefit of geosynthetic reinforcement in minimizing fatigue
failure. Therefore, the design for geosynthetic reinforcement
for this benefit will not be discussed.

Serviceability and Reliability Due to the variability of
pavement structures (subgrade, subbase, base, and surface
layers), traffic loading, and design methodologies, pave-
ments have been designed based on reliability as discussed
in the 1993 AASHTO Design Guide. Reliability is the prob-
ability for the actual road performance (or serviceability) to
exceed or equal the design road performance. As schemat-
ically shown in Figure 10.59, the dots represent the actual
individual performance with a statistical distribution, while
the performance curve represents the average performance
of the road. The road performance decreases from the initial
serviceability (p0) toward the terminal serviceability (pt),
at which point major rehabilitation or reconstruction is
required. If the design curve matches the average perfor-
mance curve, there is an equal chance of failure or success
in terms of design versus actual performance. A design with
a higher reliability (i.e., higher standard normal deviate,
ZR, at a certain overall standard deviation, s0) requires a
more expensive pavement structure (e.g., thicker and/or
using more geosynthetics), which has less chance of failure
in terms of design versus actual performance. AASHTO
(1993) suggested 50–80% reliability for local road design
and 80–99.9% for highway design. Unpaved roads are
mostly local roads, farm roads, or temporary haul roads;
therefore, it is reasonable for these roads to be designed at a
reliability of 50%.
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log Na

Figure 10.59 Schematic representation of design vs. performance
(modified from AASHTO, 1993).

Mechanistic-Empirical Pavement Design The 1993
AASHTO Pavement Design Guide (AASHTO, 1993) was
developed based on the AASHTO road test data using
statistical methods. The AASHTO Mechanistic-Empirical
Pavement Design Guide (MEPDG) (AASHTO, 2008)
is a newly introduced pavement design method. It has
comprehensive considerations of climate, traffic, materials,
structure, pavement response, damage accumulation, and
distress. Pavement response is based on the layered elastic
theory. Damage accumulation is based on empirical models
for different distresses. The linkage between the pavement
response and the distress is through the damage model.
The damage models in the AASHTO MEPDG software are
calibrated with national data. They need to be calibrated
with local data to improve the accuracy of these models.
The current MEPDG software does not consider any benefit
of geosynthetic reinforcement. In recent years, researchers
(e.g., Perkins et al., 2004; Kown et al., 2007; Yang et al.,
2013) have conducted studies to develop methods for quanti-
fying the benefits of geosynthetic reinforcement in unpaved
and paved roads in the framework of MEPDG. Details of
these developments can be found in these publications and
will not be presented herein.

10.7.3 Design Considerations for Unpaved Roads

Design of geosynthetic-reinforced unpaved roads has been
based on the concepts of bearing failure and an increase of
bearing capacity by the use of geosynthetics. A tensioned
membrane effect is sometimes considered in the design;
however, its effect is minimal unless an excessive rut depth
is allowed. Several design methods (Steward et al., 1977;
Giroud and Noiray, 1981; Tingle and Webster, 2003; Giroud
and Han, 2004a, 2004b), have been developed so far and have
been used for many projects. Most of these methods are em-
pirical or semiempirical.

The design method proposed by Giroud and Han (2004a,
2004b) is recent, generic, and comprehensive and can
be used for unreinforced and geotextile, geogrid, and

geocell-reinforced unpaved roads; therefore, it is introduced
in this section.

Quality of Base Course The Giroud and Han method as-
sumed a high-quality base course, which is sufficient to sup-
port traffic loading during the service life. Based on Hammitt
(1970), a base course with CBR of 10% should be able to
sustain a wheel load of 45 kN with a tire pressure of 550 kPa
for 1000 passes, while a base course with CBR of 15% should
be able to sustain a wheel load of 45 kN with a tire pressure
of 550 kPa for 10,000 passes. Therefore, a base course with
a CBR value of 15% or higher is often needed for unpaved
roads.

Stress Distribution In this method, a simplified stress dis-
tribution approach is used to estimate the additional vertical
stress at the interface between the base and the subgrade
based on Burmister’s two-layer elastic solution (Burmister,
1958) for a circular loading area as follows:

Δ𝜎zi =
r2p

(r + h tan 𝜃1)2
(10.58)

tan 𝜃1 = tan 𝜃0

[
1 + 0.204

(
Ebc

Esg
− 1

)]
(10.59)

where Δ𝜎zi = additional vertical stress at the interface
between base and subgrade

p= tire pressure
𝜃1 = stress distribution angle in the base course
𝜃0 = reference stress distribution angle for a

uniform medium defined by Ebc = Esg
Ebc =modulus of elasticity of base course
Esg =modulus of elasticity of subgrade

r= radius of the loading area
h= thickness of the base course

The preceding equation shows that an increase of the mod-
ulus ratio of the upper layer to the lower layer increases
the stress distribution angle, 𝜃1, so that the vertical stress at
the interface decreases. Using empirical correlations for base
course and subgrade in the 1993 AASHTO Pavement Design
Guide, the modulus ratio can be expressed in terms of their
CBR values. Based on the collected data for unreinforced
bases over weak subgrade, Giroud and Han (2004a) found
that the modulus ratio of base course to subgrade ranged from
1.0 to 5.0. Therefore, the following equation is obtained:

RE =
Ebc

Esg
=

3.48CBR0.3
bc

CBRsg
≤ 5.0 (10.60)

where RE =modulus ratio of base to subgrade
CBRbc = CBR of base course (%)
CBRsg = CBR of subgrade (%)
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Based on the laboratory test data obtained by Gabr (2001),
Giroud and Han (2004a) proposed the following formula to
account for the variation of the stress distribution angle with
the number of loading cycles:

1
tan 𝜃

=
1 + kar log Na

tan 𝜃1
= 1

tan 𝜃1
+ 𝜆ar log Na (10.61)

where 𝜃 = stress distribution angle at a specific number
of loading cycles

kar = constant related to distribution angle
reduction

𝜆ar = distribution angle reduction rate
Na = number of loading cycles

The decrease of the stress distribution angle can be ex-
plained as the deterioration of the base quality. The bearing
capacity failure (assuming a 75-mm rut depth) happens when
the stress distribution angle decreases to a certain value and
the stress at the interface exceeds the bearing capacity of the
subgrade. The inclusion of the geosynthetic reinforcement at
the interface can slow down the deterioration rate of the base
quality due to lateral restraint. The deterioration rate also de-
pends on the thickness of the base course. A thick base course
has a low deterioration rate because low stresses develop at
the bottom of the base. Giroud and Han (2004a) correlated
this deterioration rate to the aperture stability modulus for
two specific biaxial geogrid products for geogrid-reinforced
unpaved roads. Webster (1992) and Collin et al. (1996) found
that the aperture stability modulus of a geogrid was shown
to give good correlation with the measured performance of
paved roads. Measurement of the aperture stability modulus
is presented in a draft test method by Kinney (2000). The
aperture stability modulus is measured by applying a torque
on a central node of geogrid apertures rigidly fixed by a steel
frame and measuring the corresponding rotation angle. The
torque divided by the rotation angle is the aperture stability
modulus, which has a unit of m-N/∘.

Bearing Capacity Giroud and Noiray (1981) suggested that
the bearing capacity factors, Nc, for the failure of subgrade
in unreinforced and geotextile-reinforced roads be 3.14 and
5.14, respectively. Considering the rough interface between
the geogrid with stones and the subgrade, the bearing capac-
ity factor of 5.71 was suggested by Giroud and Han (2004a)
for a geogrid-reinforced road. The bearing capacities of the
subgrade are mobilized at a level of deformation that starts to
become unacceptable to project requirements. A 75-mm rut
is typically considered as the serviceability limit of failure
for an unpaved road. At a small deformation, the bearing
capacity is less mobilized. Giroud and Han (2004a) assumed
that the mobilization factor is proportional to the rut depth
until the serviceability limit, fsl (i.e., 75 mm), as shown in
Figure 10.60. In addition to the deformation, the mobiliza-
tion factor depends on the size of the loading area (i.e.,
the radius of the tire contact area) and the base thickness.

Figure 10.60 Bearing capacity mobilization factor.

Giroud and Han (2004a) proposed the following approxi-
mation for the bearing capacity mobilization factor, mbc:

mbc =
(

S
fsl

){
1 − 𝜉 exp

[
−𝜁

( r
h

)n]}
(10.62)

where S= rut depth of the unpaved road
fsl = serviceability limit (i.e., 75 mm)
r= radius of the tire contact area
h= base thickness

The constants, 𝜉, 𝜁 , and n are determined through the cal-
ibration process.

Applied Pressure versus Bearing Capacity Based on the
relationship between the applied pressure on the top of the
subgrade and the bearing capacity of the subgrade, the fol-
lowing equation can be obtained:

Δ𝜎zi =
P

𝜋(r + h tan 𝜃)2
= mbcNccu (10.63)

where P=wheel load (= 1/2 axle load)
Nc = bearing capacity factor of subgrade
cu = undrained shear strength of subgrade

Hence,

h = r
tan 𝜃

(√
P

𝜋r2mbcNccu
− 1

)
(10.64)

Combining Equations (10.61), (10.62), and (10.64) yields

h=
1 + kar log Na

tan 𝜃0[1 + 0.204(Ebc∕Esg − 1)]

(√
P

𝜋r2mbcNccu
− 1

)
r

(10.65)
The undrained shear strength of the subgrade, cu, can be

determined by unconfined compressive strength test, uncon-
solidated undrained triaxial test, or vane shear test. It can
also be estimated using the correlation with subgrade CBR
as follows:

cu = (2.90 to 4.34)CBRsg (10.66)
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where cu = undrained shear strength of subgrade
(kPa)

CBRsg =CBR of subgrade in percentage

The higher bound is used for a high-plasticity cohesive soil
while the lower bound is used for a low-plasticity cohesive
soil.

Calibration The distribution angle reduction rate, kar, in
Equation (10.61) should be calibrated according to a spe-
cific geosynthetic product and thickness of base course using
cyclic plate loading test data or field traifficking test data.
Based on laboratory cyclic plate loading test data and field
trafficking test data, Giroud and Han (2004a) obtained the
following relationship:

𝜂 = Field base course thickness

Laboratory base course thickness
= 0.689 (10.67)

When cyclic plate loading test data are used for calibra-
tion, the 𝜂 factor in Equation (10.67) should be used to
get the field performance. In addition to unreinforced
and geotextile-reinforced unpaved roads, Giroud and Han
(2004b) calibrated the above method for two punched-drawn
polypropylene biaxial geogrids as follows:

h =
0.868 + (0.661 − 1.006J2

a)(r∕h)1.5 log Na

1 + 0.204(Ebc∕Esg − 1)

×

(√
P

𝜋r2mbcNccu
− 1

)
(10.68)

where mbc = (S∕fsl){1 − 0.9 exp[−(r∕h)2]}

Ja = aperture stability modulus of geogrid
(m-N/degree)

For unreinforced unpaved roads, Ja = 0 and Nc = 3.14. For
geotextile-reinforced unpaved roads, Ja = 0 and Nc = 5.14.
For geogrid-reinforced unpaved roads, Ja > 0 and Nc =
5.71. The two punched-drawn biaxial geogrids, which were
used for calibration of the design method, have the Ja values
of 0.32 and 0.64 m-N/∘. The modulus ratio, Ebc/Esg, should
be limited to be less than 5.0. Since the above equation con-
tains h in the both sides of the equation, the required base
thickness, h, can be solved by iterations.

Han and Pokharel (2015) calibrated the method for
geocell-reinforced unpaved roads using cyclic plate loading
test data and accelerated moving wheel test data as follows:

h =
0.868 + 0.52(r∕h)1.5 log Na

1 + 0.204(Ebc∕Esg − 1)

(√
P

𝜋r2mbcNccu

− 1

)
(10.69)

Geocells used for the calibration were a novel polymeric al-
loy type. Due to geocell confinement, the modulus ratio for

geocell-reinforced granular fill over subgrade can be esti-
mated as follows:

RE = MIF
Ebc

Esg
= MIF

3.48CBR0.3
bc

CBRsg
≤ 7.6 (10.70)

where MIF = modulus improvement factor
Before the design of unpaved roads, it is necessary to

check whether subgrade is sufficient to support traffic
loading without a base course. The load capacity provided
by the subgrade is

Ph=0 =
(

S
fsl

)
𝜋r2Nccu (10.71)

If the applied load is less than Ph = 0, no base course
is necessary. However, typically a thin base course of
100–150 mm is placed to protect the subgrade. If the applied
load is higher than Ph=0, a base course is needed.

Proper Use Han and Giroud (2012) suggested the proper
use of the above method. Below are key points:

• This method is generic but was calibrated for specific
geosynthetic products.

• Large cyclic plate loading tests or field trafficking tests
are required to calibrate this method.

• This method assumes saturated and fine-grained
subgrade.

• Remolded strength should be used if subgrade is
sensitive.

• Base course should have sufficient strength and
stiffness.

• When geogrid is placed on soft subgrade, the base
course should meet the filtration requirements.

• This method has 50% reliability if average subgrade
strength is used.

• Base course thickness should be used to verify this
method against field data.

The equation of the Giroud and Han method for unre-
inforced unpaved roads was calibrated against the average
performance of unreinforced unpaved roads tested by Ham-
mitt (1970); therefore, the design reliability is 50%. A design
method with a higher reliability can be developed, but it will
result in a more expensive design.

10.7.4 Design Parameters and Procedure
for Unpaved Roads

Design Parameters The following design parameters are
needed for geosynthetic-reinforced unpaved roads:

• Subgrade strength (undrained shear strength or CBR)
• Base quality (modulus or CBR)
• Wheel load and tire pressure
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• Geosynthetic type and properties
• Allowable rut depth
• Number of passes

Design Procedure The following procedure can be fol-
lowed to design a geosynthetic-reinforced unpaved road:

1. Based on subgrade strength, wheel load, and tire pres-
sure, evaluate whether the subgrade is sufficient to
support traffic. If it is not sufficient, a base course
is needed.

2. Based on base course CBR, evaluate whether the base
course has sufficient capacity to support traffic. If it is
not sufficient, a better quality base course should be
selected or the base course should be stabilized by extra
layer of planar geosynthetic reinforcement or geocell,
or chemical agents (cement or asphalt).

3. Through iterations, determine the required base course
thickness based on the number of passes.

10.7.5 Design Considerations for Paved Roads

Design of geosynthetics for paved roads (commonly referred
as base reinforcement) has been conducted by modifying the
1993 AASHTO Pavement Design Guide including the bene-
fits of geosynthetics. Two common design parameters, traffic
benefit ratio (TBR) and layer coefficient ratio (LCR), have
been proposed to consider the benefits of geosynthetics. The
purposes of geosynthetics used as base reinforcement are to
reduce the required base thickness and prolong pavement
life. In the past few years, great efforts have been made to
develop a mechanistic-based design method for this applica-
tion. However, no such method has been adopted by govern-
ment agencies, or the geosynthetic industry; therefore, it will
not be further discussed.

Equivalent Traffic In the 1993 AASHTO Pavement Design
Guide, the number of 18-kip (80-kN) ESAL applications is
used to define the pavement life in terms of the number of
the equivalent traffics based on standard highway truck axle
loads and can be estimated by

log10(W18) = ZRs0 + 9.36log10(SN + 1) − 0.20

+
log10

[
ΔPSI

4.2−1.5

]
0.40 + 1094

(SN+1)5.19

+ 2.32log10

(
MR

0.0069

)
−8.07 (10.72)

where W18 = predicted number of 18-kip (80-kN)
ESALs

ZR = standard normal deviate (dimensionless)
s0 = combined standard error of the traffic

prediction and performance prediction
(dimensionless), 0.45 commonly used

ΔPSI= difference between the initial present
serviceability index, p0, and the design
terminal present serviceability index, pt
(dimensionless)

SN = structural number of pavement layer(s)
and MR = resilient modulus of roadbed (base,

subbase, or subgrade) (MPa)

This formula was originally developed based on English
units. The constant, 0.0069, is used in this equation to convert
MR a metric unit of MPa to an English unit of psi.

The suggested levels of reliability, RL, is provided in
Table 10.10.

The standard normal deviate can be calculated in terms of
the level of reliability as shown in Table 10.11.

Table 10.10 Suggested Level of Reliability, RL

Recommended Level of ReliabilityFunctional
Classification Urban Rural

Interstate and other
freeways

85–99.9 80–99.9

Principal arterials 80–99 75–95
Collectors 80–95 75–95
Local 50–80 50–80

Source: AASHTO (1993).

Table 10.11 Standard Normal Deviate

Reliability, RL (%) Standard Normal Deviate, ZR

50 0.000
60 −0.253
70 −0.524
75 −0.674
80 −0.841
85 −1.037
90 −1.282
92 −1.405
94 −1.555
96 −1.751
98 −2.054
99 −2.327
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The serviceability index loss, ΔPSI, is defined as the dif-
ference between the initial present serviceability index and
the terminal present serviceability index, that is,

ΔPSI = p0 − pt (10.73)

where p0 is the initial present serviceability index (use 4.2
for flexible pavements based on the AASHTO road test);
and pt is the terminal present serviceability index (use 2.5
or higher for major highways, 2.0 for highways with lesser
traffic volume, and less than 2.0 for minor highways).

Resilient Modulus Based on Equation (10.72), the num-
ber of ESALs also depends on the resilient moduli of pave-
ment structural layers (surface, base, subbase, and subgrade),
which define the elastic response of each layer under re-
peated loading. The resilient modulus can be measured using
a dynamic triaxial test apparatus. The resilient modulus of
a fine-grained subgrade with a soaked CBR of 10% or less
can be estimated using the following correlation (AASHTO,
1993):

MR(MPa) = 10.35CBRsg (10.74a)

NCHRP (2004) suggested the following formula for the
resilient modulus of the subgrade:

MR(MPa) = 17.6CBR0.64
sg (10.74b)

The moduli of granular base and subbase can be estimated
based on the correlations discussed in the next section.

Structural Number A structural number is defined in the
1993 AASHTO Pavement Design Guide to represent the ca-
pacity of the pavement structure in addition to the subgrade,
which is expressed as

SN = 0.04(a1h1 + a2h2m2 + a3h3m3) (10.75)

where a1, a2, a3 = layer coefficients representative of
surface, base, and subbase courses,
respectively, which can be found in
the 1993 AASHTO Guide

h1, h2, h3 = actual thicknesses (mm) of surface,
base, and subbase layers, respectively

m2, m3 = drainage coefficients for base and
subbase layers, respectively

The constant, 0.394, was used to convert pavement layer
thickness from a metric unit of mm to an English unit of inch

The layer coefficient of dense-graded asphalt concrete can
be estimated based on the data provided in a table in the 1993
AASHTO Pavement Design Guide as follows:

a1 = 0.398 log10Eac − 0.953 (10.76)

Typical elastic modulus of asphalt concrete, Eac, at 20∘C
ranges from 2100 to 3100 MPa.

The modulus and layer coefficient of granular base can be
estimated by the following equations:

Ebc(MPa) = 29.4CBR0.4358
bc (10.77)

a2 = 0.249log10

(
Ebc

0.0069

)
− 0.977 (10.78)

where CBRbc = the CBR value of the base course (in per-
cent).

The modulus and layer coefficient of granular subbase can
be estimated by the following equations:

Esb(MPa) = 36.0CBR0.30
sb (10.79)

where CBRsb = the CBR value of the subbase course (in
percent).

a3 = 0.207log10

(
Esb

0.0069

)
− 0.754 (10.80)

The drainage coefficient recommended by AASHTO
(1993) is provided in Table 10.12.

Table 10.12 Recommended Drainage Coefficient

% Time Pavement Exposed to Moisture
Levels Approaching SaturationQuality of

Drainage
Time for Water
Removed within <1% 1–5% 5–25% >25%

Excellent 2 h 1.40–1.35 1.35–1.30 1.30–1.20 1.20
Good 1 day 1.35–1.25 1.25–1.15 1.15–1.00 1.00
Fair 1 week 1.25–1.15 1.15–1.05 1.00–0.80 0.80
Poor 1 month 1.15–1.05 1.05–0.80 0.80–0.60 0.60
Very poor Water will not drain 1.05–0.95 0.95–0.75 0.75–0.40 0.40

Source: AASHTO (1993).
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Table 10.13 Minimum Thickness of Asphalt Concrete
and Granular Basea

Traffic
(ESALs)

Asphalt
Concrete (mm)

Granular
Base (mm)

≤50,000 25 100
(or surface treatment)

50,001–150,000 50 100
150,001–500,000 63 100
500,001–2,000,000 75 150
2,000,001–7,000,000 87 150
>7,000,000 100 150
aIndividual design agencies may modify the above information
thickness for their own use.
Source: AASHTO (1993).

For practical and economic considerations, the 1993
AASHTO Pavement Design Guide recommended the
minimum thickness requirements for the asphalt concrete
and the aggregate base based on the level of traffic, as shown
in Table 10.13.

Benefit of Geosynthetic Reinforcement Two empirical
methods are available to consider the effects of the geosyn-
thetic reinforcement for paved roads: (1) the traffic benefit
ratio (TBR) method and (2) the layer coefficient ratio (LCR)
method. Both methods modify the 1993 AASHTO Pavement
Design Guide.

TBR is defined as the ratio of the number of cycles neces-
sary to reach a given rut depth for a test section containing
reinforcement divided by the number of cycles necessary to
reach this same rut depth for an unreinforced section with the
same section thickness and subgrade properties. Laboratory
and field test results show that the TBR values for geotextiles,
geogrids, and geocells range from 1.5 to 10, 1.5 to 70, and
10 to 12.5, respectively (Berg et al., 2000; Han et al., 2011b,
2012b). Typically, a TBR value of 2–6 has been used in the
design. The TBR value can be used to calculate the extended
pavement life as follows:

W18r = TBR ⋅ W18 (10.81)

where W18r = extended pavement life in ESALs with
the use of geosynthetic reinforcement

W18 = pavement life in ESALs without the use
of geosynthetic reinforcement, which
can be determined from
Equation (10.72)

Instead of prolonging the pavement life, the geosynthetic
can also be used to reduce the required thickness of the base

course. The following procedure was proposed by Holtz et al.
(2008) using TBR to estimate the required base thickness:

• Based on the predicted ESALs (i.e., W18), determine
the required structural number SNu for an unreinforced
paved road using Equation (10.72).

• Considering the benefit of the geosynthetic, the same
pavement section is expected to have an extended pave-
ment life (i.e., TBR ⋅ W18). The expected pavement life
has an equivalent structural number SNr, which can be
determined using Equation (10.72).

• The benefit of geosynthetic reinforcement can be con-
sidered as an increase of the structural number, that is
ΔSN = SNr − SNu.

The required thickness of the reinforced base can be calcu-
lated as

h2r =
(SNu − ΔSN) − 0.04a1h1

0.04a2m2
(10.82)

This approach assumes that the benefit of geosynthetic
reinforcement in the increase of the structural number at the
base thicknesses of h2 and h2r is the same.

Alternatively, the reduced thickness of the base course in
the geosynthetic-reinforced section can be determined based
on the following formula:

h2r =
SNu − 0.04a1h1

LCR ⋅ (0.04a2m2)
(10.83)

The LCR value can be determined based on box tests
(Montanelli et al., 1997). Alternatively, this LCR value can
be estimated based on MIF (Giroud and Han, 2013) as
follows:

LCR =
0.249log10(MIF ⋅ Ebc∕0.0069) − 0.977

0.249log10(Ebc∕0.0069) − 0.977
(10.84)

The MIF value for geosynthetic reinforcement of granular
base typically ranges from 1.0 to 2.0.

10.7.6 Design Parameters and Procedure
for Paved Roads

Design Parameters The following design parameters are
needed for geosynthetic-reinforced paved roads:

• Pavement structure, including type and thickness of
asphalt surface, base course, subbase course, and
subgrade

• Modulus or CBR values of pavement layers
• Drainage properties of pavement layers except asphalt

surface
• Design traffic in terms of ESALs
• Level of reliability and standard deviation
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• Initial and terminal present serviceability indices
• Benefit of geosynthetic reinforcement (MIF, LCR, or

TBR)

Design Procedure The following procedure can be fol-
lowed to design a geosynthetic-reinforced paved road:

1. Based on properties of pavement layers (modulus or
CBR values), determine layer coefficients for all pave-
ment layers.

2. Based on drainage properties of pavement layers, select
drainage coefficients.

3. Based on design traffic, level of reliability, initial
and terminal present serviceability indices, layer
coefficients, and drainage coefficients, determine the
structural number and required thickness for each
pavement layer without geosynthetic reinforcement.
Compare the calculated layer thickness against the
minimum layer thickness requirement and make
adjustments if necessary.

4. Based on the available benefit parameter of geosyn-
thetic reinforcement (MIF, LCR, or TBR), calculate the
extended pavement life if the base thickness is kept
the same or determine the reduced base thickness if the
pavement life is kept the same.

10.7.7 Design Examples

Example 10.6 Design of Unpaved Roads

An unpaved haul road needs to be designed for 1000 passes of trucks with single axles (the front axle is ignored due to
light load). The axle load of the trucks used on this site is 72 kN and the tire pressure is 552 kPa. The clayey subgrade
CBR is 1.5% and the base CBR is 20%. The allowable rut depth is 75 mm. Design this unpaved road section without
geosynthetic, with a geotextile, and punch-drawn polypropylene geogrid (Ja = 0.32 m-N∕∘) using the Giroud and Han
method.

Solution

Use the following relationship to estimate the undrained shear strength of subgrade:

cu = 30 CBRsg = 30 × 1.5 = 45 kPa

Since the axle load is 72 kN, the wheel load is P = 71∕2 = 36 kN.
The radius of the equivalent tire contact area is

r =
√

P
𝜋p

=
√

36
3.14 × 552

= 0.144 m

Check the need for base course. The load capacity provided by the subgrade is

Ph=0 =
(

S
fsl

)
𝜋r2Nccu

Input data: S = 75 mm, fsl = 75 mm, r = 0.144 m, Nc = 3.14, and cu = 45 kPa:

Ph=0 =
(

S
fsl

)
𝜋r2Nccu =

(75
75

)
× 3.14 × 0.1442 × 3.14 × 45 = 9.2 kN < 36 kN

Therefore, a base course is needed.
Check the quality of base course. Since the base course has CBR = 20%, it is sufficient to sustain the traffic of the

36-kN wheel load and 552-kPa tire pressure.
The modulus ratio of base course to subgrade is

RE = min

(
3.48CBR0.3

bc

CBRsg
, 5.0

)
= min

(
3.48 × 200.3

1.5
, 5.0

)
= 5.0

The modulus ratio factor is
fE = 1 + 0.204(RE − 1) = 1 + 0.204 × (5 − 1) = 1.816
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(a) For the unreinforced case, assume h = 0.33 m. The bearing capacity mobilization factor, m, can be calculated as

mbc =
(

S
fsl

){
1 − 0.9 exp

[
−
( r
h

)2
]}

=
(75

75

){
1 − 0.9 exp

[
−
(0.144

0.330

)2
]}

= 0.250

The base thickness can be calculated as follows:

h =
0.868 + (0.661 − 1.006J2

a)(r∕h)1.5 log Na

fE

⎡⎢⎢⎣
√

P∕
(
𝜋r2

)
mbcNccu

− 1
⎤⎥⎥⎦ r

=
0.868 + (0.661 − 1.006 × 0)(0.144∕0.330)1.5 log 1000

1.816

⎡⎢⎢⎣
√

36∕
(
3.14 × 0.1442)

0.250 × 3.14 × 45
− 1

⎤⎥⎥⎦ × 0.144

= 0.33 m

Therefore, the required base thickness for the unreinforced case is 0.33 m.
(b) For the reinforced case (geotextile), assume h = 0.21 m. The bearing capacity mobilization factor, m, can be calculated

as

mbc =
(

S
fsl

){
1 − 0.9 exp

[
−
( r
h

)2
]}

=
(75

75

){
1 − 0.9 exp

[
−1 ×

(0.144
0.21

)2
]}

= 0.427

The base thickness can be calculated as follows:

h =
0.868 + (0.661 − 1.006J2

a)
(

r
h

)1.5
log Na

fE

⎡⎢⎢⎣
√

P∕
(
𝜋r2

)
mbcNccu

− 1
⎤⎥⎥⎦ r

=
0.868 + (0.661 − 1.006 × 02)

(
0.144
0.21

)1.5
log 1000

1.816

⎡⎢⎢⎣
√

36∕
(
3.14 × 0.1442)

0.427 × 5.14 × 45
− 1

⎤⎥⎥⎦ × 0.144

= 0.21 m

Therefore, the required base thickness for the geotextile-reinforced case is 0.21 m.
(c) For the reinforced case (geogrid), assume h = 0.18 m. The bearing capacity mobilization factor, mbc, can be calculated

as

mbc =
(

S
fsl

){
1 − 0.9 exp

[
−
( r
h

)2
]}

=
(75

75

){
1 − 0.9 exp

[
−1 ×

(0.144
0.18

)2
]}

= 0.513

The base thickness can be calculated as follows:

h =
0.868 + (0.661 − 1.006J2

a)
(

r
h

)1.5
log Na

fE

⎡⎢⎢⎣
√

P∕
(
𝜋r2

)
mbcNccu

− 1
⎤⎥⎥⎦ r

=
0.868+(0.661−1.006×0.322)

(
0.144
0.18

)1.5
log 1000

1.816

⎡⎢⎢⎣
√

36∕
(
3.14 × 0.1442)

0.513 × 5.71 × 45
− 1

⎤⎥⎥⎦ × 0.144

= 0.17 m

Try h = 0.17 m:

mbc =
(

S
fsl

){
1 − 0.9 exp

[
−
( r
h

)2
]}

=
(75

75

){
1 − 0.9 exp

[
−
(0.144

0.17

)2
]}

= 0.548
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h =
0.868 + (0.661 − 1.006J2

a)
(

r
h

)1.5
log Na

fE

⎡⎢⎢⎣
√

P∕
(
𝜋r2

)
mbcNccu

− 1
⎤⎥⎥⎦ r

=
0.868 + (0.661 − 1.006 × 0.322)

(
0.144
0.17

)1.5
log 1000

1.816

⎡⎢⎢⎣
√

36∕
(
3.14 × 0.1442)

0.548 × 5.71 × 45
− 1

⎤⎥⎥⎦ × 0.144

= 0.17 m

Therefore, the required base thickness for the geogrid-reinforced case is 0.17 m.

Example 10.7 Design of Paved Roads

A pavement for a rural highway (two lanes each direc-
tion) needs to be designed for a 20-year life. Assume
there is no subbase layer. The average subgrade CBR
is 3%. Expected traffic at the end of the design life is
500000 ESALs. The design terminal present service-
ability index is 2.5. The reliability level is 95% and
standard deviation is 0.45. The elastic modulus of the
asphalt concrete at 20∘C is 3100 MPa. The granular
base course CBR is 50%. Assume the drainage con-
dition of this pavement is “Good” and the pavement is
exposed to saturation moisture more than 25% of the
time. Geogrid is used to reinforce the base course and
the MIF is 1.5. Design this pavement section without
and with geogrid.

Solution

Since the elastic modulus of the asphalt concrete at
20∘C is 3100 MPa, the layer coefficient is

a1 = 0.398log10Eac − 0.953

= 0.398log103100 − 0.953 = 0.44

The granular base course CBR of 50% corresponds
to the elastic modulus and the layer coefficient as
follows:

Ebc(MPa) = 29.4CBR0.4358
bc = 29.4(50)0.4358 = 162 MPa

a2 = 0.249log10

(
Ebc

0.0069

)
− 0.977

= 0.249log10

( 162
0.0069

)
− 0.977

= 0.11

Since the drainage condition of this pavement is
“Good” and the pavement is exposed to saturation
moisture more than 25% of the time, the drainage fac-
tor is m2 = 1.0.

Based on the 1993 AASHTO Design Guide, the
structural number can be calculated as follows:

log10(W18) = ZRs0 + 9.36log10(SN + 1) − 0.20

+
log10

[
ΔPSI

4.2−1.5

]
0.40+ 1094

(SN+1)5.19

+ 2.32log10

(
MR

0.0069

)
− 8.07

For SN1, 95% reliability (i.e., ZR = − 1.645), s
0
=

0.45, ΔPSI = 4.2 – 2.5 = 1.7, MR = Ebc = 162 MPa,
W18 = ESALs = 500, 000. From the above equation,
SN1 = 2.10.

The required thickness of the asphalt layer is

h1 =
SN1

0.04a1
= 2.1

0.04 × 0.44
= 120 mm

Select h∗1 = 125 mm and SN∗
1 = 0.04 × 0.44 × 125 =

2.20. This thickness is also greater than the minimum
thickness of 63 mm required by the 1993 AASHTO de-
sign guide based on the condition (2,000,001 < ESALs
< 7,000,000).

For SN2, 95% reliability (i.e., ZR = − 1.645), s0 =
0.45, ΔPSI = 4.2 – 2.5 = 1.7, MR = 10.35 CBR =
10.35 × 3 = 31.05 MPa, W18 = ESALs = 500, 000.
From the same equation, SN2 = 4.00. The required
unreinforced base course thickness is

h2 =
SN2 − SN∗

1

0.04a2m2
= 4.00 − 2.20

0.04 × 0.11 × 1.0
= 409 mm

Select h∗2 = 420 mm. This thickness is also greater
than the minimum base thickness of 150 mm required
by the 1993 AASHTO design guide based on the con-
dition (2, 000, 001 < ESALs < 7, 000, 000).
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Therefore, the design pavement section without
geosynthetics is as follows: 125-mm-thick asphalt
layer and 420-mm base course.

Assume the same asphalt thickness for the reinforced
section (i.e., h∗1 = 125 mm). Considering MIF = 1.5,
the LCR can be calculated as follows:

LCR =
0.249log10(MIF ⋅ Ebc∕0.0069) − 0.977

0.249log10(Ebc∕0.0069) − 0.977

=
0.249 × log10(1.5 × 162∕0.0069) − 0.977

0.249log10(162∕0.0069) − 0.977
= 1.4

Therefore, the required thickness of the base course is

h2r =
SN − 0.04a1h

∗
1

LCR(0.04a2m2)

= 4.00 − 0.04 × 0.44 × 125
1.5 × (0.04 × 0.11 × 1.0)

= 273 mm

Select h
2r = 280 mm. Therefore, the design pavement

section with geogrid is as follows: 125-mm-thick as-
phalt layer and 280-mm-thick base course. The use
of geogrid results in a base thickness reduction of
140 mm.

10.7.8 Construction

Construction of geosynthetic-reinforced unpaved and paved
roads consists of site preparation, geosynthetic installation,
and fill placement and compaction. Below is the typical
procedure:

• Remove large and sharp objects (e.g., trees) and unsuit-
able materials (such as organic matters, vegetation, etc.)
and level the ground to a desired elevation.

• Anchor the geosynthetic at the center and corners before
unrolling it. Anchoring can be achieved by small piles
of fill, pins, and stapes into the underlying soil.

• Unroll the geosynthetic and manually apply tension to
the geosynthetic to minimize wrinkles.

• Geosynthetic can be overlapped or sewn together side
by side or end to end. The overlap of geosynthet-
ics depends on underlying soil strength as shown in
Table 10.14. The adjacent geosynthetic to be overlapped
will be placed underneath the current geosynthetic sheet
in the direction of anticipated fill spreading to avoid sep-
aration of geosynthetics at overlaps. A minimum over-
lap of 0.3 m is required even if geotextiles are sewn.

• On firm subgrade (CBR > 3%), most standard road
construction procedures can be applied. However,
no tracked vehicle is allowed to directly drive on
the geosynthetic unless at least 100-mm-thick fill is

Table 10.14 Recommended Geogrid Overlap

Subgrade CBR (%) Overlap (m)

>3 0.3
1 − 3 0.6
<1 0.9

placed above the geosynthetic for protection. On weak
subgrade (CBR < 3%), low ground pressure equipment
is recommended to spread fill over weak subgrade. No
turns and sudden stops of vehicles are allowed during
fill spreading.

• Fill material should be placed in lift thickness and com-
pacted according to design requirements. Any rutting
developed during spreading and compaction should be
filled with additional fill material. Do not grade out ruts.

10.7.9 Quality Control and Assurance

The quality control and assurance include the following
items:

• Verify the quality and gradation of the base material and
the grade and properties of geosynthetic reinforcement.

• Inspect subgrade strength or modulus by vane shear
tests, dynamic cone penetrometer tests or lightweight
deflectomter tests.

• Verify the dry density of the base course and its corre-
sponding moisture content.

• Evaluate the modulus of the base course by dynamic
cone penetrometer tests or lightweight deflectomter
tests.

• Inspect geosynthetic overlap or seam.
• After the completion of road construction, plate load

tests or trafficking tests may be conducted to evaluate
the performance of the constructed road section.

PROBLEMS

10.1. What are the mechanisms of fill reinforcement?
10.2. In terms of the lateral restraint function, what can

geocell reinforcement do differently as compared
with geogrid and woven geotextile?

10.3. Can nonwoven geotextile function as geosynthetic
reinforcement?

10.4. When a slope angle is 65∘, what kind of facing should
be considered for design?

10.5. In the current design practice, what theories are used
for geosynthetic-reinforced slopes and walls? Are
they different?
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10.6. Why can geosynthetic reinforcement at the base of an
embankment increase the ultimate bearing capacity
of a soft foundation?

10.7. What is percent coverage of geosynthetic
reinforcement?

10.8. When can the front pullout of geosynthetic reinforce-
ment become a controlling factor in the analysis of
geosynthetic-reinforced slopes?

10.9. What is the effective way to increase the factor
of safety against global failure in geosynthetic-
reinforced slopes?

10.10. When can the geosynthetic-reinforced column-
supported embankment become an attractive
solution?

10.11. What are the basic assumptions for soil arching the-
ories above columns?

10.12. Explain why it is important to control the critical
height above columns.

10.13. Explain why metallic-reinforced earth walls
have different internal slip surfaces from
geosynthetic-reinforced earth walls.

10.14. Explain why the drainage layer behind the wall facing
is important for the stability of MSE walls.

10.15. If the punching of a footing through a
geosynthetic-reinforced foundation is the most
critical failure mode, what options can be taken to
prevent this failure mode?

10.16. Explain why geogrid-reinforced unpaved roads
have higher subgrade bearing capacity than
geotextile-reinforced unpaved roads.

10.17. What is TBR? How can it be determined?
10.18. When 1.5-m-wide geosynthetic sheets are placed par-

allel to each other at 1.0 m apart, what is the percent
coverage of the geosynthetics?

10.19. A 3-m-long geosynthetic reinforcement is located at
a depth of 2 m from the flat top of the slope. The
slope is 5 m high and has a slope angle of 26.7∘.
The unit weight of the slope fill is 19 kN∕m3. The
interaction coefficient between the reinforcement and
the fill is 0.8. The critical slip surface intersects with
the reinforcement at a distance of 1.4 m from the
slope facing. Calculate the pullout capacities of the
reinforcement from the front and the rear.

10.20. A 5-m-high steep slope with a slope angle of 60∘
is to be built on a firm foundation. The fill has
a unit weight of 19.5 kN∕m3, effective cohesion
of 0 kPa, and effective friction angle of 34∘. The
surcharge on top of the slope is 12 kPa. Ten layers of
geosynthetic reinforcement are uniformly distributed
with the slope height. The required factor of safety

is 1.5. Use the design charts by Schmertmann
et al. (1987) to develop the cross section of the
geosynthetic-reinforced slope.

10.21. A geosynthetic-reinforced slope is shown below.
Seven geosynthetic layers are spaced equally. The
center of failure circle is 5 m directly above the toe
of the slope. Calculate the factors of safety along
this slip surface without and with geosynthetic
reinforcements using the ordinary method.

10.22. In Problem 10.21, if the horizontal seismic coeffi-
cient, khs = 0.15, what are the factors of safety along
the same slip surface without and with geosynthetic
reinforcements?

10.23. In Problem 10.21, if the face of the slope within a
depth of 1 m is saturated (assume the saturated soil
unit weight is 20 kN∕m3), what are the factors of
safety against the surficial failure without and with
geosynthetic reinforcements?

10.24. A 2-m-high embankment is to be constructed on
a 2-m-thick uniform saturated soft clay underlain
by a firm medium as shown below. A high-strength
woven geotextile is placed at the base of the em-
bankment as a basal reinforcement. The required
factor of safety against all modes of failure is 1.5.
(1) Calculate the factors of safety against local
failure without and with geotextile, (2) calculate
the factors of safety against general bearing fail-
ure without and with geotextile, (3) calculate the
factor of safety against lateral sliding on or below
the geotextile, and (4) use the simplified method
(Milligan and Busbridge, 1983) to calculate the
required tensile strength of geosynthetic reinforce-
ment and then compare it with the available tensile
strength.
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10.25. A 2-m-high embankment with a cohesionless fill is
to be constructed on a 5-m-thick uniform saturated
soft clay underlain by a firm medium as shown be-
low. Concrete columns of 0.6 m in diameter, seated
on the firm medium, are used to support the embank-
ment. The columns are arranged in a square pattern.
One layer high-strength geosynthetic is used above
the columns. Use the Hewlett and Randolph method
to calculate the required tensile strength of the rein-
forcement and then compare it against the available
tensile strength.

10.26. A vertical geosynthetic-reinforced earth wall is
shown below. Geosynthetic reinforcement are

equally spaced. The foundation soil, reinforced fill,
and retained fill have the same properties. Determine
the factors of safety against internal and external
failures.

10.27. A 1-m concrete continuous footing is designed to
support a vertical wall load of 100 kN/m and embed-
ded at a depth of 1 m below the ground surface. The
in situ soil consists of a thick deposit of soft clay with
the properties of cu = 20 kPa and γ = 17kN∕m3. The
groundwater is at the base of the footing. Overex-
cavation/replacement with two biaxial geogrids is

proposed to improve the soil. Medium sand is used
as the backfill material for the replaced zone with the
properties: c′ = 0, 𝜙

′ = 35∘, and 𝛾 = 18.5 kN∕m3

(above groundwater table) and 20 kN∕m3 (below
groundwater table). The replaced zone is 2.5 m wide
and 0.6 m thick. One geogrid is placed at the base of
the reinforced zone while another geogrid is placed
in the middle of the reinforced zone. The tensile
strength of the geogrids at 3% is 12 kN/m and the
interaction coefficient is 1.0. Calculate the factors
of safety against shallow bearing failure, general
bearing failure in the reinforced zone, and punching
failure through the reinforced zone.

10.28. An unpaved haul road needs to be designed for 2000
passes of trucks with an axle load of 80 kN and tire
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pressure of 550 kPa. The subgrade CBR is 2% and the
base CBR is 30%. The allowable rut depth is 70 mm.
Design this unpaved road section without geosyn-
thetic, with geotextile, and with geogrid using the
Giroud and Han method (assume Ja = 0.32 m-N/deg).

10.29. The design ESALs of a highway pavement is 0.8 mil-
lion. Assume there is no subbase layer. The average
subgrade CBR is 5%. The design terminal present
serviceability index is 3.0. The reliability level is 96%
and standard deviation is 0.35. The elastic modulus of
the asphalt concrete at 20∘C is 3500 MPa. The gran-
ular base course CBR is 80%. Assume the drainage
condition of this pavement is “Good” and the pave-
ment is exposed to saturation moisture more than
25% of the time. The thickness of the asphalt layer is
determined to be 125 mm. Determine the base course
thickness for the road section without and with one
layer of geogrid (assume LCR = 1.5).
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A
Active earth pressures, 61–63, 62, 366
Active earth pressure theory, 365–367, 365–367
Adapted Terzaghi method (geosynthetic-reinforced column-supported

embankments), 359–360, 360
Advantages/limitations of methods, 6–10
conventional compaction, 74
deep dynamic compaction, 89, 90
deep mixing, 248
deep replacement, 135–136
dewatering, 198–199
drainage, 186, 187
filtration, 178
geosynthetic-reinforced column-supported embankments, 354
geosynthetic-reinforced embankments, 345
geosynthetic-reinforced foundations, 375
geosynthetic-reinforced roads, 383
geosynthetic-reinforced slopes, 334
ground anchors, 300
grouting, 274, 275
intelligent compaction, 83
mechanically stabilized earth walls, 364, 364
overexcavation and replacement, 117–118
preloading, 212
rapid impact compaction, 100
vibro-compaction, 106

Allowable load (preloading), 220
Allowable long-term flow rate (filtration), 184
Anchor bonded capacity, 307, 308
Anchored walls, see Ground anchors
Anchor load, 305, 306
AOS (apparent opening size; geotextiles), 33
Apparent earth pressure diagrams, 304, 304–305, 305
Apparent opening size (AOS; geotextiles), 32, 33
Applications of methods, 6–10. See also Suitability of methods
conventional compaction, 74
deep dynamic compaction, 89
deep mixing, 247–248
deep replacement, 135

dewatering, 198
drainage, 186, 187
filtration, 178
geosynthetic-reinforced column-supported embankments, 247, 354
geosynthetic-reinforced embankments, 345
geosynthetic-reinforced foundations, 375
geosynthetic-reinforced roads, 383
geosynthetic-reinforced slopes, 334
ground anchors, 299, 300
intelligent compaction, 83
mechanically stabilized earth walls, 364
overexcavation and replacement, 117
preloading, 212
rapid impact compaction, 100
vibro-compaction, 106

Area of improvement:
deep replacement, 142
dynamic compaction, 92
vibro-compaction, 109

Area replacement ratio (deep replacement), 141, 142
Atterberg limits, 17, 18, 19

B
Backfill:
deep replacement, 141, 142
pH limit of, with geosynthetic reinforcement, 371
vibro-compaction volume:

change with backfill, 108, 108–109
change without backfill, 108, 108

Barriers (groundwater control), 173
Basal reinforcement, see Geosynthetic reinforcement
Base course:
chemical stabilization of, 8
roadway construction, 10
unpaved geosynthetic-reinforced roads, 387
and water flow, 178, 179

Base heave (deep mixing), 266,
266–267
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Base sliding:
deep mixing, 266, 266
mechanically stabilized earth walls, 367

Base stability:
ground anchors, 310
soil nailing, 325

Bearing capacity:
deep mixing, 260–261
deep replacement:

concrete columns, 144, 145, 145
geosynthetic-encased granular columns, 153
granular columns, 143, 143–144

geosynthetic-reinforced foundations:
against distributed foundation failure, 379
against general failure within reinforced zone, 379
against interlayer failure, 377–379, 378
against punching failure of reinforced zone, 380
against shallow failure, 377, 377

geosynthetic-reinforced roads, 385, 385, 388, 388, 389
with geosynthetic reinforcement, 376
overexcavation and replacement:

distributed foundation, 121
footings on replaced zones, 119
minimum, 122

shallow foundations, 48–50, 49, 50, 52
Bearing failure:
geosynthetic-reinforced embankments:

general, 347–348, 349
local, 346, 347, 348

geosynthetic-reinforced roads, 385
mechanically stabilized earth walls, 367–368
possible causes of, 3

Bernoulli’s equation, 174–175
Binders, chemical, 245, 250–252, 251, 252. See also Deep mixing (DM);

Grouting
Biological clogging (filters), 180
Biological treatments, 10
Borrow volume (compaction), 79–80

C
Calibration (geosynthetic-reinforced roads), 389
Catenary method (tensile strain in reinforcement), 361
CCV (compaction control value), 85, 85
Cement stabilization, 17, 245, 248, 248–255, 251–255, 259, 277. See also

Deep mixing (DM); Grouting
Chemical clogging (filters), 180
Chemical solutions, 245
Chemical stabilization methods, 8, 245. See also Deep mixing (DM);

Grouting
Chimney drains, 186, 187
Circular slip failure (geosynthetic-reinforced embankments), 349, 349
CMV (compaction meter value), 84, 85, 85
Cohesionless geomaterials, 17, 21, 26, 50
Cohesionless intermediate geomaterials, 1
Cohesive geomaterials, 17, 23, 26, 50
Cohesive intermediate geomaterial, 1
Columns. See also specific types of columns
deep mixing, 246, 246–248, 247, 257–260, 258, 260

column penetration method, 262, 262–263
column-reinforced foundations, 263, 263–264, 264
column shapes and dimensions, 250, 260

column-supported embankments, 247, 248, 248, 257–259, 258, 264,
264–265, 265

deep replacement:
concrete columns, 134, 136, 142, 144, 145, 145, 151, 156–157
geosynthetic-encased granular columns, 136, 139, 152–155, 153, 155,

157, 164, 167
granular columns, 134–136, 139–141, 143, 143–151, 146–151,

155–156
jet-grouted, 282–283, 283

Column penetration method (deep mixing), 262, 262–263
Column-reinforced foundations:

composite, 136, 139
deep mixing, 263, 263–264, 264

Column-supported embankments:
conventional, 353, 354, 358–359
deep mixing, 247, 248, 248, 257–259, 258, 264, 264–265, 265
geosynthetic-reinforced, see Geosynthetic-reinforced column-supported

embankments
stability of, 264, 264–265, 265

Combined drains, 186, 186
Compacted fill, 131
Compaction, 73–113. See also specific types of compaction

conventional, 73–82
deep, 6, 73
deep dynamic, 89–100
densification principles, 73
of geomaterials, 25–28, 26–28
intelligent, 82–89
intermediate, 73
overexcavation and replacement, 130–131
rapid impact, 100–104
shallow, 6, 73
vibro-, 104–113

Compaction control value (CCV), 85, 85
Compaction curve, 74, 74
Compaction grouting, 245, 273, 274, 275, 279, 280, 286–287, 289, 290
Compaction meter value (CMV), 84, 85, 85
Compaction tests, 26–27, 28
Compensation grouting, 245, 273, 274, 275, 288, 290
Composite foundations, column-reinforced, 136, 138–140
Compound failure (geosynthetic-reinforced slopes), 336, 336
Compound stability analysis:

geosynthetic-reinforced slopes, 340
ground anchors, 309, 309–310
mechanically stabilized earth walls, 370

Computer-assisted design:
geosynthetic-reinforced embankments, 351
geosynthetic-reinforced slopes, 341

Concrete, 17
Concrete columns (deep replacement), 134, 136, 142

bearing capacity, 144, 145, 145
consolidation, 151
design parameters and procedure, 156–158
stability, 151

Conditions, problematic, 1, 2
Cone penetration test (CPT), 42–44, 43

deep replacement, 166
modified, with deep mixing, 273

Consolidation, 20
deep mixing, 263, 263–264, 264
deep replacement:

concrete columns, 151
granular columns, 148–150, 148–151
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dynamic, 90–91
fill preloading, 8
methods for, 8
and preloading:

accumulated degree of consolidation, 221–222, 222
time for consolidation, 221

shallow foundations, 52, 52–54
vacuum preloading, 8

Consolidation tests, 20, 20–21
Consolidation test-based method (settlement), 51–52, 51
Consolidation theory, 214–217, 215–217
Construction, 13
conventional compaction, 81–82
deep dynamic compaction, 99, 100
deep mixing, 270–272
deep replacement, 163–165
dewatering, 205–206
drainage, 195
filtration, 185
geosynthetic-reinforced column-supported embankments, 363
geosynthetic-reinforced embankments, 352–353, 353
geosynthetic-reinforced foundations, 382
geosynthetic-reinforced roads, 396
geosynthetic-reinforced slopes, 344–345
ground anchors, 313
grouting, 290, 291
intelligent compaction, 88
mechanically stabilized earth walls, 374
method selection and conditions for, 12
overexcavation and replacement, 130–131
preloading, 235–238, 236, 237
rapid impact compaction, 104
slope stability during, 55
specifications for, 13
vibro-compaction, 112, 113

Construction cost, 12
Construction materials, 12
Construction specifications, 13
Construction time, 12
Controlled modulus columns (deep replacement), 134,135, 136, 142,

164, 167
Conventional (traditional) compaction, 6, 73–82
advantages/limitations, 74
applications, 74
basic concept, 73, 74
borrow volume, 79–80
compaction curve, 74, 74
construction, 81–82
design considerations, 77–80
design example, 80–81
design parameters and procedure, 80
equipment selection, 77–79
influence depth, 76, 76
influence factors, 76
maximum dry unit weight, 77–79, 78
one-point method, 75, 75–76
optimum moisture content, 77–79, 78
performance requirements, 77, 77
principles, 74–76
quality control and assurance, 82
relative compaction, 75, 76
suitability, 73, 74

Core sampling (deep mixing), 272

Coulomb’s theory, 63, 63–64
CPT, see Cone penetration test
Creep deformation (ground anchors), 310
Creep strength, 34, 36, 36
Creep tests:
geosynthetics, 35, 35
ground anchors, 313

Critical failure mode (geosynthetic-reinforced foundations), 380
Critical height (geosynthetic-reinforced column-supported

embankments), 356
Critical potential failure surface (ground anchors), 305
Curtain walls, at excavations, 197
Cut-off walls, at excavations, 197
Cutter soil mixing, 246, 246, 260
Cut walls, 61, 62

D
Damage models (geosynthetic-reinforced roads), 386, 387
Deep compaction, 6, 73. See also individual methods
Deep dynamic compaction, 73, 89–100
advantages/limitations, 89, 90
applications, 89
area of improvement, 92
basic concept, 89
construction, 99, 100
degree of improvement, 95, 95
depth of improvement, 92
design considerations, 91–97
design example, 98–99
design parameters and procedure, 97–98
dynamic consolidation, 90–91
dynamic replacement, 91, 91
elapsed time, 97
environmental impact, 96–97
and groundwater table, 97
and hard soil layer, 97
induced settlement, 95–96
influence factors, 91–92
principles, 90–91
quality control and assurance, 99, 100
site investigation, 91
and soft soil layer, 97
soil types for, 92, 92,93
suitability, 89, 90
tampers, 92–94

Deep-footing effect (geosynthetic reinforcement), 376
Deep improvement, 5
Deep mixing (DM), 8, 245–273
advantages/limitations, 248
applications, 247–248
basic concept, 245, 245–246, 246
bearing capacity, 260–261
chemical reactions, 248–250, 249, 250
column shapes and dimensions, 250, 260
consolidation, 263, 263–264, 264
construction, 270–272
cutter soil mixing, 246, 246, 260
design considerations, 259–267
design example, 268–270
design parameters and procedure, 268
dry method, 245, 246, 246, 256, 259, 260, 270, 271, 272
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Deep mixing (DM), (continued)
in excavation design, 265–267, 265–267
failure modes, 257, 258
jet grouting as, 245. See also Jet grouting
liquefaction mitigation, 267
principles, 248–259
quality control and assurance, 272–273
settlement, 261, 261–263, 262
stability of column-supported embankments, 264, 264–265, 265
stabilized soils properties, 250–257, 251–257, 259, 259–260, 260
stress transfer, 257–259, 258
suitability, 246–247
T-shaped DM columns, 246, 246
wet method, 245–246, 246, 256, 257, 259, 260, 270, 271

Deep replacement, 7, 133–167. See also individual methods
advantages/limitations, 135–136
applications, 135
area of improvement, 142
area replacement ratio, 141, 142
backfill, 141, 142
basic concepts, 133–134
bearing capacity:

concrete columns, 144, 145, 145
geosynthetic-encased granular columns, 153
granular columns, 143, 143–144

consolidation:
concrete columns, 151
granular columns, 148–150, 148–151

construction, 163–165
densification, 136–137
densification effect, 142–143, 143
depth of improvement, 142
design considerations, 141–155
design examples, 158–163
design of geosynthetic-encased granular columns, 152–155, 153, 155
design parameters and procedure, 155–157
diameter of columns, 141, 142
failure modes, 140–141, 141
functions, 136
liquefaction, 152, 153
load transfer mechanisms, 137–140, 137–140
principles, 136–141
quality control and assurance, 164–167
settlement:

concrete columns, 147, 147–148
geosynthetic-encased granular columns, 154, 154–155, 156
granular columns, 145–147, 146, 147

stability:
concrete columns, 151
granular columns, 151, 151

suitability, 134–135
Deep-seated failure (geosynthetic-reinforced slopes), 336, 336
Deep stabilization, chemical, 8. See also individual methods
Deep wells, 196, 197, 197, 202, 203, 205–206
Deformation:
creep, with ground anchors, 310
of geosynthetic-reinforced roads, 385–386, 386
of soil nailed walls, 326

Degree of influence (vibro-compaction), 107, 107–108, 108
Degree of saturation, 18
Densification. See also Compaction; Consolidation
deep replacement, 136–137, 142–143, 143
dynamic, 90

methods for, 6. See also individual methods
principles of, 73, 136
vibro-compaction, 106, 107

Density, 18
Depth of drawdown (dewatering), 201, 201
Depth of improvement:

dynamic compaction, 92
rapid impact compaction, 101

Design considerations, 12–13, 77–80. See also Geotechnical design
deep dynamic compaction, 91–97
deep mixing, 259–267
deep replacement, 141–155
dewatering, 200–203
drainage, 188–193
filtration, 180–184
geosynthetic-reinforced column-supported embankments, 359–362
geosynthetic-reinforced embankments, 346–351
geosynthetic-reinforced foundations, 377–380
geosynthetic-reinforced roads:

paved, 390–392
unpaved, 387–389

geosynthetic-reinforced slopes, 336–341
ground anchors, 303–311
grouting, 283–289
intelligent compaction, 86–88
mechanically stabilized earth walls, 367–370
overexcavation and replacement, 119–124
preloading, 218–226
rapid impact compaction, 101–103
vibro-compaction, 109–110

Design examples:
conventional compaction, 80–81
deep dynamic compaction, 98–99
deep mixing, 268–270
deep replacement, 157–162
dewatering, 204–205
drainage, 194–195
filtration, 185
geosynthetic-reinforced column-supported embankments, 362–363
geosynthetic-reinforced embankments, 351–352
geosynthetic-reinforced foundations, 381–382
geosynthetic-reinforced roads:

paved, 395–396
unpaved, 393–395

geosynthetic-reinforced slopes, 341–344
ground anchors, 311–313
grouting, 289–290
mechanically stabilized earth walls, 372–374
overexcavation and replacement, 125–131
preloading, 227–235
rapid impact compaction, 103–104
vibro-compaction, 111–112

Design parameters and procedure:
conventional compaction, 80
deep dynamic compaction, 97–98
deep mixing, 268
deep replacement, 155–157
dewatering, 203–204
drainage, 193–194
filtration, 184–185
geosynthetic-reinforced column-supported embankments, 362
geosynthetic-reinforced embankments, 351
geosynthetic-reinforced foundations, 380–381
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geosynthetic-reinforced roads:
paved, 392–393
unpaved, 389–390

geosynthetic-reinforced slopes, 341
ground anchors, 303–304, 311
grouting, 289
mechanically stabilized earth walls, 370–372
overexcavation and replacement, 124–125
preloading, 225–227
rapid impact compaction, 103
soil nailing, 318, 320
vibro-compaction, 110–111

Dewatering, 8, 173, 196–206
advantages/limitations, 198–199
applications, 198
basic concept, 196, 196–197, 197
bottom stability of excavation, 203, 203
construction, 205–206
depth of drawdown, 201, 201
design considerations, 200–203
design example, 204–205
design parameters and procedure, 203–204
drainage vs., 196
drawdown curve, 199, 200, 200, 201
electroosmosis method, 8
pipe size, 202
principles, 199–200
pump size, 202, 203
quality control and assurance, 206
recharge, 200, 201
suitability, 197, 198
technique selection, 200, 201
well penetration, 202
well systems, 8, 8

multiwells, 201, 201, 202
single well, 201
spacing of wells, 202, 202
water flow into a well, 199, 199
well points, 196, 197, 199

Direct shear test, 21, 22, 23
Displacement of soils, 133
Distance of influence (vibro-compaction), 107, 107–108, 108
Distributed failure:
geosynthetic-reinforced foundations, 375, 376, 379
through replaced zones, 119

DM, see Deep mixing
Downward seepage, 177, 177
Drainage, 173, 185–196
advantages/limitations, 186, 187
applications, 186, 187
basic concept, 185–186, 186
construction, 195
design considerations, 188–193
design examples, 194–195
design parameters and procedure, 193–194
dewatering vs., 196
drainage geosynthetics, 7
effective porosity, 188
filter criteria for drainage layer, 193
geocomposite drains, 191–193
groundwater inflow, 189, 190
hydraulic gradient, 188, 188
maximum height of flow, 191, 192

mechanically-stabilized earth walls, 364
methods for, 7
open pumping, 7
paved geosynthetic-reinforced roads, 391
pavement infiltration, 189
pipe drains, 193, 193
principles, 187–188
quality control and assurance, 195–196
quality of, 188, 189
retaining walls, 188, 189, 189
soil nailed walls, 326, 327
steady-state capacity of drainage layer, 189, 190, 190
steady-state vs. unsteady-state flow, 187, 187–188
suitability, 186
unsteady-state capacity of drainage layer, 190–191, 191

Drainage geosynthetics, 7
Drawdown curve (dewatering), 199–201, 200, 201
Durability, method selection and, 12
Dynamic compaction, 6, 89. See also Deep dynamic compaction
Dynamic consolidation (dynamic compaction), 90–91
Dynamic densification (dynamic compaction), 90
Dynamic penetration test (deep mixing), 273
Dynamic replacement:
deep dynamic compaction, 91, 91
deep replacement, 133, 134, 135

E

Earthquake loading:
deep replacement, 152
maximum shear stress induced by, 64
mechanically stabilized earth walls, 370
settlement induced by, 66–67, 67
and slope stability, 55

Earth retaining structures, options for, 5, 10, 11
Earth retaining wall analysis, 61–64
Coulomb’s theory, 63, 63–64
lateral earth pressure coefficient, 61, 62
Rankine’s theory, 61–63, 62
and type of wall, 61, 62

Earth walls:
geosynthetic-reinforced, 367
mechanically stabilized, seeMechanically stabilized earth walls
reinforced cut-and-fill, 5, 10, 11
unreinforced cut-and-fill, 5, 10, 11

Edge drains, 186, 187
Edge slope stability (geosynthetic-reinforced column-supported

embankments), 362, 362
Effective porosity, 188, 193
Elastic modulus, 24, 24, 25, 41, 43, 47, 48, 50–53
Elastic-plastic method (column settlement), 147
Elastic solution (settlement), 50–51, 50
Electroosmosis, 8, 196, 197, 197
Embankments:
column-supported, 247, 248, 248, 257–259, 258, 264, 264–265, 265
defined, 345
geosynthetic-reinforced, see Geosynthetic-reinforced embankments
geosynthetic-reinforced column-supported, see Geosynthetic-reinforced

column-supported embankments
pile-supported, 353

Encased granular columns (deep replacement), 135
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Encased soil columns (deep replacement), 134
Environmental impact:
and choice of ground improvement method, 12
dynamic compaction, 96–97
rapid impact compaction, 102–103

Erosion:
geosynthetic-reinforced slopes, 334
possible causes of, 3

Excavation(s):
bottom stability of, 203, 203
curtain or cut-off walls at, 197
deep mixing, 265–267, 265–267
deep replacement, 133
dewatering, 196
ground anchors in, 299
overexcavation and replacement, 130

Excavation and replacement, 6. See also Overexcavation and replacement
Extended creep test (ground anchors), 313
Extensile reinforcement, see Geosynthetic reinforcement
External loads (mechanically stabilized earth walls), 370
External overturning (deep mixing), 266, 266
External sliding analysis (soil nailing), 324, 325, 326
External stability analysis:
deep mixing, 266, 266
mechanically stabilized earth walls, 365–368, 367

F
Factors of safety (FSs):
mechanically stabilized earth walls, 369
minimum:

overexcavation and replacement, 122
slope stability, 56–59, 59
soil nailing, 320

overexcavation and replacement, 122
slope stability, 55

Failures. See also specific types of failure, e.g.: Bearing failure
causes of, 2, 3
distributed foundations, 121
water-related, 173

Failure modes:
deep mixing, 257, 258
deep replacement, 140–141, 141

concrete columns, 151
granular columns, 151

geosynthetic-reinforced column-supported embankments, 358–359
geosynthetic-reinforced embankments, 345–346, 346
geosynthetic-reinforced foundations, 375, 375–376
geosynthetic-reinforced slopes, 336, 336
ground anchors, 301, 302
mechanically stabilized earth walls, 364, 365
overexcavation and replacement, 119, 119
of slopes, 55, 55–56
soil nailing, 315–316, 316, 317

Fatigue failure (geosynthetic-reinforced roads), 386
FHWA filter criteria, 181–183, 182
Field compression test (deep mixing), 273
Field tests, 103
deep dynamic compaction, 99, 100
geosynthetic-reinforced slopes, 345
intelligent compaction measurement values, 86, 87
preloading, 238–240, 239

rapid impact compaction, 103
Fill drains, 7
Fill materials, 1, 2

conventional compaction, 81–82
deep replacement, 165
interaction between geosynthetics and, 36, 37–38, 37
for replacement, 130, 131

Fill preloading, 8, 211–213, 214, 215, 226–227, 236
Fill reinforcement, 9, 333–396. See also individual methods

defined, 5
geosynthetic-reinforced column-supported embankments, 353–364
geosynthetic-reinforced embankments, 345–353
geosynthetic-reinforced foundations, 375–382
geosynthetic-reinforced roads, 382–396
geosynthetic-reinforced slopes, 333–345
mechanically stabilized earth walls, 364–375

Fill walls, 61, 62
Filtration, 173, 177–185

advantages/limitations, 178
allowable long-term flow rate, 184
applications, 178
basic concept, 177–178
construction, 185
design considerations, 180–184
design example, 185
design parameters and procedure, 184–185
drainage layer filter criteria, 193
FHWA filter criteria, 181–183, 182
Giroud’s filter criteria, 183, 183–184
permeability, 179, 179
porosity and thickness, 180, 180
principles, 178–180
quality control and assurance, 185
retention, 179, 179–180
separation vs., 178, 178–179
suitability, 178
survivability requirements, 180–181
Terzaghi’s filter criteria, 181

Flexible columns, 134
Flow net, 175–176
Fly ash stabilization, 1, 249, 250, 251, 277. See also Deep mixing (DM);

Grouting
Foundations:

column-reinforced composite, 136, 139
geosynthetic-reinforced, see Geosynthetic-reinforced foundations
options for, 5, 10

Foundation soil resistance (geosynthetic-reinforced column-supported
embankments), 356, 356–357, 357, 361

FSs, see Factors of safety

G
GCL, see Geosynthetic clay liner
General failure within reinforced zone (geosynthetic-reinforced

foundations), 375, 379
Geocells, 29, 32, 32, 33, 383
Geocomposites, 30, 31, 173
Geocomposite drains, 185, 186, 191–193
Geofoam, 29, 30
Geogrids, 29, 30, 31–34, 34
Geogrid separators, 179
Geomaterials, 17–28
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classifications, 17
compaction of, 25–28, 26–28
hydraulic properties, 25
mechanical properties, 19–25, 20–23
physical properties, 18–19, 18, 23
problematic, 1, 2

Geomembranes, 29, 31, 32–34, 37
in groundwater control, 173
in preloading, 238

Geomembrane separators, 179
Geonets, 29, 30, 30, 31, 32
Geosynthetics, 17, 29–39
defined, 28
functions of, 30–32
in groundwater control, 173
hydraulic properties, 32–33, 33
interaction between fill and, 37–38, 37
mechanical properties, 33–36, 34–41
physical properties, 32
types of, 28–29, 29–31

Geosynthetic clay liner (GCL), 29, 31, 32
Geosynthetic drains, 186,188, 189
Geosynthetic-encased granular columns (deep replacement), 7, 136,

139, 142
casing selection, 155
construction, 164
design, 152–155, 153, 155
design parameters and procedure, 157–158
installation parameters, 167

Geosynthetic filters, 178
Geosynthetic-reinforced column-supported embankments, 9, 353–364
advantages/limitations, 354
applications, 247, 354
basic concept, 353–354, 354
construction, 363
critical height, 356
design considerations, 359–362
design example, 362–363
design parameters and procedure, 362
edge slope stability, 362, 362
failure modes, 358–359
foundation soil resistance, 356, 356–357, 357, 361
global slope stability, 362
influence factors, 358
lateral spreading, 361
load transfer mechanisms, 354, 354–355
percent coverage, 358–359, 359
principles, 354–359
quality control and assurance, 363–364
soil arching, 355, 355–356
strain in geosynthetic reinforcement, 361
stress above geosynthetic reinforcement, 359–361, 360
suitability, 354
tension in reinforcement, 357, 357–358, 358, 361

Geosynthetic-reinforced earth walls:
mechanically stabilized, seeMechanically stabilized earth [MSE] walls
performance requirements for, 367

Geosynthetic-reinforced embankments, 9, 345–353
advantages/limitations, 345
applications, 345
basal reinforcement mechanism, 346
basic concept, 345

column-supported, see Geosynthetic-reinforced column-supported
embankments

computer-assisted design, 351
construction, 352–353, 353
design considerations, 346–351
design example, 351–352
design parameters and procedure, 351
failure:

circular slip, 349, 349
general bearing, 347–348, 349
local bearing, 346, 347, 348
translational, 349

failure modes, 345–346, 346
lateral spreading, 348, 348–349
performance requirements, 346, 347
principles, 345–346, 347
quality control and assurance, 353
simplified design method, 349–351, 350, 352
suitability, 345

Geosynthetic-reinforced foundations, 375–382
advantages/limitations, 375
applications, 375
basic concept, 375
bearing capacity:

against distributed foundation failure, 379
against general failure within reinforced zone, 379
against interlayer failure, 377–379, 378
against punching failure of reinforced zone, 380
against punching failure through reinforced zone,

379–380
against shallow failure, 377, 377

construction, 382
critical failure mode, 380
design considerations, 377–380
design example, 381–382
design parameters and procedure, 380–381
effects of geosynthetic reinforcement, 376, 376–377, 377
failure modes, 375, 375–376
principles, 375–377
quality control and assurance, 382
settlement, 380
suitability, 375

Geosynthetic-reinforced roads, 9, 382–396
advantages/limitations, 383
applications, 383
basic concept, 382
bearing capacity, 385, 385
construction, 396
design considerations for paved roads, 390–392

benefit of geosynthetic reinforcement, 392
equivalent traffic, 390–391
resilient modulus, 391
structural number, 391, 392

design considerations for unpaved roads,
387–389

applied pressure vs. bearing capacity, 388–389
bearing capacity, 388, 388, 389
calibration, 389
quality of base course, 387
stress distribution, 387–388

design examples, 393–396
paved roads, 395–396
unpaved roads, 393–395
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Geosynthetic-reinforced roads, (continued)
design parameters and procedure:

paved roads, 392–393
unpaved roads, 389–390

fatigue failure, 386
load transfer, 383–385, 384
Mechanistic-Empirical Pavement Design, 387
principles, 383–387
quality control and assurance, 396
resilient behavior and permanent deformation, 385–386, 386
roadway structure, 383, 383
serviceability and reliability, 386, 387
suitability, 382

Geosynthetic-reinforced slopes, 9, 333–345
advantages/limitations, 334
applications, 334
basic concept, 334
computer-assisted design, 341
construction, 344–345
design and analysis, 336–341
design example, 341–344
design parameters and procedure, 341
failure modes, 336, 336
principles, 334–336
quality control and assurance, 345
slope stability analysis, 336–340, 338–340
suitability, 334
types of, 335–336

Geosynthetic reinforcement, 31, 38, 55, 333
above columns, 247
benefit of, 392
effects of, 376, 376–377, 377
mechanically stabilized earth walls, 364
mechanism of, 346, 347
pH limit of backfill, 371
strain and tension in, 361
stress above, 359–361, 360

Geosynthetic separators, 178
Geotechnical conditions:
problematic, 1, 2
and selection of ground improvement method, 11, 11–12

Geotechnical design:
considerations in, see Design considerations
earth retaining wall analysis, 61–64

Coulomb’s theory, 63,63–64
lateral earth pressure coefficient, 61, 62
Rankine’s theory, 62, 61–63
and type of wall, 61, 62

examples of, see Design examples
liquefaction analysis, 64–67

earthquake-induced settlement, 66–67, 67
liquefaction potential, 64–66, 66

parameters and procedure for, see Design parameters and procedure
shallow foundation design, 48–54

bearing capacity, 48–49, 48, 49
consolidation, 54, 54–55
settlement, 50–51, 50–53

slope stability analysis, 55–60
earth retaining wall analysis, 61, 62
geosynthetic-reinforced slopes, 336–340, 338–340
infinite slope, 565–57, 57
minimum factor of safety, 59, 59–60, 60
numerical methods, 60

ordinary (Swedish) method of slices, 57–58, 58
safety map, 60, 60
simplified Bishop method, 58
Spencer method, 58–598, 59
stability conditions for, 55

Geotechnical problems, 2, 3
with conditions, 1, 2
with geomaterials, 1, 2

Geotextiles, 29, 29, 32–33
in groundwater control, 173
survivability, 180–181

Geotextile filters, 178, 178, 179, 181, 183–185
Geotextile separators, 179
Giroud’s filter criteria, 183, 183–184
Global failure:

geosynthetic-reinforced slopes, 336, 336
slopes, 55, 55–56

Global slope stability:
deep mixing, 267
geosynthetic-reinforced column-supported embankments, 362
geosynthetic-reinforced slopes, 340, 340
ground anchors, 309,309–310

Global stability analysis (mechanically stabilized earth walls), 370
Grain size distribution, 17
Granular columns (deep replacement), 134–136, 139–141, 143, 143–144

consolidation, 148–150, 148–151
design parameters and procedure, 156–157
geosynthetic-encased, 136, 139, 153–158, , 164, 166
settlement, 145–147, 146, 147
stability, 151, 151

Granular drains, 185–186, 186
Granular fill, 1, 133, 134, 185
Granular filters, 178, 178, 180, 183, 184
Gravity walls, 61
Ground anchors, 9, 297–313

advantages/limitations, 300
anchor bonded capacity, 307, 308
anchor load, 305, 306
apparent earth pressure diagrams, 304, 304–305, 305
applications, 299, 300
base stability, 310
basic concept, 297, 298, 299, 299
compound and global slope stability, 309, 309–310
construction, 313
creep deformation of, 310
critical potential failure surface, 305
design considerations, 303–311
design example, 311–313
design of wall facing structure, 309
design parameters and procedure, 303–304, 311
failure modes, 301, 302
internal stability of anchored wall, 301, 302
lateral earth pressure, 300–303, 303
load transfer, 300–301, 301
principles, 300–303
quality control and assurance, 313
suitability, 299
tendon and trumpet opening sizes, 308, 309
tensile strength of steel tendon, 307, 308
unbonded anchor length, 305, 306
wall and ground movement, 310, 310–311

Ground freezing, 10
Ground heave, possible causes of, 3
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Ground improvement methods, 2–14. See also individual
methods and topics

classification, 3–5
construction specifications for, 13
description, function, and application, 5–10
design of, 12, 13
historical developments, 2, 3
and need for ground improvement, 5, 10, 10, 11
quality control and assurance, 14
recent advances in, 14
selection factors, 10–12, 11
selection procedure, 12, 13
for transportation infrastructure, 3, 4
trends for future development, 14

Ground movement:
with ground anchors, 310, 310–311
with preloading, 238

Groundwater control, 173. See also Dewatering; Drainage
Groundwater inflow (drainage), 189, 190
Groundwater table:
and dynamic compaction, 97
and rapid impact compaction, 101
recharge, 200

Grouted stone columns (deep replacement), 134
Grouting, 8, 245, 273–291
advantages/limitations, 274, 275
basic concept, 245, 273–274, 274, 275
compaction grouting, 245, 273, 274, 275, 279, 280, 286–287, 289, 290
compensation grouting, 245, 273, 274, 275, 288, 290
construction, 290, 291
design considerations, 283–289
design example, 289–290
design parameters and procedure, 289
grout materials, 277, 278
hydrofracture grouting, 245, 273, 274, 275, 280–281, 281, 287,

287–288, 290
jet grouting, 8, 245, 245, 273, 274, 275, 281–283, 281–283, 288–291,

291
permeation grouting, 245, 273, 274, 275, 283–286, 284–286, 289
principles, 275–283
quality control and assurance, 291
rheological behavior, 275–277, 275–277
setting, 277
suitability, 274, 276
theory of injection, 278–279, 278–280

Grout materials, 277, 278

H
Han Great Wall, 333
Hard soil layer, dynamic compaction and, 97
Hewlett and Randolph method (geosynthetic-reinforced column-supported

embankments), 360–361
High-energy impact roller compaction, 6
High plasticity soils, 17
Hollow concrete columns (deep replacement), 134
Hydraulic gradient (drainage), 188, 188
Hydraulic properties:
geomaterials, 25
geosynthetics, 32–33, 33

Hydrocompression, possible causes of, 3
Hydrofracture grouting, 245, 273, 274, 275, 280–281, 281, 287,

287–288, 290

I

IC, see Intelligent compaction
ICMVs, see Intelligent compaction measurement values
Improved geomaterials, 1, 17
Improvement factor method (column settlement), 146, 147
Induced settlement (dynamic compaction), 95–96
Inextensile reinforcement, 364
Infinite slope, slope stability analysis for, 56, 57, 57
Influence depth (compaction), 76, 76
Influence factors:
deep dynamic compaction, 91–92
geosynthetic-reinforced column-supported embankments, 358
relative compaction, 76
settlement calculation, 50

Injection, theory of (grouting), 278–279, 278–280
In situ ground reinforcement, 9, 297–330. See also individual methods
defined, 5
ground anchors, 9, 297–313
micropiles, 9, 297, 298
soil nailing, 9, 314–330

In situ testing, 39–47
cone penetration test, 42–44, 43
deep mixing, 273
plate load test, 47, 47
pressuremeter test, 46, 46, 47
standard penetration test, 39–41, 40
vane shear test, 45

Instability, possible causes of, 3
Intelligent compaction (IC), 6, 73, 82–89
advantages/limitations, 83
applications, 83
basic concept, 82–83, 83
construction, 88
design considerations, 86–88
intelligent compaction measurement values, 83–86

field correlation of, 86, 87
target, selecting, 87, 87–88, 88

principles, 83–86
quality control and assurance, 88, 89
rollers, 86
suitability, 83
test section, 86, 87

Intelligent compaction measurement values (ICMVs), 83–86
field correlation of, 86, 87
target, selecting, 87, 87–88, 88

Interceptors (drains), 186, 187
Interface shear tests (geosynthetics), 36, 36–38, 37
Interlayer failure (geosynthetic-reinforced foundations), 375, 376–379, 378
Intermediate compaction, 73. See also individual methods
Intermediate geomaterials, 1
Internal failure (geosynthetic-reinforced slopes), 336, 336
Internal overturning (deep mixing), 266
Internal sliding analysis:
deep mixing, 265, 265–266, 266
soil nailing, 323, 324, 325

Internal stability:
anchored walls, 301, 302
soil, 180

Internal stability analysis:
geosynthetic-reinforced slopes, 338–340, 338–340
mechanically stabilized earth walls, 366, 368, 368–370, 369
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J
Jet grouting, 8, 245, 245, 273, 274, 275, 281–283, 281–283, 288–291, 291

L
Ladd method (secondary compression), 224–225, 225
Lateral confinement effect (geosynthetic reinforcement), 376
Lateral earth pressure:
ground anchors, 300–303, 303
soil nailing, 318, 319

Lateral earth pressure coefficient, 61, 62, 366–367, 367
Lateral restraint effect (geosynthetic reinforcement), 376
Lateral spread, 66
geosynthetic-reinforced column-supported embankments, 361
geosynthetic-reinforced embankments, 348, 348–349

Layer coefficient ratio (LCR) method, 392
Lift thickness (compaction), 76, 76, 79
Lime stabilization, 17, 245, 248, 250, 251, 251, 253, 254, 277. See also

Deep mixing (DM); Grouting
Limited depth effect (geosynthetic reinforcement), 376
Liquefaction, 21, 64
deep replacement, 151, 152
possible causes of, 3
surface manifestation of, 66

Liquefaction analysis, 63–66
earthquake-induced settlement, 66–67, 67
liquefaction potential, 64–66, 64–66

Liquefaction mitigation (deep mixing), 267
Liquefaction potential, 64–66, 64–66
Liquid limit (LL), 19
Load/loading tests:
deep replacement, 167–168, 167
ground anchors, 313

Load transfer:
deep replacement, 137–140, 137–140
geosynthetic-reinforced column-supported embankments, 354, 354–355
geosynthetic-reinforced roads, 383–385, 384
ground anchors, 300–301, 301
soil nailing, 316, 317–319, 318

Local failure:
geosynthetic-reinforced embankments, 346, 347, 348
slopes, 55, 55–56

Local stability analysis (mechanically stabilized earth walls), 370

M
Machine drive power (MDP), 85
Manufactured geomaterials, 1
Mass per unit area (geosynthetics), 32
Materials:
construction, 12
fill, 1, 2

conventional compaction, 81–82
deep replacement, 165
interaction between geosynthetics and, 36, 36–38, 37
for replacement, 130, 131

geomaterials, 17–28
classifications, 17
compaction of, 25–28, 26–28
hydraulic properties, 25
mechanical properties, 19–25, 20–23
physical properties, 17–19, 18, 19

problematic, 1, 2
geosynthetics, 28–39

functions of, 30–32
hydraulic properties, 32–33, 33
interaction between fill and, 36, 36–39, 37
mechanical properties, 33–36, 34–41
physical properties, 32
types of, 28–29, 29–31

grout, 277, 278
in preloading, 238

Maximum dry unit weight, 77–79, 78
Maximum height of flow (drainage), 191, 192
Maximum in-service tensile force (soil nailing), 320, 321, 321
MDP (machine drive power), 85
Mechanically stabilized earth (MSE) walls, 9, 364–375

active earth pressure theory, 365–367, 365–367
advantages/limitations, 364, 364
applications, 364
basic concept, 364, 364
compound and global stability analyses, 370
construction, 374
design considerations, 367–370
design example, 372–374
design parameters and procedure, 370–372
earthquake loading, 370
external loads, 370
external stability analysis, 367, 367–368
failure modes, 364, 365
internal stability analysis, 368, 368–370, 369
local stability analysis, 370
performance requirements, 367
principles, 364–367
quality control and assurance, 374–375
slip surface and tension in reinforcement, 364, 365, 365
stable boundary, 370, 370
suitability, 364
tiered walls, 370, 371

Mechanical properties:
geomaterials, 19–25, 20–23
geosynthetics, 33–36, 34–41

Mechanistic-Empirical Pavement Design (MEPDG), 387
Mesri et al. method (secondary compression), 224
Metallic reinforcement, 364
Micropiles, 9, 297, 298
MIF (modulus improvement factor), 376, 377
Minimum bearing capacity (overexcavation and replacement), 122
Minimum factor of safety:

overexcavation and replacement, 122
slope stability analysis, 59, 59–60, 60
soil nailing, 320

Mixing, 245
deep, see Deep mixing [DM]
surface, 245

Modulus improvement factor (MIF), 376, 377
MSE walls, seeMechanically stabilized earth walls
Mullen burst test (geosynthetics), 35, 35
Multiple stepped columns (deep replacement), 134
Multiwells (dewatering), 201, 201, 202

N
Natural geomaterials, 1, 2, 17
Natural soils, 17
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O
One-point method (conventional compaction), 75, 75–76
Open pumping, 7
Optimum moisture content, 77–79, 78
Ordinary (Swedish) method of slices, 57–58, 58
Overexcavation and replacement, 117–131
advantages/limitations, 117–118
applications, 117
basic concept, 117
construction, 130–131
design considerations, 119–124
design examples, 125–130
design parameters and procedure, 124–125
failure modes, 119, 119
failure of distributed foundation, 121
minimum bearing capacity, 122
minimum factor of safety, 122
principles, 118–119
punching failure:

through replaced zone, 119–121, 120
through replaced zone into in situ soil, 119, 121–122

quality control and assurance, 131
settlement:

of footing on layered soils of infinite width, 122, 122
of footing on replaced zone with limited area, 122–124, 123, 124

shear failure in replaced zone, 120
stress distribution, 118, 118
suitability, 117

Overturning:
with deep mixing, 266, 266
mechanically stabilized earth walls, 367
possible causes of, 3

P
Parabolic method (tensile strain in reinforcement), 361
Particle size, 17, 18
Passive earth pressures, 60–63, 62
Paved geosynthetic-reinforced roads, 383
design considerations, 390–392

benefit of geosynthetic reinforcement, 392
equivalent traffic, 390–391
resilient modulus, 391
structural number, 391, 392

design example, 395–396
design parameters and procedure, 392–393
load transfer, 383–385, 384
resilient behavior, 385–386
roadway structure, 383, 383

Pavement drains, 186, 187
Pavement infiltration (drainage), 189
Performance criteria/requirements:
compaction, 77, 77
geosynthetic-reinforced embankments, 346, 347
geosynthetic-reinforced slopes, 336, 346, 347
mechanically stabilized earth walls, 367
vibro-compaction, 109

Performance evaluation:
overexcavation and replacement, 131
preloading, 240

Performance test (ground anchors), 313
Permanent deformation (geosynthetic-reinforced roads), 385–386, 386

Permeability, 17
dynamic compaction, 90
filtration, 179, 179, 183
of grout in soil, 278–279, 279, 280
and rate of water flow, 25
of stabilized soils, 259, 259
of vertical drains, 219–220, 220

Permeation grouting, 245, 273, 274, 275, 283–286, 284–286, 289
Permittivity (geosynthetics), 33, 33
Physical properties:
geomaterials, 17–19, 18, 19
geosynthetics, 32

Piled-raft method (deep mixing), 262
Pile-supported embankments, 353. See also Geosynthetic-reinforced

column-supported embankments
Pipes:
dewatering, 202
preloading, 238

Pipe drains, 193, 193
Plastic limit (PL), 19
Plate compactors, 73, 79
Plate loading tests, 47, 47
deep mixing, 273
geosynthetic-reinforced roads, 396
reinforced and unreinforced foundations, 376, 377

Poisson ratio, 23, 24
Pore water pressure:
calculating, 176
deep replacement, 152
dynamic compaction, 90, 91, 97
with filters, 179, 179
during preloading, 240

Porosity:
effective, 188, 193
filtration, 180, 180

Precompression (preloading), 212–213
Prefabricated vertical drains (PVDs), 216, 218, 219, 235, 236
Preloading, 211–240
accumulated degree of consolidation, 221–222, 222
advantages/limitations, 212
allowable load, 220
applications, 212
basic concept, 211, 212
consolidation theory, 214–217, 215–217
construction, 2015May15 122127235–238, 236, 237
design considerations, 218–226
design examples, 227–235
design parameters and procedures, 225–227
fill, 8, 211–213, 214, 215, 226–227, 236
precompression, 212–213
principles, 212–218
quality control and assurance, 237–240
settlement, 223, 238–240, 239
slope stability, 220
strength gain, 221
stress and ground movement, 213–214, 214
suitability, 211, 212
surcharge, 217, 217–218, 218, 223–225, 223–225
time-dependent loading, 220–221, 221
time for consolidation, 221
vacuum, 8, 211–213, 214, 215, 220, 237, 237
vacuum and fill combined, 217
vertical drains, 218–220, 219, 220, 235, 238
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Pressuremeter test, 46, 46, 47
Problematic conditions, 1, 2
Problematic geomaterials, 1, 2
Processed geomaterials, 17
Proof test (ground anchors), 313
Pullout capacity:
of reinforcement in fill, 369, 369
soil nailing, 321

Pullout resistance test (deep mixing), 273
Pumps (wells), 196, 196, 202, 203
Punching failure:
geosynthetic-reinforced foundations:

of reinforced zone, 375, 376, 380
through reinforced zone, 375, 376, 379–380

overexcavation and replacement:
through replaced zone, 119–121, 120
through replaced zone into in situ soil, 119, 121–122

PVDs, see Prefabricated vertical drains

Q

Quality control and assurance, 14
conventional compaction, 82
deep dynamic compaction, 99, 100
deep mixing, 272–273
deep replacement, 164–167
dewatering, 206
drainage, 195–196
filtration, 185
geosynthetic-reinforced column-supported embankments, 363–364
geosynthetic-reinforced embankments, 353
geosynthetic-reinforced foundations, 382
geosynthetic-reinforced roads, 396
geosynthetic-reinforced slopes, 345
ground anchors, 313
grouting, 291
intelligent compaction, 88, 89
mechanically stabilized earth walls, 374–375
overexcavation and replacement, 131
preloading, 237–240
rapid impact compaction, 104
vibro-compaction, 112, 113

R
Radial flow, consolidation due to, 216
Railroads, geosynthetics for, 383
load transfer, 383
roadway structure, 383, 383

Rammed aggregate columns, 7, 133–136, 134, 141, 142, 163–164, 166
Rankine’s theory, 61–63, 62
RAP (recycled asphalt pavement), 17
Rapid impact compaction, 6, 73, 100–104
advantages/limitations, 100
applications, 100
basic concept, 100
construction, 104
depth of improvement, 101
design considerations, 101–103
design example, 103–104
design parameters and procedure, 103

environmental impact, 102–103
field trial test, 103
and groundwater table, 101
number of blows, 101
patterns of impact points, 101, 102
principles, 101
quality control and assurance, 104
suitability, 100

RC (relative compaction), 75
Rebound (surcharge preloading), 223
Recharge (dewatering), 200, 201
Recycled asphalt pavement (RAP), 17
Reduction factors (geosynthetics), 35–38
Reinforced cut-and-fill earth walls, 5, 10, 11
Reinforced cut-and-fill slopes, 5, 10, 11
Reinforced walls, 61, 333, 364
Reinforcement methods, 9. See also individual methods
Relative compaction (RC), 75, 76
Reliability:

geosynthetic-reinforced roads, 386, 387, 390
and method selection, 12

Replacement:
dynamic,91, 91
methods of, 6–7. See also individual methods

Resilient behavior (geosynthetic-reinforced roads), 385–386, 386
Resilient modulus (paved geosynthetic-reinforced roads), 391
Retaining walls. See alsoMechanically stabilized earth (MSE) walls

Chinese, 333
drainage, 186, 187, 188, 189, 189
earth retaining wall analysis, 61–64

Coulomb’s theory, 63, 63–64
lateral earth pressure coefficient, 61, 62
Rankine’s theory, 61–63, 62
and type of wall, 61, 62

Retention (filtration), 179, 179–180
Reverse flight displacement, 133
Rheological behavior (grouting), 275–277, 275–277
Rigid columns, 134
Roadway construction:

geosynthetics in, 382. See also Geosynthetic-reinforced roads
subgrade and base options for, 10

Rock, see Geomaterials
Rollers:

conventional compaction, 73–74, 74, 79
intelligent compaction, 83, 83, 86

Roller-integrated stiffness (ktb), 85

S
Safety map, 60, 60
Sand compaction columns, 7, 134, 134, 135, 142, 163, 164, 166
Sand drains, 211
Saturated soil:

compressibility of, 90
degree of saturation, 18

Schmertmann et al method (settlement), 52,53
Secondary compression, 50, 52

surcharge preloading, 217, 223–225, 224, 225
Seepage:

deep mixing, 267, 267
possible causes of, 3
stresses due to, 176–177

Seepage force, 177
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Selecting ground improvement methods:
factors in, 10–12, 11
procedure for, 12, 13

Semirigid columns, 134
Separation, filtration vs., 178, 178–179
Serviceability:
geosynthetic-reinforced roads, 386, 387
geotextile separators/filters, 179
and slope stability, 55

Settlement:
before and after preloading, 211
deep mixing, 261, 261–263, 262
deep replacement:

concrete columns, 147, 147–148
geosynthetic-encased granular columns, 153, 153–155, 155
granular columns, 145–147, 146, 147

footings in overexcavation and replacement:
on layered soils of infinite width, 122, 122
on replaced zone with limited area, 122–124, 123, 124

geosynthetic-reinforced foundations, 380
induced, 95–96
large total and differential, 3
possible causes of, 3
preloading, 211, 223, 238–240, 239
shallow foundations, 50–51, 48–53

Shallow compaction, 6, 73. See also individual methods
Shallow failure (geosynthetic-reinforced foundations), 375, 375–377, 377
Shallow foundation design, 48–54
bearing capacity, 48–49, 48, 49
consolidation, 54, 54–55
settlement, 50–51, 50–53

Shallow improvement, 3, 5
Shallow replacement methods, 6. See also Overexcavation and replacement
Shallow stabilization, chemical, 8
Shear failure:
of granular columns, 141, 151
in replaced zones, 120

Shear strength, 21, 22, 23, 213
Shear stress, earthquake-induced maximum, 64
Sheet pile walls, 61
Shrinkage limit (SL),19
Silicate-based gel, 245
Simplified Bishop method, 58
Single well (dewatering), 201
SL (shrinkage limit), 19
Slag stabilization, 249, 250, 251, 277. See also Deep mixing (DM);

Grouting
Sliding:
deep mixing:

base, 266, 266
internal, 265, 265–266, 266

mechanically stabilized earth walls:
base, 367
internal, 369, 370

possible causes of, 3
soil nailing:

external, 324, 325, 326
internal, 323, 324, 325

Slip surfaces:
geosynthetic-reinforced column-supported embankments, 364, 365
mechanically stabilized earth walls, 364, 365, 365

Slopes:
components of, 55, 55–56

defined, 333
geosynthetic-reinforced, see Geosynthetic-reinforced slopes
reinforced cut-and-fill, 5, 10, 11
unreinforced cut-and-fill, 5, 10, 11

Slope instability, possible causes of, 3
Slope stability analysis, 55–60
earth retaining wall analysis, 61–64
geosynthetic-reinforced slopes, 336–340,

338–340
infinite slope, 56, 57, 57
minimum factor of safety, 59, 59–60, 60
numerical methods, 60
ordinary (Swedish) method of slices, 57–58, 58
safety map, 60, 60
simplified Bishop method, 58
Spencer method, 58–59, 59
stability conditions for, 55

Slope stabilizing piles, 297, 298
Sludge, 1
Soft soil layer, dynamic compaction and, 97
Soils. See also Geomaterials
classification of, 17–19
displacement of, 133
internal stability of, 180
natural, 1, 17
saturated:

compressibility of, 90
degree of saturation, 18

steady state of, 21, 22, 22
Soil arching, 298, 355, 355–356
Soil nailing, 9, 297, 314–330
advantages/limitations, 315
applications, 315, 316
base stability, 325
basic concept, 314, 314, 315
construction, 329, 330
deformation of soil nailed walls, 326
design charts for nail force and length, 321–323,

323, 324
design considerations, 318, 320–327
design example, 328–329
design parameters and procedure, 318, 320, 327–328
drainage, 326, 327
external sliding analysis, 324, 325, 326
facing design, 326, 327
failure modes, 315–316, 316, 317
internal sliding analysis, 323, 324, 325
lateral earth pressure distribution, 318, 319
load transfer, 316, 317–319, 318
maximum in-service tensile force, 320, 321, 321
principles, 315–318, 319
pullout capacity, 321
quality control and assurance, 329
suitability, 314, 315
tensile force distribution, 320, 320

Soil sampling tests, 167
Soil types:
for dynamic compaction, 92, 92, 93
and ground improvement method, 11, 11–12

Spacing of wells (dewatering), 202, 202
Specifications, construction, 13
Spencer method, 58–59, 59
SPT (standard penetration test), 39–41, 40, 166
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Stability. See also Slope stability analysis; specific stabilization methods
base:

ground anchors, 310
soil nailing, 325

compound:
geosynthetic-reinforced slopes, 340
ground anchors, 309, 309–310
mechanically stabilized earth walls, 370

edge slope, for geosynthetic-reinforced column-supported
embankments, 362, 362

external:
deep mixing, 266, 266
mechanically stabilized earth walls, 365–368, 367

global:
deep mixing, 267
geosynthetic-reinforced column-supported embankments, 362
geosynthetic-reinforced slopes, 340, 340
ground anchors, 309, 309–310
mechanically stabilized earth walls, 370

internal:
anchored walls, 301, 302
geosynthetic-reinforced slopes, 338–340, 338–340
mechanically stabilized earth walls, 366, 368, 368–370, 369
soil, 180

local, for mechanically stabilized earth walls, 370
surficial, for geosynthetic-reinforced slopes, 334, 336, 340, 340

Stable boundary (mechanically stabilized earth walls), 370, 370
Standard penetration test (SPT), 39–41, 40
Steady-state flow (drainage):
capacity of drainage layer, 189, 190, 190
unsteady-state flow vs., 187, 187–188

Steady state of a soil, 21, 22, 22
Stiffened DM columns, 246, 246
Stone columns, 7
deep replacement, 134–136, 142–144, 163, 165, 166
function of, 3

Strain, in geosynthetic reinforcement, 361
Stress:
above geosynthetic reinforcement, 359
and ground movement with preloading, 213–214, 214

Stress concentration ratio (deep replacement), 137–138, 138
Stress distribution:
overexcavation and replacement, 118, 118
unpaved geosynthetic-reinforced roads, 387–388

Stress reduction factor, 64, 65
Stress reduction method (column settlement), 145, 146, 261, 261–262
Stress–strain relationships:
in deep replacement, 138, 138–139
in geomaterials, 19–21, 20–21

Stress transfer:
deep mixing, 257–259, 258
deep replacement, 139, 140, 140

Strip drains, 235
Structural conditions, selection of ground improvement method and, 11
Structural number (paved geosynthetic-reinforced roads), 391, 392
Subgrade:
chemical stabilization of, 8
for roadway construction, 10
and water flow, 178, 179

Suitability of methods. See also Applications of methods
conventional compaction, 73, 74
deep dynamic compaction, 89, 90
deep mixing, 246–247

deep replacement, 134–135
dewatering, 197, 198
drainage, 186
filtration, 178
geosynthetic-reinforced column-supported embankments, 354
geosynthetic-reinforced embankments, 345
geosynthetic-reinforced foundations, 375
geosynthetic-reinforced roads, 382
geosynthetic-reinforced slopes, 334
ground anchors, 299
grouting, 274, 276
intelligent compaction, 83
mechanically stabilized earth walls, 364
overexcavation and replacement, 117
preloading, 211, 212
rapid impact compaction, 100
vibro-compaction, 104, 105, 106

Sumps, 196
Surcharge preloading, 217, 217–218, 218, 223–225, 223–225

rebound, 223
secondary compression, 223–225, 224, 225
time for surcharge removal, 223, 223

Surface compaction (vibro-compaction), 106, 107
Surface mixing, 245
Surface water management, 173, 174
Surficial failure:

geosynthetic-reinforced slopes, 336, 336
slopes, 55, 55–56

Surficial slope stability (geosynthetic-reinforced slopes), 334, 336, 340,
340

Survivability requirements (filtration), 180–181
Swedish method of slices, 57–58, 58

T
Tampers and tamping:

conventional compaction, 79
dynamic compaction, 89, 99

depth of crater, 94
drop height and energy, 93, 93
drop pattern and spacing, 93, 93
geometry and weight, 92
number of drops/passes, 94

rammed aggregate columns, 133, 166
TBR (traffic benefit ratio) method, 392
Tear tests (geosynthetics), 34–35, 35
Tensile force (soil nailing), 320, 320–321, 321
Tension, in geosynthetic reinforcement, 361, 364–365, 365
Tensioned membranes:

fill reinforcement, 333, 334
geosynthetic-reinforced column-supported embankments, 354, 357,

357–358, 358
Tensioned membrane effect:

geosynthetic reinforcement, 376
roadways, 333, 385

Terzaghi’s filter criteria, 181
Tests and testing. See also Quality control and assurance

conventional compaction, 82
deep mixing, 272–273
deep replacement, 166–167, 167
dewatering systems, 206
geomaterial compaction, 26–27, 28
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geomaterial mechanical properties, 20
geosynthetic-reinforced slopes, 345
geosynthetics, 33–37, 33–37
ground anchors, 313
grouting, 291
intelligent compaction test section, 86, 87
rapid impact compaction field trial test, 103
in situ, 39–47

cone penetration test, 42–44, 43
plate load test, 47, 47
pressuremeter test, 46, 46, 47
standard penetration test, 39–41, 40
vane shear test, 45

vibro-compaction, 113
Thermal treatments, 10
Thixotropic recovery (dynamic compaction), 91
Tiebacks, see Ground anchors
Tiered mechanically stabilized walls, 370, 371
Time-dependent loading (preloading), 220–221, 221
Toe drains, 186, 187
Toe slope failure, 55, 55
Traditional compaction, see Conventional compaction
Traffic benefit ratio (TBR) method, 392
Trafficking test (geosynthetic-reinforced roads), 396
Traffic loading (mechanically stabilized earth walls), 371, 372
Translational failure (geosynthetic-reinforced embankments), 349
Transmissivity (geosynthetics), 33, 33
Transportation:
construction specifications for, 13
infrastructure ground improvement methods, 3–4
roadway construction:

geosynthetics in, 382. See also Geosynthetic-reinforced roads
subgrade and base options for, 10

Trench drains, 186, 187
Triaxial shear test, 21, 22, 23
T-shaped DM columns, 246, 246

U
Unbonded anchor length, 305, 306
Unconfined compression tests, 23, 23
Unconsolidated undrained (UU) tests, 23, 23
Uncontrolled fill, 1
Unit cells (deep replacement), 137, 137–138
Unit weight, 18
Unpaved geosynthetic-reinforced roads, 383
bearing failure, 385
design considerations, 387–389

applied pressure vs. bearing capacity, 388–389
bearing capacity, 388, 388, 389
calibration, 389
quality of base course, 387
stress distribution, 387–388

design example, 393–395
design parameters and procedure, 389–390
load transfer, 383–385, 384
roadway structure, 383, 383

Unreinforced cut-and-fill earth walls, 5, 10, 11
Unreinforced cut-and-fill slopes, 5, 10, 11
Unsteady-state flow (drainage):
capacity of drainage layer, 190–191, 191
steady-state flow vs., 187, 187–188

Uplift force, 176

Upward seepage, 176–177, 177
UU (unconsolidated undrained) tests, 23, 23

V
Vacuum and fill combined preloading, 217
Vacuum preloading, 8, 211–213, 214, 215, 220, 237, 237
Vacuum pressure, consolidation due to, 217
Vane shear test, 45
Vertical drains, 185, 186, 187
construction, 235
equivalent permeability, 219–220, 220
optimum penetration under vacuum preloading, 220
prefabricated, 216, 218, 219, 235, 236
preloading, 218–220, 219, 220
quality control and assurance, 238
types of, 219

Vertical flow, consolidation due to, 215–216
Vertical slip surfaces (geosynthetic-reinforced column-supported

embankments), 355
Vibratory modulus (Evib), 85, 86
Vibro-casing, 133
Vibro-compaction, 6, 73, 104–113
advantages/limitations, 106
applications, 106
area of improvement, 109
basic concept, 104, 105
construction, 112, 113
deep compaction, 106, 107
deep replacement, 135, 135, 142
deep replacement vs., 133
degree and distance of influence, 107, 107–108, 108
densification mechanism, 106, 107
design considerations, 109–110
design examples, 111–112
design parameters and procedure, 110–111
grid pattern and spacing, 109–110
installation process, 106, 107
performance criteria, 109
principles, 106–109
quality control and assurance, 113
suitability, 104, 105, 106
surface compaction, 106, 107
volume change:

with backfill, 108, 108–109
without backfill, 108, 108

Vibro-concrete columns, 7, 134, 135, 136, 142, 164–165, 166–167
Vibro-displacement, 133, 134, 135
Vibro-flotation, 104, 133
Vibro-probe, 133
Vibro-replacement, 133–135, 134, 135
Volume relationships, 21, 21

W
Walls:
anchored, see Ground anchors
Chinese retaining walls, 333
curtain, at excavations, 197
cut, 61, 62
cut-off, at excavations, 197
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Walls: (continued)
defined, 333
earth:

geosynthetic-reinforced, 367
mechanically stabilized, see Mechanically stabilized earth walls
reinforced cut-and-fill, 5, 10, 11
unreinforced cut-and-fill, 5, 10, 11

earth retaining wall analysis, 61–64
Coulomb’s theory, 63, 63–64
lateral earth pressure coefficient, 61, 62
Rankine’s theory, 61–63, 62
and type of wall, 61, 62

excavation for, 297
fill, 61, 62
gravity, 61
micropile, 297
reinforced, 61, 333, 364
retaining wall drainage, 186, 187, 188, 189, 189
sheet pile, 61
soil nailed, see Soil nailing

Wall facing design:
ground anchors, 301, 309
mechanically stabilized earth walls, 364, 374
soil nailing, 326, 327

Wall movement, with ground anchors, 310, 310–311
Water:
detrimental effects of, 173
dewatering, see Dewatering
drainage, see Drainage
filtration, see Filtration
groundwater control, 173
sources of, 173, 174
surface water management, 173, 174

Water flow:
allowable long-term flow rate, 184
hydraulic gradient parallel to slope, 188, 188

maximum height of, 191, 192
and permeability, 25
and slope stability, 55
in soil, 174–177

Bernoulli’s equation, 174–175
flow net, 175–176
pore water pressure, 176
stresses due to seepage, 176–177
uplift force, 176

steady-state:
capacity of drainage layer, 189, 190, 190
unsteady-state flow vs., 187, 187–188

unsteady-state:
capacity of drainage layer, 190–191, 191
steady-state flow vs., 187, 187–188

into a well, 199, 199
Well penetration (dewatering), 202
Well points, 196, 197, 199, 205
Well systems, 8

multiwells, 201, 201, 202
single well, 201
spacing of wells, 202, 202
water flow into a well, 199, 199
well points, 196, 197, 199

Wide-slab effect (geosynthetic reinforcement),
376

X
X-shape columns (deep replacement), 134

Y
Y-shape columns (deep replacement),

134
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